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Book overview

Civil engineers build on or in the earth’s surface. Most of the earth’s land
surface comprises notoriously hazardous geomaterials called ‘unsaturated
soils’. These soils are a hazard to earth structures and earth-supported
structures because on wetting, by rain or other means, they can expand or
collapse with serious consequences for cost and safety. This book puts the
mechanics and engineering of unsaturated soils into a logical framework
for civil engineering analysis and design. It also explains the laboratory and
field testing and research that are the logical basis of this modern approach
to safe construction in these hazardous geomaterials.

This state-of-the-art book is written in four parts as follows:

1. Physical and flow characteristics of unsaturated soils;
2. Collapse, swelling, shear strength and stiffness of unsaturated soils;
3. State-dependent elasto-plastic modelling of unsaturated soils;
4. Field trials and numerical studies in slope engineering of unsatu-

rated soils.

This book is unique because:

• it illustrates the importance of state-dependent soil–water characteristic
curves;

• highlights modern soil testing of unsaturated soil behaviour, including
accurate measurement of total volume changes and the measurement of
anisotropic soil stiffness at very small strains;

• introduces an advanced state-dependent elasto-plastic constitutive
model for both saturated and unsaturated soil;

• demonstrates the power of numerical analysis which is at the heart of
modern soil mechanics;

• studies and simulates the behaviour of loose fills from unsaturated to
saturated states, explains the difference between strain-softening and
static liquefaction, and describes real applications in unsaturated soil
slope engineering;

• includes purpose-designed field trials to capture the effects of two inde-
pendent stress variables, and reports comprehensive measurements of
soil suction, water contents, stress changes and ground deformations in
bare slopes;

• introduces a new conjunctive surface and subsurface transient flow
model for realistically analysing rainfall infiltration in unsaturated soil
slopes, and illustrates the importance of the flow model in slope engi-
neering.
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Preface

Civil engineers build on or in the earth’s surface. Most of the earth’s land
surface comprises notoriously hazardous geomaterials called ‘unsaturated
soils’. These soils are a hazard to earth structures and earth-supported
structures because on wetting, by rain or other means, they can expand or
collapse with serious consequences for cost and safety. This book puts the
mechanics and engineering of unsaturated soils into a logical framework
for civil engineering analysis and design. It also explains the laboratory and
field testing and research that are the logical basis of this modern approach
to safe construction in these hazardous geomaterials.

A search of the Institution of Civil Engineers’ library web site returns
a total of 462 titles of books, conference proceedings and articles on ‘soil
mechanics’. A search for ‘unsaturated soil mechanics’, however, returns only
66 titles, or just over 14 per cent of the total. Of these only two of the
titles are text books. This is in spite of the fact that most of the soils on our
planet’s land surface are unsaturated. The small proportion of unsaturated
soil titles is hardly surprising, however. This is because post-Terzaghi soil
mechanics had its origins in northern Europe and North America where
soils involved in civil engineering construction are mainly saturated or near-
saturated. So naturally the science developed on the (simplified) assumption
of saturation.

With the rapid development, however, of China, India, Central and South
America, and Africa (covering regions where foundation soils are rarely
saturated near the surface), geotechnical engineers can no longer ignore the
complication of unsaturated soils and the challenges they present. Accord-
ingly, the international geotechnical community has responded. Since the
7th International Conference on Expansive Soils held in Dallas, USA, in
1992, there have been over 10 major conferences or workshops up to and
including the 3rd International Conference on Unsaturated Soils (UNSAT,
2002) held in Recife, Brazil, in 2002, plus the 4th International Confer-
ence on Unsaturated Soils held in Carefree, Arizona in 2006 (the interna-
tional conferences are convened at 4 yearly intervals). These conferences



 

Preface xv

have brought into the public domain the results of research conducted
mainly at universities. But the teaching at universities of unsaturated soil
mechanics and engineering is still relatively rare and when covered is con-
fined mainly to post graduate courses including short courses for continuing
professional development. Part of the problem of teaching the subject is the
lack of up-to-date textbooks. There are two books as mentioned above.
There is the classic text Soil Mechanics for Unsaturated Soils by Fredlund
and Rahardjo (1993) which starts from the concepts of agronomy and
soil science and moves on to unsaturated soil mechanics, based mainly on
the Mohr–Coulomb failure criterion, and the problems of unsaturated soil
slopes. Also, there is the more recent text Unsaturated Soil Mechanics by Lu
and Likos (2004) which concentrates more on flow in unsaturated soils. Both
books are excellent and are major aids to the teaching of unsaturated soil
mechanics.

Based on our teaching, research and test equipment development, par-
ticularly at Hong Kong University of Science and Technology and at GDS
Instruments, we felt, however, that there was a need for a third text
book – one where modern soil testing of unsaturated soil behaviour, includ-
ing measurement of the state-dependent soil–water characteristic curve
(SDSWCC) and anisotropic soil stiffness, is highlighted; where constitu-
tive modelling, which is at the heart of modern soil mechanics, is cen-
tral and its’ power in numerical analysis demonstrated; and where real
applications in unsaturated soil slope engineering field trials are described.
Accordingly, we wrote this state-of-the-art book which is in four parts as
follows:

• Part 1: Physical and flow characteristics of unsaturated soils;
• Part 2: Collapse, swelling, strength and stiffness of unsaturated soils;
• Part 3: State-dependent elasto-plastic modelling of unsaturated soils;
• Part 4: Field trials and numerical studies in slope engineering of unsat-

urated soils.

Each part is prefaced with a frontispiece of images that represent the content
of that part. The images are then followed by synopses of each chapter in
that part. These synopses give overviews of each chapter and explain how
they enhance geotechnical knowledge. The reader can immediately judge
from this the benefit to be gained by looking into a particular part or
chapter.

This state-of-the-art book is unique because it illustrates the importance of
state-dependent soil–water characteristic curves and how to measure them,
describes how to measure small-strain anisotropic soil stiffness, develops
state-dependent elasto-plastic constitutive modelling as well as conjunctive
modelling of rain infiltration, and studies the behaviour of loose fills from



 

xvi Preface

unsaturated to saturated states. A major part of the book addresses the
hugely challenging geotechnical problem of unsaturated soil slope stability.

This state-of-the-art book was written at Churchill College, Cambridge
where Charles Ng was Overseas Fellow in 2005. The book is dedicated to
Prof. Delwyn G. Fredlund, unsaturated soil mechanics pioneer.

Charles W.W. Ng and Bruce Menzies
Churchill College, Cambridge, 2005
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Part 1 Frontispiece

Images that represent the content of this Part 1: (a) Major landslide in July 2003 along the
route of the Three Gorges Dam; (b) Components of modified one-dimensional volumetric
pressure plate extractor (Ng and Pang, 2000b); Assembled modified one-dimensional
volumetric pressure plate extractor (Ng and Pang, 2000b).
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Chapter synopses

Chapter 1: Basic physics, phases and stress state variables

Unsaturated soils, which are the majority of surface or near-surface soils on
the earth’s land surface, are introduced together with their characteristic of
partial saturation giving rise to pore air as well as pore water and hence an
air–water interface forming a contractile skin. The importance of stress state
variables in defining the engineering behaviour of strength, deformability
and transient flow is discussed and the selection of the two independent
stress state variables (net normal stress and matric suction) is explained. The
associated physics of surface tension and cavitation (and how to avoid it) are
described. The case is made that saturated soil is a simplified special case of
unsaturated soil and so there are fundamental differences between the two
in terms of classification and analysis methods. This important distinction
has major implications for practising civil engineers.

Chapter 2: Measurement and control of suction: methods
and applications

The measurement and importance of soil suction is highlighted. Principles
and limitations of measurement methods are explained including the axis-
translation, osmotic and humidity control techniques. A new and simple
accurate volume-change measurement system for unsaturated soil is intro-
duced and explained. Examples of using different control techniques are
provided. Shear strengths measured by the axis-translation and osmotic tech-
niques are compared. Various laboratory and in situ suction measurement
devices are considered. A case study comparing in situ suction measurements
using different sensors is described. Now the civil engineer has a wide array
of modern sensors that can measure unsaturated soil suctions.

Chapter 3: Flow laws, seepage and state-dependent
soil–water characteristics

Flow laws for the seepage of air and water through saturated and
unsaturated soil are reviewed. Hydraulic parameters and properties are
introduced and explained including the soil–water characteristic curve
(SWCC) as well as permeability functions for carrying out transient seepage
analysis in unsaturated soil. A new and advanced concept of the state-
dependent soil–water characteristic curve (SDSWCC) is introduced to define
the capacity of an unsaturated soil to store and release water at different
stress states. Experimental techniques and theoretical means of defining and
measuring the SDSWCC are introduced. The influence of various hydraulic
properties and rainfall conditions on the rainfall infiltration mechanism in
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both single and two-layer unsaturated soil systems is revealed by an ana-
lytical parametric study. This demonstrates that the infiltration process and
pore water pressure response are primarily controlled by rainfall infiltra-
tion rate, desaturation coefficient and saturated water permeability. Also
the influence of antecedent infiltration rate is revealed.



 

Chapter 1

Basic physics, phases and stress
state variables

Sources

This chapter is made up of verbatim extracts from the following sources
for which copyright permissions have been obtained as listed in the
Acknowledgements.

• Fredlund, D.G. (1996). The Emergence of Unsaturated Soil Mechanics.
The Fourth Spencer J. Buchanan Lecture, College Station, Texas, A & M
University Press, 39 pp.

• Fredlund, D.G. and Rahardjo, H. (1993). Soil Mechanics for Unsatu-
rated Soils. John Wiley, New York, 517 pp.

• Houlsby, G.T. (1997). The work input to an unsaturated granular mate-
rial. Géotechnique, 47, 1, 193–196.

• Marinho, F.A.M. and de Sousa Pinto, C. (1997). Soil suction measure-
ment using a tensiometer. Proc. Conf. on Recent Developments in Soil
and Pavement Mechanics, Almeida, ed., pp. 249–254.

• Marinho, F.A.M. (1995). Cavitation and the direct measurement of
soil suction. Proc. Conf. on Unsaturated Soils, Paris, E.E. Alonso and
P. Delage, eds., Balkema, Rotterdam, pp. 623–630.

• Pearsall, I.S. (1972). Cavitation. Mills and Boon, London.
• Young, R.F. (1989). Cavitation. McGraw-Hill, London.

Introduction (Fredlund, 1996)

As pointed out by Fredlund and Rahardjo (1993), classical soil mechanics
and geotechnical engineering have been often taught with an implicit
assumption that soil is either dry (0 per cent saturation) or saturated (100
per cent saturation). Soil behaviour, it is argued, is governed solely by Terza-
ghi’s effective stress principle (Terzaghi, 1936a,b). In fact, dry and saturated
states are just two extreme and limiting conditions of a soil. In other words,
dry and saturated conditions are just two special cases of an unsaturated
(i.e. not-saturated) soil which has a degree of saturation that lies between 0
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and 100 per cent. In many engineering problems, however, a soil is often
neither saturated nor dry. Relatively, limited research has been conducted
on unsaturated soils and only two textbooks have been published on the
subject. Clearly, there is an urgent need to improve the understanding of
the behaviour and mechanics of an unsaturated soil.

For convenience, the general field of classical soil mechanics is often
subdivided into that portion dealing with saturated soils and that portion
dealing with unsaturated soils. Although this artificial division between
saturated and unsaturated soils can be shown to be unnecessary, it may still
be helpful to make use of the knowledge gained from saturated soils as a
reference and then to extend it to the broader unsaturated world as shown
in Figure 1.1, which provides a visual aid for the generalized world of soil
mechanics (Fredlund, 1996). For simplicity, this world of soil mechanics is
divided by the water table. Below the water table, soil behaviour is governed
by effective stress �� − uw�, whereas the unsaturated soil above the water
table is governed by two independent stress variables, net normal stress
�� −ua� and matric suction �ua −uw� (Jennings and Burland, 1962; Fredlund
and Morgenstern, 1977). Focusing on the soil above the water table, it
may be useful to categorize the soil according to its degree of saturation as
shown in Figure 1.2. Instead of a two-phase material (i.e. solid and water)
when a soil is saturated, an unsaturated soil is recognized by Fredlund and
Morgenstern (1977) to have four phases [i.e. solid, water, air and an air–
water interface called contractile skin (Paddy, 1969)]. It is obvious that the
behaviour of an unsaturated soil is more complex than a saturated soil. It
is the intention of this book to simplify the complexities of an unsaturated
soil to a digestible level for students and practising engineers.

Net normal stress
(σ – ua)

Matric suction
(ua – uw)

Saturated soil mechanics

Unsaturated soil mechanicsNegative pore-water
pressures

Positive pore-water
pressures

(σ – uw)
Effective stress

Figure 1.1 A visualization aid for the generalized world of soil mechanics
(Fredlund, 1996).
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Unsaturated soil

Saturated soil

Capillary fringe

Two fluid
phases

– Solids
– Water
– Air

Legend

Dry soil

Figure 1.2 Categorization of soil above the water table based on the variation in
degree of saturation (Fredlund, 1996).

The vadose zone

According to the representation in Figure 1.1, the geotechnical world is
divided by a horizontal line representing the groundwater table. Below
the water table, the pore water pressures will be positive and the soil
will, in general, be saturated. Above the water table, the pore water pres-
sure will, in general, be negative with respect to the atmospheric pres-
sure (i.e. gauge pressure). The entire soil zone above the water table is
called the vadose zone (see Figure 1.3). Immediately above the water table
there is a zone called the capillary fringe where the degree of saturation
approaches 100 per cent. This zone may range from less than 1 m to
approximately 10 m in thickness, depending upon the soil type (Fredlund,
1996). Inside this capillary zone, water phase may be assumed to be con-
tinuous whereas air phase is generally discontinuous. Above this capillary
zone, a two-phase zone may be identified in which both the water and
air phases may be idealized as continuous. Inside this zone, the degree
of saturation may vary from about 20 to 90 per cent, depending on soil
type and soil state. Above this two-phase zone, the soil becomes dryer and
the water phase will be discontinuous whereas the air phase will remain
continuous.
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– Discontinuous water
 phase

– Air filling most voids

– Continuous water phase – Continuous air phase

– Water filling most voids – Discontinuous air phase

– Water filling the voids – Air in a dissolved state

Dry soil

Two fluid phases

Capillary fringe

Unsaturated soil

Saturated soil

Figure 1.3 A visualization of saturated/unsaturated soil mechanics based on the nature
of the fluid phases (Fredlund, 1996).

Climate changes and the vadose zone

The location of the groundwater table is strongly influenced by climatic
conditions in a region. If the region is arid or semi-arid, the groundwater
table is slowly lowered with time (i.e. may be geologic time scale). If the
climate is temperate or humid, the groundwater table may remain quite
close to the ground surface. It is the difference between the downward flux
(i.e. precipitation) and the upward flux (i.e. evaporation and evapotranspi-
ration) which determines the location of the groundwater table (refer to
Figure 1.4).

Regardless of the degree of saturation of the soil, the pore water pressure
profile will come to equilibrium at a hydrostatic condition when there is
zero net flux from the ground surface. If moisture is extracted from the
ground surface (e.g. by evaporation), the pore water pressure profile will
be drawn to the left. If moisture enters at the groundwater surface (e.g. by
infiltration), the pore water profile will be drawn to the right.

A net upward flux produces a gradual drying, cracking and desiccation of
a soil mass, whereas a net downward flux eventually saturates a soil mass.
The depth of the water table is influenced, amongst other things, by the net
surface flux. A hydrostatic line relative to the groundwater table represents
an equilibrium condition where there is no flux at ground surface. During
dry periods, the pore water pressures become more negative than those
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Total stress

Pore-air
pressures

Evaporation Evapotranspiration Precipitation

Unsaturated
soil

Saturated soil

Hydrostatic

Upward flux

Downward
flux

Negative
pore-water pressures

Positive
pore-water
pressures

Capillary fringe

Figure 1.4 A visualization of soil mechanics showing the role of the surface flux boundary
condition (Fredlund, 1996).

represented by the hydrostatic line. The opposite condition occurs during
wet periods.

Grasses, trees and other plants growing on the ground surface dry the
soil by applying a tension to the pore water through evapotranspiration
(Dorsey, 1940). Most plants are capable of applying 1–2 MPa (10–20 atm)
of tension to the pore water prior to reaching their wilting point (Taylor and
Ashcroft, 1972). The tension applied to the pore water acts in all directions,
and can readily exceed the lateral confining pressure in the soil. When
this happens, a secondary mode of desaturation commences (i.e. cracking).
Evapotranspiration also results in the consolidation and desaturation of the
soil mass.

Over the years, a soil deposit is subjected to varying and changing envi-
ronmental conditions. These produce changes in the pore water pressure
distribution, which in turn result in shrinking and swelling of the soil deposit.
The pore water pressure distribution with depth as shown in Figure 1.4 can
take on a wide variety of shapes as a result of environmental changes.

There are many complexities associated with the vadose zone because of
its fissured and fractured nature. Traditionally, the tendency in geotechnical
engineering has been to avoid or grossly simplify the analysis of this zone, if
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possible. However, in many cases it is an understanding of this zone which
holds the key to the performance of an engineered structure. Historically,
classical seepage problems involved a saturated soil where the boundary
conditions consist of either a designated head or zero flux. However, the real
world for the engineer often involves a ground surface, where there may be a
positive or negative flux condition. Geoenvironmental problems have done
much to force the engineer to give consideration of saturated/unsaturated
transient seepage analyses with flux boundary conditions. The improved
computing capability available to the engineer has assisted in accommodat-
ing these changes (Fredlund, 1996).

Most of the man-made structures are located on the surface of the earth
and as such will have an environmental flux boundary condition. This is the
case for a highway where the soil of the embankment and subgrade have an
initial set of conditions or stress states. These conditions will change with
time primarily because of environmental and climatic (or surface moisture
flux) changes. The foundations for light structures are likewise generally
placed well above the groundwater table where the pore water pressures are
negative. In fact, most of the light engineered structures of the world are
placed within the vadose zone which is affected strongly by climate changes.

One of the characteristics of the upper portion of the vadose zone is its
ability to slowly release water vapour to the atmosphere at a rate depending
on the permeability of the intact portions of soil. At the same time, down-
ward flow of water can occur through fissures under a gradient of unity.
There appears to be no impedance to the inflow of water until the soil
swells and the mass becomes intact, or until the fissures and cracks filled
with water.

A common misconception is that water can always enter the soil at the
ground surface. However, if the soil is intact, the maximum flux of water
at the ground surface is equal to the saturated coefficient of permeability of
the soil. This value may be extremely low. If the ground surface is sloping
and the top soil layers are fissured or cracked, the surface layer can become
saturated more easily and it will have a higher coefficient of permeability
than the underlying soil. As a result, water runs down the top layers of soil
on the slope, and may not enter the underlying intact soil.

Some common unsaturated soils

A large portion of the world population is found in the arid regions of the
world where the groundwater table is deep because the annual evaporation
from the ground surface in these regions exceeds the annual precipitation.
There appears to be a strong correlation between the arid regions and the
population density (Figure 1.5). The 10�–40� window of the world is defined
by +10� and +40� latitude north and 10� and 40� longitude. This window
contains approximately 3.1 billion people or 60 per cent of the population
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Extremely arid

Arid

Semi-arid

75°

60°

30°

0°

90° 60° 30° 0° 30° 60° 90° 120° 150°

Figure 1.5 Map showing extremely arid, arid and semi-arid areas of the world (Meigs,
1953; Dregne, 1976; after Fredlund, 1996).

of the world and also contains 60 per cent of the countries of the world
(Dregne, 1976; Fredlund, 1996).

Among many types of unsaturated soils, some are notorious and prob-
lematic for engineers. Some examples are listed as follows:

• Medium to high plastic clays containing a substantial amount of
expansive minerals such as Montmorillonite subjected to a changing
environment have produced the category of materials known as swelling
soils. The shrinkage of the soils may pose an equally severe situation.
Expansive plastic clays are commonly found in Colorado, Texas and
Wyoming of the USA (Chen, 1988), in Hubei, Guangxi and Shandong
of China (Shi et al., 2002; Ng et al., 2003), in Alberta and Saskatchewan
of Canada (Chen, 1988; Fredlund and Rahardjo, 1993), in Madrid of
Spain and in Gezara, Blue Nile and Kasalla of Sudan (Chen, 1988). A
summary of some problematic unsaturated soils is given in Table 1.1.

• Loess soils often undergo collapse when subjected to wetting, and pos-
sibly a loading environment. They are commonly found in Missouri,
Nebraska and Wisconsin of the USA (Dudley, 1970; Handy, 1995), in
Gansu, Ningxia and Shanxi of China (Liu, 1988), and in Kent, Sussex,
and Hampshire in the United Kingdom (Jefferson et al., 2001).

• Residual and saprolitic soils located above groundwater table, particu-
larly at many hillsides in Brazil, Portugal and in the Far East such as
Hong Kong and Malaysia.
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Apart from natural and geological processes, man-made activities such as
excavation, remoulding and recompacting may also lead to the desaturation
of saturated soils and hence the formation of unsaturated soils. These natural
and man-made materials are difficult to be considered and understood,
particularly where volume changes are concerned, within the framework of
classical saturated soil mechanics.

The drier climatic regions have become increasingly aware of the unique-
ness of their regional soil mechanics problems. In recent years there has also
been a shift in emphasis in the developed regions from the behaviour of
engineered structures to the impacts of developments on the natural world.
This shift in emphasis has resulted in greater need to deal with the vadose
zone. There has been an ongoing desire to expand the science dealing with
soil mechanics such that it will also embrace the behaviour of unsaturated
soils. An all-encompassing saturated and unsaturated soil mechanics has
emerged in a number of countries worldwide (Fredlund, 1996).

Definitions of suctions

Soil suction is commonly referred to as the free energy state of soil–water
(Edlefsen and Anderson, 1943), which can be measured in terms of its partial
vapour pressure. From a thermodynamic standpoint, total suction can be
quantitatively described by Kelvin’s equation (Sposito, 1981) as follows:

� = − RT

�w0�v
ln
(

uv

uv0

)
(1.1)

where � is total suction (kPa); R is the universal gas constant [J/(mol·K)];
T is the absolute temperature (K); vw0 is the specific volume of water or the
inverse of the density of water �m3/kg�� �v is the molecular mass of water
vapour (g/mol); uv is the partial pressure of pore-water vapour (kPa); uv0 is
the saturation pressure of water vapour over a flat surface of pure water at
the same temperature (kPa). The term �uv/uv0� is called relative humidity,
RH (per cent).



 

Basic physics, phases and stress state variables 13

Total suction has two components: matric suction �ua –uw� and osmotic
suction �	�, i.e.

� = �ua −uw�+	 (1.2)

A change of total suction is generally caused by a change of RH in the soil.
RH can be reduced due to the presence of a curved water surface produced
by capillary phenomenon, i.e. contractile skin (Fredlund and Rahardjo,
1993). The radius of curvature of the curved water surface is inversely
proportional to the difference between air pressure �ua� and water pressure
�uw� across the surface is called the matric suction.

Osmotic suction is a function of the amount of dissolved salts in the
pore fluid and is expressed in terms of pressure. Alternatively speaking, a
reduction in relative humidity in a pore, due to the presence of dissolved
salts in pore water, is referred to as the osmotic suction. In order to keep
the subject simple in this book, it is not the intention to provide full details
of the definitions and proofs.

Stress state variables

What are stress state variables? According to the International Dictionary
of Physics and Electronics (Michels, 1961), state variables are defined as
follows:

A limited set of dynamical variables of the system, such as pressure,
temperature, volume, etc., which are sufficient to describe or specify the
state of the system completely for the considerations at hand.

Fung (1965) describes the state of a system as that ‘information required for
a complete characterization of the system for the purpose at hand’. Typical
state variables for an elastic body are given as those variables describing the
strain field, the stress field and its geometry. The state variables must be
independent of the physical properties of the material involved.

The stress state variable for saturated soils

An understanding of the meaning of effective stress proves to be valuable
when considering the stress state description for unsaturated soils (Fredlund,
1987). Terzaghi’s (1936a) statement regarding effective stress defined the
stress state variables necessary to describe the behaviour of saturated soils.
He stated:

The stress in any point of a section through a mass of soil can be
computed from the total principal stresses, �1
 �2
 �3, which act at
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this point. If the voids of the soil are filled with water under a stress,
u, the total principal stresses consist of two parts. One part, u, acts in
the water and in the solid in every direction with equal intensity � � �
The balance �1

′ = �1 − u
 �2
′ = �2 − u
 �3

′ = �3 − u, represents an
excess over the neutral stress, u, and it has its seat exclusively in the
soil phase of the soil. All the measurable effects of a change in stress,
such as compression, distortion and a change in shearing resistance are
exclusively due to changes in the effective stress �1

′
 �2
′ and �3

′.

Two aspects of Terzaghi’s statement are of particular interest (Fredlund,
1987). The first assertion of interest is that the pore water pressure ‘acts
in the water and in the solid in every direction’. This becomes meaningful
when the concept of continuous stress fields in continuum mechanics is
applied to a multiphase system. The second assertion of interest is that ‘all
the measurable effects � � � are exclusively due to changes in the effective
stress’.

Possible sets of stress state variables for unsaturated soils

Numerous attempts have been made to extend stress concepts useful for sat-
urated soils, into the unsaturated soil range. Table 1.2 contains a summary
of some common forms of single-valued equations proposed for unsatu-
rated soils. Soil properties can also be identified in all equations. It could
be argued that these equations are constitutive relations and as such ‘fall
short’ of meeting the conditions of a state variable. The difficulties are pri-
marily conceptual in nature, and their adoption gives rise to a deviation
from classical continuum mechanics (Fredlund, 1987). Practical difficulties
have also been encountered in the use of these effective stress equations in
practice.

According to Fredlund (1987), the calling into question of a single-valued
effective stress equation for unsaturated soils in the 1960s can be sum-
marized as follows: Coleman (1962) suggested the use of ‘reduced’ stress
variables ��1 −ua�, ��3 −ua� and �ua −uw� to represent the axial, confining
and pore water pressure, respectively, in triaxial tests. Constitutive relations
for volume change were then formulated using the ‘reduced’ stress vari-
ables. In 1963, Bishop and Blight re-evaluated the use of the single-valued
effective stress equation and stated that a change in matric suction did not
always result in the same change in effective stress. It was also suggested
that volume change laboratory data be plotted in terms of the indepen-
dent stress variables, ��1 −ua� and �ua −uw�. This appears to have initiated
a transition towards utilizing the stress variables in an independent man-
ner. This approach was further reinforced by Blight (1965) and Burland
(1964, 1965).
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Morgenstern (1979) amply summarized the difficulties associated with
the use of the first equation listed in Table 1.2, by saying that the Bishop’s
effective stress equation

� � � proved to have little impact or practice. The parameter � when
determined for volume change behaviour was found to differ when
determined for shear strength. While originally thought to be a function
of the degree of saturation and hence bounded by 0 and 1, experiments
were conducted in which � was found to go beyond these bounds. As
a result, the fundamental logic of seeking a unique expression for the
effective stress independent of degree of saturation has been called into
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question (Fredlund 1973). The effective stress is a stress variable and
hence related to equilibrium considerations alone.

And that it

� � � contains a parameter, �, that bears on constitutive behaviour. This
parameter is found by assuming that the behaviour of a soil can be
expressed uniquely in terms of a single effective stress variable and by
matching unsaturated behaviour with saturated behaviour in order to
calculate �. Normally, we link equilibrium considerations to deforma-
tions through constitutive behaviour and do not introduce constitutive
behaviour directly into the stress variable.

Of course, his above comments would also apply to other single-valued
equations listed in Table 1.2.

Many subsequent authors have found that while it is relatively easy to
relate the shear strength of unsaturated soil to a single stress parameter
involving �
 ua and uw, the volumetric behaviour is not controlled by the
same stress parameter or by any other single stress variable. In particu-
lar, it has proved impossible to represent the complex pattern of wetting-
induced swelling and collapse in terms of a single effective stress (Wheeler
and Karube, 1995) as shown in Figure 1.6. With each of these proposed
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Figure 1.6 Volume change observed during wetting tests on compacted kaolin
(Wheeler and Sivakumar, 1995).
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definitions of effective stress so far, it is however impossible to represent
some of the most fundamental features of unsaturated soil behaviour such
as the correct pattern of swelling and collapse on wetting. Recently some
researchers such as Molenkamp and Nazemi (2003) and Li (2003) have
shown that the inter-particle forces caused by meniscus water bridges would
be in static equilibrium with a set of externally applied stresses. However,
application of these external stresses would never produce the same set of
inter-particle forces (statically indeterminate system) (Wheeler, 2006).

It seems unlikely that it will ever be possible to devise a satisfactory
definition of a single effective stress for unsaturated soil. The reason for
this is that suction within the pore water and external stress applied to
the boundary of a soil element act in qualitatively different ways on the
soil skeleton, as noted by Jennings and Burland (1962), and hence these
two stresses cannot be combined in a single effective stress parameter. This
qualitative difference in the mode of action of suction and external stress
is not taken into account in the method of mixtures, which has been used
by some authors in attempts to derive a single effective stress expression
(Wheeler and Karabe, 1995).

As an example of the different modes of action of suction and external
stress, consider the idealized case shown in Figure 1.7 of an unsaturated soil
made up of spherical soil particles, with the pore air at atmospheric pres-
sure and the pore water at negative pressure within menisci at the particle
contacts (Wheeler and Karube, 1995). External total stress, �, applied to
the boundary of a soil element containing many particles will produce both
normal and tangential forces at particle contacts, even if the external stress
state is isotropic. Of course, the effectiveness of � will be influenced by the
presence of bulk water inside soil pores. If the external stress is increased
sufficiently, the tangential forces at particle contacts can cause inter-particle
slippage and plastic strains (this is why soils, unlike most metals, undergo
plastic volumetric strains if loaded beyond a pre-consolidation pressure).
In contrast, the capillary effect due to meniscus water arising from suction
within the menisci produces only an increase in the normal forces at particle
contacts.

For any stress variable(s) to capture essential features of unsaturated soil
behaviour, two different influences of suction on the mechanical behaviour
(refer to Figure 1.8) must be fully recognized:

• Suction modifies the skeleton stresses both normal and tangential of an
unsaturated soil through changing the average bulk pore fluid pressure
inside its pores;

• Suction provides an additional normal bonding force (stabilising effects)
at the particle contacts, attributed to capillary phenomena occurring in
the water menisci or contractile skin.



 

Nσ = normal component of inter-granular force due to external stress
Tσ = tangential component of inter-granular force due to external stress
Ns = inter-granular force due to suction

Tσ

Nσ Ns

ua = 0 uw < 0

Figure 1.7 Influence of external stress and suction on inter-particle forces (Wheeler
and Karube, 1995).

Miniscus
water

Bulk waterAir

Figure 1.8 Two forms of liquid water in an unsaturated soil (Wheeler and Karube,
1995; Wheeler, 2006).
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It is important to realize that, for these two different mechanisms, two
independent stress variables are therefore required. It is known that the
effects of suction are influenced by the degree of saturation of the soil. The
relative area over which the water and air pressures act depends directly on
the degree of saturation (the percentage of pore voids occupied by water),
but the same parameter also affects the number and intensity of capillary-
induced inter-particle forces (Gallipoli et al., 2003).

In 1977, Fredlund and Morgenstern suggested the use of any two of
three possible stress variables, �� −ua�, �� −uw� and �ua −uw�, to describe
mechanical behaviour of unsaturated soils. The possible combinations are:

(1) �� −ua� and �ua −uw�,
(2) �� −uw� and �ua −uw�,
(3) �� −ua� and �� −uw�.

The most common choice is to use net stress �� − ua� and matric suction
�ua −uw� as the two independent stress state variables. This approach, which
was first used by Coleman (1962), has formed the main basis for develop-
ment in constitutive modelling of unsaturated soils during the last 30 years
(Wheeler and Karube, 1995). However, Houlsby (1997) reported perhaps
the most convincing theoretical derivations and justifications of the need of
two stress state variables for describing the behaviour of unsaturated soils.
The theoretical derivations and justifications are based on the consideration
that the rate of input work to the soil is equal to the sum of the prod-
ucts of the stresses with their corresponding strain rates. It should be noted
that if the finite compressibilities of the soil grains and pore fluid are to be
included, more than two stress state variables may be needed to model the
behaviour of unsaturated soils fully.

It is worth considering the merits of selecting �� −ua� and �ua −uw� as stress
state variables, rather than �� −uw� and �ua −uw�. The former combination
has the advantage that the pore air pressure ua is zero in many practical
situations, so that net stress and matric suction simplify to total stress
and negative pore water pressure respectively. In addition, the pore water
pressure, which is commonly negative, is often very difficult to measure.
This leads to uncertainty in the value of only one stress state variable if
�� −ua� and �ua −uw� are selected, but uncertainty in the values of both stress
state variables if �� − uw� and �ua − uw� are chosen. A counter argument
in favour of the combination of �� − uw� and �ua − uw� is however that
this choice leads to a slightly easier transition to fully saturated conditions
(although it does not solve all the problems associated with this transition
(Wheeler and Karube, 1995). Thus, �� − ua� and �ua − uw� are chosen to
be the most satisfactory combination from a practical analysis standpoint
(Fredlund, 1987).
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Several new combinations of two stress state variables have recently been
proposed by Wheeler et al. (2003) and Gallipoli et al. (2003), as modifi-
cations to net stress �� −ua� and matric suction �ua −uw�. They are mainly
in an attempt to account for the influence of degree of saturation on soil
behaviour directly. This is vital because of the occurrence of hydraulic
hysteresis in the state-dependent soil–water characteristic curve (SDSWCC)
(Ng and Pang, 2000a,b) or the state-dependent water retention curve dur-
ing drying and wetting processes. Merits and shortcomings of these new
complex stress state variables are discussed by Wheeler et al. (2003) and
Gallipoli et al. (2003). Moreover, a critical state model for unsaturated soils
has been recently published based on two independent stress state variables
that appears to overcome some of the limitations of some previous models
(Sheng et al., 2007).

Summary of the position on stress state variables

In spite of the many ingenious attempts to find a general expression for
effective stresses, it is time to conclude that the description of the full range
of behaviour of unsaturated soils requires the simultaneous use of at least
two stress state variables to describe the effects of meniscus water and bulk
water separately (Figure 1.8). However, in order to avoid too much com-
plexity for engineering applications, the use of the two simple independent
stress state variables, �� −ua� and �ua −uw�, holds perhaps more promise for
geotechnical engineers. Although these two simple independent stress state
variables have some limitations, there are convincing experimental verifica-
tions and theoretical derivations in support of them in general (Houlsby,
1997). Formulations for some engineering analyses using these two indepen-
dent stress state variables have been published (Alonso et al., 1990; Wheeler
and Sivakumar, 1995; Chiu and Ng, 2003).

Four-phase materials (Fredlund and Rahardjo, 1993)

Introduction

Fredlund and Rahardjo (1993) point out that an unsaturated soil is com-
monly referred to as a three-phase system. These phases are:

• air
• water
• solid

However, recent research results have realized the important role of the
air–water interface (i.e. the contractile skin) which should be warranted as
an additional phase when considering certain physical mechanisms. This is
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because when the air phase is continuous, the contractile skin interacts with
the soil particles and provides an influence of the mechanical behaviour of
soil. An element of unsaturated soil with a continuous air phase is idealized
in Figure 1.9.

The mass and volume of each phase can be schematically represented by
a phase diagram as shown in Figure 1.10.

The thickness of the contractile skin is in the order of only a few molecular
layers. Therefore the physical subdivision of the contractile skin is considered
as part of the water phase without any significant error. A simplified three-
phase diagram is used when referring to the summation of masses and
volumes of all soil particles.

Contractile skin
(Air–water interface)

Water

Soil particleAir

Figure 1.9 An element of unsaturated soil with a continuous air phase (after Fredlund
and Rahardjo, 1993).
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Figure 1.10 Rigorous and simplified phase diagrams for an unsaturated soil. (a) Rigorous
four-phase unsaturated soil system; (b) simplified three phase diagram (after
Fredlund and Rahardjo, 1993).
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Surface tension (Fredlund and Rahardjo, 1993)

The air–water interface (i.e. contractile skin) possesses a property called
surface tension. Surface tension results from the inter-molecular forces which
are different from those that act on molecules in the interior of the water,
as shown in Figure 1.11.

A molecule in the interior of the water experiences equal forces in all
directions, which means there is no unbalanced force. A water molecule
within the contractile skin experiences an unbalanced force towards the
interior of the water. In order for the contractile skin to be in equilibrium,
a tensile pull is generated along the contractile skin. The property of the
contractile skin that allows it to exert a tensile pull is called its surface
tension, Ts. Surface tension is measured as the tensile force per unit length
of the contractile skin (i.e. units of N/m). Surface tension is tangential to the
contractile skin surface. Its magnitude decreases as temperature increases.
Table 1.3 gives surface tension values for the contractile skin at different
temperatures (Kaye and Laby, 1973).

The surface tension causes the contractile skin to behave like an elastic
membrane (Figure 1.12). This behaviour is similar to an inflated balloon
which has a greater pressure inside the balloon than outside. If a flexible
two-dimensional membrane is subjected to different pressures on each side,
the membrane must assume a concave curvature towards the larger pressure
and exert a tension in the membrane in order to be in equilibrium. The
pressure difference across the curved surface can be related to the surface
tension and the radius of curvature of the surface by considering equilibrium
across the membrane.

The pressures acting on the membrane are u and �u+u�. The membrane
has a radius of curvature of Rs and a surface tension, Ts. The horizontal

Molecule at the 
air–water interface
(i.e. contractile skin)

Molecule in the
interior water

(a) (b)

Ts Ts

Rs Rs

u + Δu

u

β

β β

β

Figure 1.11 Surface tension at the air–water interface. (a) Inter-molecular forces on con-
tractile skin and water; (b) pressures and surface tension acting on a curved
two-dimensional surface (after Fredlund and Rahardjo, 1993).
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Table 1.3 Surface tension of contractile skin i.e. air–water
interface (from Kaye and Laby, 1973; after Fredlund and
Rahardjo, 1993)

R2

R1

Ts

Ts

Ts

Ts

O

Figure 1.12 Surface tension on a warped membrane (after Fredlund and
Rahardjo, 1993).

forces along the membrane balance each other. Force equilibrium in the
vertical direction requires that

2Ts sin � = 2uRs sin � (1.3)
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where 2Rs sin � is the length of the membrane projected onto the horizontal
plane. Rearranging the above equation gives

u = Ts

Rs
(1.4)

The above equation gives the pressure difference across a two-dimensional
curved surface with a radius, Rs, and a surface tension, Ts. For a warped or
saddle-shaped surface (i.e. three-dimensional membrane),

u = Ts

(
1
R1

+ 1
R2

)
(1.5)

where R1 and R2 are radii of curvature of a warped membrane in two
orthogonal principal planes.

If the radius of curvature is the same in all directions (i.e. R1 and R2 are
equal to Rs�, The immediate above equation becomes

u = 2Ts

Rs
(1.6)

In an unsaturated soil, the contractile skin would be subjected to an air
pressure, ua, which is greater than the water pressure, uw. The pressure
difference �ua − uw�, is referred to as matric suction. The pressure differ-
ence causes the contractile skin to curve in accordance with the immediate
equation:

�ua −uw� = 2Ts

Rs
(1.7)

where �ua −uw� is matric suction or the difference between pore air and pore
water pressures acting on the contractile skin. This equation is referred to as
Kelvin’s capillary model equation. As the matric suction of a soil increases,
the radius of curvature of the contractile skin decreases. The curved contrac-
tile skin is often called a meniscus. When the pressure difference between
the pore air and pore water goes to zero, the radius of curvature, Rs, goes to
infinity. Therefore, a flat air–water interface exists when the matric suction
goes to zero.

Cavitation (Young, 1989; Marinho, 1995; Marinho
and de Sousa Pinto, 1997)

Overview

Young (1989) points out that the pore water in soils can sustain very high
negative pressures (suctions), and it is possible to estimate this pressure using
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many different indirect methods (Marinho and Chandler, 1995). However,
attempts to measure directly suction greater than one atmosphere are often
unsuccessful until recently, due to cavitation in the measuring system. It is
recognized that water has a high tensile strength, and this characteristic is in
conflict with the phenomenon of cavitation observed in measuring systems.
The lack of inter-communication between the various sciences involved in
measuring negative gauge pressure in liquids has delayed the development
of direct suction measurement system for soils and the understanding of the
behaviour of unsaturated soils, which generally have negative gauge pore
water pressures.

Definitions

Young (1989) reports that cavitation is the formation and activity of bubbles
(or cavities) in a liquid. Here the word ‘formation’ refers, in a general sense,
both to the creation of a new cavity or to the expansion of a pre-existing
one to a size where macroscopic effects can be observed. These bubbles may
be suspended in the liquid or may be trapped in tiny cracks either in the
liquid’s boundary surface or in solid particles suspended in the liquid.

The expansion of the minute bubbles may be affected by reducing the
ambient pressure by static or dynamic means. The bubbles then become large
enough to be visible to the unaided eye. The bubbles may contain gas or
vapour or a mixture of both gas and vapour. If the bubbles contain gas, then
the expansion may be by diffusion of dissolved gases from the liquid into
the bubble, or by pressure reduction, or by temperature rise. If, however, the
bubbles contain mainly vapour, reducing the ambient pressure sufficiently
at essentially constant temperature causes an ‘explosive’ vaporization into
the cavities which is the phenomenon that is called cavitation, whereas
raising the temperature sufficiently causes the mainly vapour bubbles to
grow continuously producing the effect known as boiling. This means that
‘explosive’ vaporization or boiling do not occur until a threshold is reached.

There are thus four ways of inducing bubble growth (Young, 1989):

• For a gas-filled bubble, by pressure reduction or increase in temperature.
This is called gaseous cavitation.

• For a vapour-filled bubble, by pressure reduction. This is called
vaporous cavitation.

• For a gas-filled bubble, by diffusion. This is called degassing as gas
comes out of the liquid.

• For a vapour-filled bubble, by sufficient temperature rise. This is called
boiling.

The situation is complicated because the bubble usually contains a mixture
of gas and vapour.
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Cavitation inception and nuclei

Pearsall (1972) observes that in theory, a liquid will vaporize when the
pressure is reduced to its vapour pressure. In practice, the pressure at which
cavitation starts is greatly dependent on the liquid’s physical state. If the
liquid contains much dissolved air, then as the pressure is reduced the air
comes out of solution and forms cavities in which the pressure will be greater
than the vapour pressure of the liquid. Even if there are no visible air bubbles,
the presence of submicroscopic gas bubbles may provide nuclei which cause
cavitation at pressures above the vapour pressure. Each cavitation bubble
grows from a nucleus to a finite size and collapses again, the entire cycle
taking place perhaps within a few milliseconds. Bubbles may follow each
other so rapidly that they appear to the eye to form a single continuous
bubble.

In the absence of nuclei, the liquid may withstand negative pressures or
tensions without undergoing cavitation. In theory, a liquid should be able to
withstand tensions equivalent to thousands of atmospheres. It is estimated
that water, for example, will withstand a tension ranging from 500 to
10,000 atmospheres (Harvey et al., 1947). In practice, even when water has
been subjected to rigorous filtration and pre-pressurized to several hundred
atmospheres, it has ruptured at tensions of 300 atmospheres. According to
Plesset (1969), water without nuclei theoretically will withstand tensions
of 15,000 atmospheres, but the probability of this happening is low unless
the bubbles are of molecular dimensions. However, when solid non-wetted
nuclei of size 10−8 cm are present, it is likely that water will rupture at
tensions of the order of tens of atmospheres. It follows from this that it
should be possible to raise water under vacuum to a height greater than that
corresponding to atmospheric pressure. This has actually been achieved by
pre-pressurizing the liquid (Hayward, 1970).

Physics of pore water under tension in unsaturated soils

Marinho and Chandler (1995) observe that measurement of matric suction,
using a tensiometer, requires the water inside the measuring system to be at
the same value of tensile stress as the soil pore water, and this may induce
cavitation inside the system. In soil suction measurement, cavitation is the
result of pressure reduction and has the effect that, after cavitation has
occurred, the pressure measured will be approximately equal to the pressure
of gas in the system. This is probably why the belief that it is impossible to
measure suction greater than l atmosphere.

The conditions under which a liquid with a flat liquid–gas interface (free
water) will vaporize are given by the vapour pressure–temperature curve for
that particular liquid. However, if the liquid–gas interface is not flat, as in
the case of a vapour cavity (bubbles) in a liquid, it is possible to reach a
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Figure 1.13 Phase diagram for a simple substance (after Marinho and Chandler, 1995).

state normally associated with the vapour phase without the vapour phase
developing (Apfel, 1970).

A phase diagram for a simple substance, as shown in Figure 1.13 indicates
the regions where under a given pressure and temperature combination, the
substance is in the solid, liquid or vapour phase. The substance at point
A would be a vapour. However, under certain circumstances it is possible,
starting from A1, to reduce the pressure and reach A, at a pressure lower
than the vapour pressure, and for the substance to remain in liquid. In the
same way, it is possible to go from A2 to A remaining a liquid. When the
phase boundary is crossed without the substance changing phase, the phase
boundary is said to have been transgressed. If transgression has occurred,
the system is said to be in a metastable state (Apfel, 1970). Water under
tension is in a metastable condition and this metastability can be destroyed
if nucleation occurs. Nucleation is the formation of vapour cavities within
the liquid itself or at their boundaries (Trevena, 1987).

Cavitation in a metastable liquid can result from two types of nucleation:
nucleation in the pure liquid, and nucleation caused by impurities in the
liquid. Impurities can be other pure substances, solid impurities or even
radiation acting on the liquid. Nucleation within a pure liquid is called
‘homogeneous’ nucleation and nucleation due to impurities is called ‘het-
erogeneous’ nucleation. Heterogeneous nucleation is more common, and
it is responsible for most cavitation which occurs in suction measurement
systems.
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How to avoid cavitation

Marinho and Sousa Pinto (1997) observe that although water could sustain
tension, attempts to measure soil suction higher than 1 atm, using tensiome-
ters, have failed. The reason for that is associated with the entrapment of
air inside microcrevices in the system. There are many theories that try to
explain the entrapment of air between liquid and a solid container. Harvey
et al. (1944) presented the most accepted model to justify the presence of
air and how the air nuclei can be stabilized.

Figure 1.14 presents a schematic representation of air trapped during a
usual saturation procedure of a tensiometer. The air trapped is called cavita-
tion nuclei. In order to dissolve this air, high positive water pressure should
be applied. However, due to some particular aspects of geometry of the
crevice, the air may not be dissolved. In this case the application of positive
pressure may ‘stabilize’ the cavitation nuclei, as shown in Figure 1.14b.

The stabilization of the cavitation nuclei increases the level of the suction
that can be applied. It is not clear how the process occurs, and thus cannot
be precisely controlled (Marinho and Sousa Pinto, 1997).

Usually the pressure required to stabilize the cavitation nuclei is higher
than 5 MPa (Ridley and Burland, 1993). Marinho and Sousa Pinto (1997)
suggested a chemical procedure to be used with the usual technique for
stabilizing the cavitation nuclei inside a suction probe (see Figure 1.15).
They reported that the chemical procedure used reduced the level of positive
pressure to be applied. The system used by Marinho and Sousa Pinto (1997)
was pressurized to a maximum pressure of 3.5 MPa by a hand pump as
shown in Figure 1.16. The pressure was kept for 24 h. The system was
then cycled 10 times from 3.5 MPa to zero pressure. After that it was able
to sustain suction up to 650 kPa. The porous stone used has a nominal
air-entry value of 500 kPa. Marinho and Sousa Pinto (1997) believed that
chemical action can help to eliminate cavitation nuclei.

(a) (b)

Trapped air Stabilized air

Water

Crevice

SolidSolid

Figure 1.14 Cavitation nuclei (after Marinho and de Sousa Pinto, 1997).
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Figure 1.15 Schematic representation of the suction probe (after Marinho and de
Sousa Pinto, 1997).

Valve

Suction probe
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Figure 1.16 System for saturating the tensiometer using high positive pressure (after
Marinho and de Sousa Pinto, 1997).
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Therefore, to reduce the likelihood of trapping permanent undissolved air
in the system, the following measures are recommended by Marinho and
Chandler (1995):

• The use of de-aired water is important to avoid air saturation (boiling
the water is an appropriate method).

• The water and all surfaces within the measurement system must be
extremely pure and clean (Henderson and Speedy, 1980).

• The surfaces in contact with the water must be as smooth as possible to
avoid or reduce the number and size of crevices. The smaller the surface
area, the easier it is to avoid cavitation.

• The system should be evacuated by vacuum application in order to
remove the maximum amount of air entrapped in the crevices, though
it is unlikely that all the air will be removed (Jones et al., 1981).

• The system should be cycled from positive to zero (or negative) pressure.
This may help in dissolving persistent bubbles (Chapman et al., 1975;
Richards and Trevena, 1976).

• Pre-pressurization of the system to high pressure is required in order to
dissolve all the free air (Harvey et al., 1944).

It is important to point out that cavitation can be delayed if the nuclei are
stabilized against tension. The procedures above probably only stabilize the
nuclei, which should allow the measurement of a certain level of suction
before cavitation occurs. It should be noted that cavitation will not occur
if no cavitation nuclei are present. Examples of the success and failure of
measuring soil suction higher than 1 atm using tensiometers are given and
discussed in detail by Take and Bolton (2003) and Zhou et al. (2006).
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Theory of soil suction (Fredlund and Rahardjo,
1993)

Soil consists of solids and voids. Inside the voids of unsaturated soil, there
are generally two fluids, i.e. air and water. As discussed and given by
Equation (1.1) in Chapter 1, total suction � can be quantitatively described
by Kelvin’s equation (Sposito, 1981) as follows:

� = − RT

�w0�v
ln
(

ūv

ūv0

)
(1.1)

At 20�C, Equation (1.1) can be rewritten to give a fixed relationship between
total suction in kilopascals and relative vapour pressure as follows:

� = −135�022 ln
(

ūv

ūv0

)
(2.1)

The capillary model

Equilibrium at the soil–water interface (Ridley and Wray,
1995)

The commonly depicted picture of the soil–water system is that of granular
particles separated by water. At an air–water interface, a meniscus will form
between adjacent soil particles in a similar manner to water in a capillary
tube (Ridley and Wray, 1995). It is therefore understandable that this model
became known as the capillary model (Buckingham, 1907).

For equilibrium at the air–water interface of the capillary tube shown in
Figure 2.1, the downward force exerted by the air must be equal to the
upward force exerted by the water. The curved shape of the interface is the
result of the upward force which exists at the boundary due to the wetting

α α

Capillary tube

u = uw (water)

u = ua (air)

ττ

r

Figure 2.1 Capillary suction (after Ridley and Wray, 1995).
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of the surface. It is this upward force that holds the column of water up
above the flat water surface outside the tube. Therefore

ua�r2 = uw�r2 +2�rTs sin � (2.2)

where Ts is the surface tension at the boundary, and � is the angle of contact
between the water and the boundary. For a perfectly spherical meniscus, the
latter will be 90� and the equilibrium will reduce to

ua −uw = 2Ts

r
(2.3)

In the majority of cases, the air pressure will be atmospheric (or zero gauge),
and the pressure which exists on a water molecule in the meniscus is a direct
result of the surface tension and the radius of the capillary.

Now consider the equilibrium that exists at the air–water interface
between the liquid water molecules and the water vapour molecules. To
escape from the surface of the liquid, a water molecule must have an energy
equal to or greater than the latent heat of evaporation for water. If the
space above the air–water interface is a closed system, equilibrium will be
reached when it becomes saturated with water vapour molecules. If the
water is pure and its surface is flat, then the partial pressure of the vapour
at equilibrium is equal to the saturated vapour pressure of the liquid at the
temperature of the system. However, soil–water is held in a meniscus and
so the additional force caused by the surface tension of the curved surface
reduces the vapour pressure reached in the enclosed system at equilibrium.
The stress holding a water molecule in the meniscus (i.e. the soil suction) is
then directly related to the relative humidity (RH) in the space surrounding
the soil by Equation (1.1).

Equilibrium of the water column and capillary height
(Fredlund and Rahardjo, 1993)

For the vertical force equilibrium of the capillary water in the tube shown
in Figure 2.1, the vertical resultant of the surface tension (i.e. 2�rTs cos �) is
responsible for holding the weight of the water column, which has a height
of hc (i.e. �r2hc�wg):

2�rTs cos � = �r2hc�wg (2.4)

where
hc = capillary height
g = gravitational acceleration.
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The equation can be rearranged to give the maximum height of water in the
capillary tube, hc:

hc = 2Ts cos �

�wgr
(2.5)

The contact angle between the contractile skin for pure water and tube is
zero (i.e. � = 0). When the � angle is zero, the capillary height of pure water
in a clean tube is

hc = 2Ts

�wgr
(2.6)

The radius of the tube is analogous to the pore radius in soils. Equation (2.6)
shows that the smaller the pore radius in the soil, the higher will be the
capillary height, as illustrated in Figure 2.2.

Assuming that the contact angle is zero, the capillary height can be
plotted against the pore radius as shown in Figure 2.3 (Fredlund and
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Figure 2.2 Capillary tubes showing the air–water interfaces at different radii of cur-
vature of menisci (from Janssen and Dempsey, 1980; after Fredlund and
Rahardjo, 1993).
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Figure 2.3 Relationship between pore radius, matric suction and capillary height (after
Fredlund and Rahardjo, 1993).

Rahardjo, 1993). The above explanation has demonstrated the ability of
the surface tension to support a column of water, hc, in a capillary tube.
The surface tension associated with the contractile skin results in a reaction
force on the wall of the capillary tube as shown in Figure 2.4 (Fredlund and

Compressive stress
on the wall

Water

Air

Ts Ts

Glass tube

Figure 2.4 Forces acting on a capillary tube (after Fredlund and Rahardjo, 1993).
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Rahardjo, 1993). The vertical component of this reaction force produces
compressive stresses on the wall of the tube. In other words, the weight of
the water column is transferred to the tube through the contractile skin. In
the case of a soil having a capillary zone, the contractile skin results in an
increased compression of the soil structure. As a result, the presence of matric
suction in an unsaturated soil increases the shear strength of the soil, pro-
vided there is sufficient contractile skin present in the soil (i.e. the soil is not
too dry).

Suction control and measurement methods (Ng
and Chen, 2005, 2006; Ng et al., 2007a)

Axis-translation technique

Overview

In laboratory studies on unsaturated soils, an important issue is how to
control or measure suction in an unsaturated soil specimen. Generally,
total suction can be controlled by using the humidity control technique
(Esteban and Saez, 1988). Matric suction can be controlled by using the
axis-translation technique (Hilf, 1956) and the osmotic technique (Zur,
1966). Osmotic suction can be controlled by using different solutions as
pore fluids or changing solute concentrations of pore fluid in the soil.
In most geotechnical engineering applications, chemistry of pore fluids in
the soil is not changed and soil–water content varies within a range in
which concentrations of pore fluids are not altered significantly, and so
osmotic suction appears not to be sensitive to changes in soil–water con-
tent. Therefore, it is expected to control total suction and matric suc-
tion in most geotechnical testing for unsaturated soils. The most com-
monly used technique is axis-translation, followed by osmotic and humidity
control.

In this section, the working principle, the development and applications
of the three suction control techniques in the laboratory are introduced
and reviewed. Experimental data using the axis-translation and osmotic
techniques are compared and discussed. No matter which technique is used,
suction equalization is a vital stage in testing unsaturated soils. To illustrate
the influence of suction equalization on subsequent shearing behaviour, two
direct shear tests were performed on a compacted expansive soil applying
different durations of suction equalization under the same applied vertical
stress and matric suction.
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Working principle

Matric suction may be considered as an important variable in defining the
state of stress in an unsaturated soil. Therefore, it is necessary to control
or measure matric suction in laboratory studies on unsaturated soils. How-
ever, difficulties associated with the measurement and control of negative
pore water pressure present an important practical limitation. Water is
normally thought to have little tensile strength and may start to cavitate
when the magnitude of gauge pressure approaches −1 atm. Under some
suitable conditioning (see Chapter 1), water can stand tensions of the order
of 40–300 atm (Temperley and Chambers, 1946; Young, 1989). As cavita-
tion occurs, water phase becomes discontinuous, making the measurements
unreliable or impossible. Because it is required to control the matric suc-
tion variable over a range far greater than 1 atm for many soil types and
their applications, alternatives to measurement or control of negative water
pressure are desirable.

Hilf (1956) introduced the axis-translation technique of elevating pore
air pressure ua to increase pore water pressure to be positive, preventing
cavitation in the water drainage system. Total stress 	 is increased together
with air pressure at the same amount so the net stress 
	 − ua� remains
unchanged. As shown in Figure 2.5, stresses on an unsaturated soil in the
field are total stress 	1, pore air pressure u1

a (generally equal to atmospheric
pressure) and pore water pressure u1

w (generally negative gauge pressure).
When applying the axis-translation technique, total stress is increased from
	1 to 	2, pore air pressure is increased from u1

a to u2
a, and pore water

pressure is increased from u1
w to u2

w (generally positive gauge pressure).
The net stress 
	 − ua� and matric suction 
ua − uw� remain unchanged.
This process is referred as ‘axis-translation’. Based on the axis-translation
principle, the matric suction variable 
ua −uw� can be controlled over a range
far greater than the cavitation limit for water under negative pressure.

Unsaturated soil

In the field

Soil specimen

In the lab

σ1

u1
a

u1
w < 0

σ1 – u1
a = σ2 – u2

a

u1
a – u1

w = u2
a – u2

w

σ2

u2
a

u2
w > 0

Figure 2.5 Schematic diagram illustrating the axis-translation principle (Ng and Chen,
2005).
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Axis-translation is accomplished by separating the air and water phases of
the soil through porous material with a high air-entry value. When saturated,
these materials allow water passage but prevent flow of free air when the
applied matric suction does not exceed the air-entry value of the porous
material, which can be as high as 1,500 kPa for sintered ceramics or 15 MPa
for special cellulose membranes (Zur, 1966).

Applications

MEASUREMENTS OF SWCC AND SDSWCC

The axis-translation technique has been successfully applied by numerous
researchers to study the soil–water characteristic properties of unsaturated
soils (Fredlund and Rahardjo, 1993; Ng and Pang, 2000a,b), as well as the
volume change and shear strength properties of unsaturated soils (Fredlund
and Rahardjo, 1993; Gan et al., 1988; Ng and Chiu, 2001; Ng and Chiu,
2003a,b; Chiu, 2001; Zhan, 2003; Ng and Zhou, 2005).

The soil–water characteristic curve (SWCC) is the relationship between
suction and water content or degree of saturation for an unsaturated soil.
It is now generally accepted that unsaturated soil behaviour is governed
by two independent stress state variables, i.e. net stress and matric suction
(Fredlund and Morgenstern, 1977). Therefore, it is necessary to consider
the influence of net stress on the SWCC. However, the SWCC of a soil is
conventionally measured by means of a pressure plate extractor in which no
external stress is applied, and volume change of the soil specimen is assumed
to be zero. To investigate the influence of net stress on SWCC, Ng and Pang
(2000a,b) developed a total stress controllable one-dimensional volumetric
pressure plate extractor based on the axis-translation principle at the Hong
Kong University of Science and Technology (HKUST) (see Figure 2.6). This
apparatus can be applied to measure the SWCCs at various vertical stresses
under K0 condition. An oedometer ring equipped with a high air-entry
ceramic plate at its base is located inside an airtight chamber. Vertical stress
is applied through a loading frame to a soil specimen inside the oedometer
ring. To eliminate the error due to side friction of the loading piston, a load
cell is attached near the end of the piston inside the airtight chamber for
determining the actual vertical load applied to the soil specimen. Because
the radial deformation is zero for the K0 condition, the total volume change
of the specimen is measured from the vertical displacement of the soil spec-
imen using a dial gauge. Using this apparatus, state-dependent soil–water
characteristics curves (SDSWCCs) can be measured, and the assumption of
zero volume change is no longer required. Similar to the conventional vol-
umetric pressure plate extractor, pore air pressure ua is controlled through
a coarse porous stone together with a coarse geotextile located at the top
of the specimen. Pore water pressure uw is controlled at the atmospheric
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Figure 2.6 A new total stress controllable one-dimensional volumetric pressure-plate
extractor at HKUST (after Ng and Pang, 2000b; Ng and Chen, 2005).
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pressure through the high air-entry ceramic plate mounted at the base of the
specimen. In addition, some attachments are used for the purpose of study-
ing the hysteresis of the SWCCs associated with the drying and wetting of
the soil. These are a vapour saturator, air trap, ballast tube and burette. The
vapour saturator is used to saturate the in-flow air to the airtight chamber
to prevent the soil from drying by evapouration. The air trap is attached
to collect air that may diffuse through the high air-entry disc. The ballast
tube serves as a horizontal storage for water flowing in or out of the soil
specimen. The burette is used to store or supply water and to measure the
water volume change in the soil specimen.

Figure 2.7 shows the influence of stress state on the soil–water char-
acteristics of natural completely decomposed volcanic (CDV) specimens
(Ng and Pang, 2000a). The size of the hysteresis loops does not seem to
be governed by the applied stress level. The specimens subjected to higher
applied stresses possess a slight higher air-entry value and lower rates of
desorption and adsorption as a result of smaller pore-size distribution.
These experimental results demonstrate that the stress state has a substantial
influence on the soil–water characteristics of unsaturated soils. Ng and Pang
(2000b) adopted the measured wetting SDSWCCs to perform numerical
analyses on slope stability.

They found that during a prolonged low intensity rainfall, the FOS (fac-
tor of safety) predicted by using the SDSWCC is substantially lower than
predicted by using the conventional drying SWCC. Under highly intensive
but short duration rainfalls, however, the two predicted FOS values are
close. Therefore, in studying soil–water characteristics of unsaturated soils
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Figure 2.7 Influence of stress state on soil–water characteristics of natural CDV specimens
(after Ng and Pang, 2000a; Ng and Chen, 2005).
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and their applications, the effect of two independent stress state variables,
i.e. net stress and suction, should be considered simultaneously.

STRESS PATH TESTING IN THE TRIAXIAL APPARATUS

The triaxial test and the direct shear test (shear box) are two commonly used
shear strength tests. Figure 2.8 illustrates a triaxial system applying the axis-
translation technique for testing unsaturated soils at HKUST (Zhan, 2003).
It is composed of a triaxial cell, four GDS pressure controllers, six transduc-
ers, a digital transducer interface (DTI) and a computer, a new total volume
change measuring system and a diffused air volume indicator (DAVI).

As shown in Figure 2.8, the triaxial cell is a Bishop and Wesley stress-path
cell for testing up to 100 mm diameter specimens. Of the four GDS pres-
sure controllers, two are automatic pneumatic controllers for controlling
cell pressure and pore air pressure, and the other two are digital hydraulic

Pneumatic
controllers

Digital transducer
interface

GDS hydraulic 
pressure/volume

controllers

Diffused
air volume
indicator

Total volume
change
measuring
system

Bishop & Wesley
triaxial cell

Figure 2.8 A computer-controlled triaxial system for unsaturated soils based on the axis-
translation principle at HKUST (after Ng and Chen, 2005, 2006).
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pressure/volume controllers for controlling back pressure and axial stress.
With these four GDS controllers, cell pressure, axial stress, pore air pres-
sure and pore water pressure can be controlled independently. The six
transducers consist of an internal load cell (measurement of axial force), a
linear variable difference transformer (LVDT) (measurement of axial dis-
placement), a differential pressure transducer (DPT) (a component of the
total volume change measuring system, Ng et al., 2002a) and three pres-
sure transducers (monitoring cell pressure, pore water pressure and pore air
pressure). All the six transducers are connected to the DTI for data acquisi-
tion. The DTI as well as the two pneumatic controllers are connected to the
computer through a multiplexer. The two digital hydraulic pressure/volume
controllers are connected to the computer by an IEEE interface card for
computer control. All of these form a closed-loop controlling and feedback
system, which is capable of performing strain-controlled and stress-path
tests in triaxial stress space.

As shown in Figure 2.9a, a high air-entry disk was sealed onto the pedestal
bottom of the triaxial cell using an epoxy. A spiral groove was produced
at the bottom of the pedestal to serve as a water compartment as well as
a channel for flushing air bubbles that may be trapped or accumulated as
a result of air diffusion (Chiu, 2001; Zhan, 2003). The DAVI is used to
measure the amount of diffused air (Fredlund, 1975; Zhan, 2003). Matric
suction is applied to the test specimen through one water pressure controller
and one air pressure controller using the axis-translation principle. Pore
water pressure is applied or measured at the base of the specimen through
the ceramic disc and the compartment. Pore air pressure is applied at the
top of the specimen through a sintered copper filter.

Figure 2.9 shows the setup of the total volume measuring system (Ng
et al., 2002a). The basic principle of the double-cell total volume measur-
ing system is that the overall volume change in an unsaturated–saturated
specimen is measured by recording the differential pressures between the
water inside an open-ended, bottle-shaped inner cell and the water inside a
reference tube using a high-accuracy DPT. The inner cell is sealed onto the
pedestal of the outer cell in the triaxial apparatus. The high-accuracy DPT
is connected to the inner cell and to a reference tube, in order to record
changes in differential pressures between the water pressure change inside
the inner cell due to a volume change in the specimen and the constant
water pressure in the reference tube. Detailed calibrations have been carried
out to account for apparent volume changes due to changes in cell pres-
sure, fluctuation in the ambient temperatures, creep in the inner cell wall
and relative movement between the loading ram and the inner cell (Ng
et al., 2002a). The estimated accuracy of the volume change measuring
system is in the order of 31�4mm3 if the system is properly calibrated.
For a 100 mm diameter by 200 mm high test specimen, this corresponds
to a volumetric strain of 0.002 per cent. In this system, apparent volume
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soils at HKUST (after Ng et al., 2002a).
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changes due to changes in cell pressure, fluctuations due to variations
of ambient temperature and creeping are all smaller than other existing
double-cell volume change measuring systems. More detailed comparisons
are made by Ng et al. (2002a).

Based on the axis-translation principle, Ng and Chiu (2001) conducted
triaxial stress path tests on a loosely compacted unsaturated CDV specimen.
Figure 2.10 shows the results of field stress path (wetting) tests at constant
deviator stress (i.e. field stress path tests which simulate rainfall infiltration
on a slope element). As shown in Figure 2.10a, when the suction decreases
from its initial value (i.e. 150 kPa), there exists a threshold suction above
which only small axial strain is mobilized. As the suction drops below
this threshold value, the rate of increase in axial strain accelerates towards
the end of the test. The threshold suction increases with applied net mean
stress. Figure 2.10b shows the variation of volumetric strain with suction.
Similar to the variation of axial strain with suction, there exists also a
threshold suction above which only small volumetric strain is mobilized.
As the suction drops below such threshold suction, contractive behaviour
is observed for the two specimens (ua1 and ua2) compressed to net mean
stress smaller than 100 kPa. In contrast, the other two specimens (ua3 and
ua4) show dilative behaviour.

SHEARING TEST IN THE DIRECT SHEAR BOX

Compared to the triaxial test, the direct shear test is simpler to perform and
requires shorter test durations due to the smaller drainage paths. Figure 2.11
shows a direct shear apparatus for unsaturated soils based on the axis-
translation principle at HKUST. It is modified from a conventional direct
shear box for testing saturated soils (Gan et al., 1988; Zhan, 2003). The
cylindrical pressure chamber is built of stainless steel and was designed for
pressure of up to 1,000 kPa. Three holes are drilled through to provide
the necessary housing for a vertical loading ram and two horizontal pis-
tons. Teflon ring seals are installed to ensure the airtightness around the
loading ram and pistons. A high air-entry value ceramic disk is installed
in the lower portion of the shear box. The water chamber beneath the
ceramic disk is designed to serve as a water compartment as well as a
channel for flushing air, similar to the pedestal of triaxial apparatus for
testing unsaturated soils (refer to Figure 2.9). The desired matric suction
is applied to a soil specimen by maintaining a constant air pressure in the
air pressure chamber and a constant water pressure in the water cham-
ber below the ceramic disk. The pore air pressure and pore water pressure
in the soil are then allowed to come into equilibrium with these applied
pressures. Matric suction in the soil is equal to the difference between the
applied air and water pressures. The modified direct shear apparatus has
five measuring devices. There are two LVDTs for horizontal and vertical
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Figure 2.10 Stress path tests on unsaturated CDV triaxial test specimens showing
the relationships between (a) axial strain and suction; (b) volumetric
strain and suction (after Ng and Chiu, 2001).

displacements, a load cell for shear force, a pressure transducer for water
pressure and a water volume indicator for water volume changes in the
soil specimen. All these transducers are connected to a data logger for data
acquisition.

Figure 2.12 shows direct shear results for a completely decomposed gran-
ite (CDG) test specimen (Ng and Zhou, 2005). In Figure 2.12, stress ratio
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2003). Interpreting the results uses the axis-translation principle (Ng and
Chen, 2005, 2006).



 

Measurement and control of suction: methods and applications 47

is defined as the ratio of shear stress 
� to net vertical stress 
	v −ua�. Dila-
tancy is defined as the ratio 
�y/�x� of incremental vertical displacement 
�y�
to incremental horizontal displacement 
�x�. Negative sign (or negative dila-
tancy) means dilative behaviour. As shown in Figure 2.12a, at zero suction
and suctions of 10 and 50 kPa, the stress ratio–displacement curve displays
strain hardening behaviour. As suction increases, strain softening behaviour
is observed at suctions of 200 and 400 kPa. Generally, measured peak and
ultimate stress ratios increase with suction, except the ultimate stress ratio
measured at suction of 200 kPa. Figure 2.12b shows the effects of suction
on dilatancy of the CDG in the direct shear tests. Under the saturated
conditions, the soil specimen shows contractive behaviour (i.e. positive dila-
tancy). On the other hand, under unsaturated conditions, all soil specimens
exhibit contractive behaviour initially but then dilative behaviour as hor-
izontal displacement continues to increase. The measured maximum neg-
ative dilatancy is increased by an increase in suction. The measured peak
stress ratio in each test does not correspond with its maximum negative
dilatancy.

Advantages and limitations of the axis-translation method

In the axis-translation technique, both pore water pressure and pore air
pressure are controlled and measured independently. This enables controlled
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Figure 2.12 (Continued).

variation of suction. When a feedback system is used, suction can be con-
trolled automatically. The majority of experimental results for unsaturated
soils have been obtained by the application of axis-translation technique
because of the easy measurement and control of suction.

One limitation of the axis-translation technique pertains to the maximum
value of suction that can be applied. It is limited by the maximum value
of cell pressure and the air-entry value of porous material. Hence, this
technique generally is used for controlling suction in the order of several
hundred kilopascals.

Another disadvantage of the axis-translation technique is that by elevat-
ing the pore water pressure from a negative to a positive value, the possibil-
ity of cavitation is prevented not only in measuring system but also within
soil pores. This implies that any influence of cavitation on the pore water
by altering the desaturation mechanism of a soil under in situ conditions is
not accounted for in the laboratory tests using the axis-translation technique
(Dineen and Burland, 1995). It is then fundamental to understand whether
experimental results obtained by using the axis-translation technique can be
extrapolated to unsaturated soils under atmospheric conditions in the field.
Some researchers (Zur, 1966; Williams and Shaykewich, 1969; Ng et al.,
2007) compared experimental data by using the axis-translation technique
and the osmotic technique where the pore air pressure is at the atmospheric
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pressure. It is found that there are some differences in the experimental
results by using the two techniques. The comparisons will be discussed later.

Osmotic technique

Working principle

Due to limitations of the axis-translation technique, an alternative method,
the osmotic technique, has been used in testing unsaturated soils to control
matric suction. Delage et al. (1998) reported that this technique was initially
developed by biologists (Lagerwerff et al., 1961) and then adopted by soil
scientists (Williams and Shaykewich, 1969) and geotechnical researchers
(Kassif and Ben Shalom, 1971; Komornik et al., 1980; Cui and Delage,
1996; Delage et al., 1998; Ng et al., 2007).

Figure 2.13 illustrates the principle of the osmotic technique for con-
trolling suction in a soil specimen. The specimen and an osmotic solution
are separated by a semi-permeable membrane. The membrane is permeable
to water and ions in the soil but impermeable to large solute molecules
and soil particles (Zur, 1966). Therefore, at equilibrium, the component
of osmotic suction related to soil salts is the same on both sides of the
membrane (i.e. �salt

1 = �salt
2), and the component of osmotic suction related

to the solute is zero in the soil. Then the difference of osmotic suction on
both sides of the membrane is equal to the component of osmotic suction
related to the solute in the solution (i.e. �solute

1). The pore air pressure ua

in the soil is at atmospheric pressure, similar to the natural condition in
the field. Zur (1966) presented the principal of the osmotic technique in
a review of energy analysis on soil–water. When water exchange through
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w
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Figure 2.13 Schematic diagram illustrating the osmotic technique (Ng and Chen,
2005).
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the membrane is in equilibrium, the energy potential in soil–water is equal
to that in solution water, i.e. total suction in the soil is equal to that
in the solution. Therefore, the difference of osmotic suction is equal to
the difference of matric suction on both sides of membrane. Since the
matric suction in the solution is zero, the matric suction 
ua

2 − uw
2� in

the soil is equal to the difference of osmotic suction on both sides of
the membrane, i.e. equal to the component of osmotic suction related to
the solute �solute

1. Polyethylene glycol (PEG) is the most commonly used
solute in biological, agricultural and geotechnical testing for its safety and
simplicity. The osmotic suction (or osmotic pressure) in the PEG solu-
tion is determined by the concentration of PEG. The maximum value of
osmotic pressure in PEG solution was reported to be above 10 MPa (Delage
et al., 1998).

Applications

In geotechnical testing, the osmotic technique was successfully adapted in
an oedometer (Dineen and Burland, 1995; Kassif and Ben Shalom, 1971), a
hollow cylinder triaxial apparatus (Komornik et al., 1980) and a modified
triaxial apparatus (Cui and Delage, 1996; Ng et al., 2007).

A collaborative research was developed between HKUST and the Ecole
Nationale des Ponts et Chaussees (ENPC) to investigate the reliability of
osmotic technique and compare the axis-translation and osmotic technique
(Ng et al., 2007). Figure 2.14a illustrates a modified triaxial apparatus
applying the osmotic technique at ENPC. A soil specimen is put in contact
with semi-permeable membranes on both bottom and top surfaces. Concen-
tric grooves are machined in the base pedestal and top cap for a circulation
of PEG solution. A thin sieve mesh is placed over the grooves and covered
by the membranes, which are glued with an epoxy resin. The top cap is
connected to the base of the cell by two flexible tubes. PEG solution is
contained in a closed circuit comprising the serial connection of the base of
the cell, the top cap, a reservoir and a pump. The reservoir is big enough
to ensure a relatively constant concentration in spite of water exchanges
occurring through the membranes between the specimen and the solution.
The reservoir is closed with a rubber cap, pierced by three glass tubes. Two
of these tubes are for inflow and outflow of the solution to the triaxial cell;
the third is connected to a graduated capillary tube for monitoring water
exchanges. The stabilization of the level of the solution in the tube indicates
that an equilibrium suction has been reached in the whole specimen. An
air vent was machined on the base of the cell in order to ensure within the
specimen a constant pore air pressure equal to the atmospheric pressure.
At HKUST, the triaxial apparatus is similar to that at ENPC, except that a
double-cell volume change measuring system (see Figure 2.9) and an elec-
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tronic balance for measuring water volume change are used. Figure 2.14b
shows a photograph of the triaxial apparatus at HKUST.

Figure 2.15 shows the stress point failure envelops obtained from the
traixial shear results using the osmotic technique at HKUST and ENPC
on an expansive soil (Ng et al., 2007). In the figure, s = 
	1 + 	3�/2 −
ua and t = 
	1 − 	3�/2. Under the same net confining pressure and suc-
tion, tests OH4 and OE3 exhibit similar shear strength. The compari-
son between tests OH5 and OE6 shows the same conclusion. Consis-
tency of the results from HKUST and ENPC confirms the reliability of
osmotic technique. If the tests at HKUST and ENPC are regarded as
one test series, four stress point failure envelops at different suctions
can be presented. Parallel stress envelops suggest a constant internal fric-
tion angle �′ within a suction range from 0 to 165 kPa. The increas-
ing intercepts on the t axis indicate that apparent cohesion increases
with suction. There also appears a small intercept of 19.4 kPa on the t
axis when the failure envelop at zero suction is extended linearly. This
apparent intercept is likely due to experimental error or a curved fail-
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Figure 2.14 Triaxial test systems using the osmotic technique: (a) schematic for the ENPC
system (after Cui and Delage, 1996); (b) photograph of the HKUST system
(Ng and Chen, 2005, 2006).
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ure envelope within the range of small stress. The comparison of test
results between the axis-translation and osmotic techniques will be dis-
cussed later.

Advantages and limitations

As compared with the axis-translation technique, the main advantage of the
osmotic technique is that pore water pressure within the soil is maintained
at its negative value. A second advantage is that high values of suction can
be applied without the use of very high cell pressure. The maximum applied
suction in the osmotic technique is determined by the maximum osmotic
pressure of PEG solution, which was reported to be above 10 MPa (Delage
et al., 1998). However, an evaluation on the performance of three differ-
ent semi-permeable membranes by Tarantino and Mongiovi (2000a) indi-
cated that all membranes experienced a chemical breakdown as the osmotic
pressure of PEG solution exceeded a threshold value, which was found to
depend on the type of membrane. Beyond this value, solute molecules were
no longer retained by the semi-permeable membrane and passed into the
soil specimen, resulting in a reduction of concentration gradient and a decay
of soil suction. Accordingly, the maximum applied suction in the osmotic
technique is also limited by the performance of semi-permeable membranes.

A further limitation is that the osmotic technique in its current form
cannot be used to control suction in a continuous manner because in existing
technology, suction changes are applied in steps by exchanging PEG solution
with different concentrations manually.

Moreover, calibration of the osmotic pressure against concentration of
PEG solution is essential in the osmotic technique. Calibration for PEG
solution can be carried out with a psychrometer (Williams and Shaykewich,
1969), an osmotic tensiometer (Peck and Rabbidge, 1969), a high-suction
probe (Dineen and Burland, 1995) or an osmotic pressure cell (Slatter et al.,
2000; Ng et al., 2007). All these methods involve a semi-permeable mem-
brane except the method using the psychrometer, which requires strict tem-
perature control. It has been found that the relationship between osmotic
pressure and the concentration of PEG solution is affected significantly by
the calibration method (Dineen and Burland, 1995; Slatter et al., 2000; Ng
et al., 2007). Dineen and Burland (1995) suggested a need for some means
for direct measuring negative pore water pressure in soil specimen when
using the osmotic technique. Therefore, the crucial issues in the osmotic
technique are not only the calibration of osmotic pressure against PEG
concentration but also the direct measurement of applied suction in the soil.
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Humidity control techniques

Working principle

Based on the thermodynamic definition in Equation (1.1), total suction
can be imposed on an unsaturated soil specimen by controlling RH of
the atmosphere surrounding the soil. Humidity can be controlled by using
aqueous solutions (Esteban and Saez, 1988; Oteo-Mazo et al., 1995; Delage
et al., 1998; Al-Mukhtar et al., 1999) or by mixing vapour-saturated gas
with dry gas via a feedback system (Kunhel and van der Gaast, 1993).

Delage et al. (1998) reported that humidity control with solutions was
initially developed by soil scientists and the first application to geotechnical
testing was by Esteban and Saez (1988). This technique was generally used to
study the combined effect of high suction and stress on mechanical properties
of various expansive soils (Oteo-Mazo et al., 1995; Al-Mukhtar et al., 1999;
Lloret et al., 2003).

Figure 2.16 shows a schematic diagram illustrating the work princi-
ple of humidity control with solutions. A soil specimen is placed in a
closed thermodynamic environment containing an aqueous solution of a
given chemical compound. Depending on the physico-chemical properties
of the compound, a given RH is imposed within the sealed environment.
Water exchanges occur by vapour transfer between the solution and the
specimen, and the given suction is applied to the specimen when vapour
equilibrium is achieved. The solution can be the same product at various
concentrations (i.e. unsaturated solutions, sulphuric acid or sodium chlo-
ride for instance – Oteo-Mazo et al., 1995), or various saturated saline
solutions (Delage et al., 1998). Saturated saline solutions have the prac-
tical advantage over unsaturated solutions of being able to liberate or

Sealed
container

Aqueous
solution 

Soil specimen

Vapour transfer

Figure 2.16 Schematic diagram illustrating the principle of humidity control with
solutions (Ng and Chen, 2005).
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adsorb relative large quantities of water without significantly affecting the
equilibrium RH.

Kunhel and van der Gaast (1993) reported a system for XRD (X-ray
diffraction) analyses under controlled humidities by mixing vapour-
saturated gas with dry gas. Figure 2.17 shows a feedback system for con-
trolling humidity in a soil specimen. Humidity is controlled by proportioned
mixing of vapour-saturated nitrogen gas and desiccated nitrogen gas in a
closed environmental chamber. The vapour-saturated and desiccated gas
streams are reintroduced in a three-neck flask where the resulting gas stream
has a RH that is a direct function of the wet to dry gas flow ratio. The
humid gas stream is routed into an acrylic environmental chamber con-
taining a soil sample. An effluent gas vent on the top cap of the chamber
allows the influent humid gas to escape after flowing around the soil. RH
and temperature in the chamber are continuously monitored with a poly-
mer capacitance probe. Signals from the probe form a feedback loop with a
control computer for automated regulation of the wet to dry gas flow ratio,
enabling control of RH. Humidity variation is controlled to approximately
0.6 per cent RH in this system.
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Figure 2.17 General layout diagram for an automatic humidity control system (after Likos
and Lu, 2003).
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Applications

In the humidity control technique with solutions, vapour exchanges are
quite slow due to the very low kinetics of vapour transfer. Therefore, this
technique is extremely time consuming. Oedometers are often adopted to
achieve a small drainage path of soil specimens when applying this tech-
nique. Figure 2.18 shows oedometer results for a highly compacted smectite
(Na-laponite) under constant RHs (Al-Mukhtar et al., 1999). The maxi-
mum applied total suction was 298 MPa and the maximum applied vertical
stress was 10 MPa. The combined high suction and stress on volume change
properties of the expansive soil is illustrated in Figure 2.18. The results
show that

• void ratio increases as suction decreases (RH increases);
• increasing axial stress reduces the difference in the void ratio of the

tested samples;
• the slope of compression curve decreases as suction increases, indicating

that suction stiffens the soil.
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Figure 2.18 Oedometer results for Na-laponite tested under controlled humidity by
using solutions (after Al-Mukhtar et al., 1999).
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Figure 2.19 Measured total suction characteristic curves for Wyoming smectite and
Geogia kaolinite under controlled humidity by using a feedback system (after
Likos and Lu, 2003).

Applications of a feedback system to control humidity in an unsaturated
specimen are scarce. Likos and Lu (2003) used the system described by Al-
Mukhtar et al. (1999) to determine total suction characteristic curves in high
suction range for four types of clay, ranging from highly expansive smectite
to non-expansive kaolinite. Figure 2.19 shows the measured total suction
characteristic curves for the expansive smectite and non-expansive kaolinite.
Both drying and wetting paths can be performed using the testing system.
The values of applied total suction are within a relatively large range. The
expansive smectite contains more water than the kaolinite under the same
applied total suction, exhibiting larger capability of water adsorption. The
expansive smectite shows larger values of the rate of change in water content
due to suction and larger hysteresis than the kaolinite.

Advantages and limitations

Similar to the osmotic technique, humidity control techniques can maintain
the pore water pressure within a soil specimen at its negative value while
high values of suction can be applied without use of a very high cell pressure.
When using solutions to control humidity, very high values of suction (up
to 1000 MPa) can be applied. However, Delage et al. (1998) point out
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that uncertainties in this technique limit applications under 10 MPa suction.
When using a feedback system to control humidity, the suction control range
is determined by the measuring range and accuracy of the humidity probe.
For the results given in Figure 2.17, the suction control range was from 7
to 700 MPa (Likos and Lu, 2003).

When using solutions to control humidity, only fixed values of suction
can be applied and cannot be used for varying suction in a continuous man-
ner. If the humidity is controlled by proportioning vapour-saturated gas
with dry gas via a feedback system, suction can be controlled automatically.
The accuracy of the method depends on both the accuracy of the humid-
ity probe and the resolution of the control loop for automated regulation
of RH.

When humidity is controlled by using solutions, as activity of the solu-
tions is very sensitive to thermal fluctuation, temperature must be strictly
controlled during testing. The control of suction by this technique is much
slower than the techniques involving liquid transfer (axis-translation and
osmotic techniques) due to the very low kinetics of vapour transfer. When
humidity is controlled by proportioning vapour-saturated gas with dry gas,
due to active gas circulation, test durations can be reduced. Likos and
Lu (2003) reported that equilibrium water contents in several clays were
reached within 12 h when changes of humidity in the soils were controlled
by the system discussed in Figure 2.12. The short suction equalization dura-
tion (within 12 h) is very questionable, since it has been reported that testing
durations of months were required when humidity was controlled by using
solutions (Oteo-Mazo et al., 1995).

Characteristics of the three suction control techniques (axis-translation,
osmotic and humidity control) are summarized in Table 2.1.

Experimental comparisons between the axis-translation
and osmotic techniques (Ng et al., 2007)

Overview

Unsaturated soil behaviour is governed by two independent stress variables,
net stress 
	 − ua� and matric suction 
ua − uw�, and not by component
stresses. Since both axis-translation and osmotic techniques control matric
suction, test results obtained by these two techniques should be the same
provided the applied stress is the same. However, few direct experimen-
tal comparisons between these two techniques are available. Zur (1966)
found that for a sandy loam, gravimetric SWCCs obtained by using these
two techniques showed good agreement. However for a clay, equilibrium
water contents obtained by using the axis-translation technique were higher
than those obtained by using the osmotic technique under the same applied
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Table 2.1 Characteristics of three suction control techniques (Ng and Chen, 2005, 2006)

nominal suction. Zur (1966) ascribed this difference to test duration, sug-
gesting that 2 days were not sufficient for suction equilibrium in the axis-
translation technique. When the test duration for suction equilibrium was
extended to 3 days, better agreement was achieved. However, Williams and
Shaykewich (1969) found that even when the suction equilibrium duration
was extended to more than 10 days in the axis-translation technique, the
obtained equilibrium gravimetric water content was up to 10 per cent higher
than that obtained by using the osmotic technique for a clay. To validate
the axis-translation and osmotic techniques for shearing unsaturated soils,
a collaborative research was developed at HKUST and ENPC (Ng et al.,
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2007). In the research, triaxial shearing tests were performed on a recom-
pacted expansive clay at high initial degree of saturation (i.e. 0.83), applying
both axis-translation and osmotic techniques. Based on the extended Mohr–
Coulomb shear strength formulation (Fredlund et al., 1978), the results by
using the two techniques were compared. In determining internal friction
angle �′, there is no difference in the results by using the two techniques.
However, in terms of the average value of �b at different suctions (an angle
with respect to changes in 
ua −uw� when 
	 −ua� is held constant), the value
obtained by using the axis-translation technique is 13� within a suction
range from 0 to 100 kPa while that obtained by using the osmotic tech-
nique is 8� within a suction range from 0 to 165 kPa. Perhaps the difference
is due to smaller values of void ratio at failure in the tests by using the
axis-translation technique (Ng et al., 2007).

Influence of suction equalization (Ng and Zhou, 2005)

No matter which method is used to control suction, a vital issue in testing
unsaturated soils is suction equalization. To investigate the influence of
suction equalization on subsequent shearing behaviour, two direct shear
tests were performed on an expansive soil subjected to different durations
of suction equalization.

The expansive soil was taken from Zaoyang, Hubei province of China. It
has 3 per cent sand, 58 per cent silt and 39 per cent clay, which is classified
as a silty clay (BSI, 1990). The liquid limit and plasticity index of the soil are
50.5 and 31 per cent, respectively. Soil specimens for direct shear tests were
statically compacted to a dry density of 1�56g/cm3 with an initial degree of
saturation of 69 per cent. The initial matric suction of the specimens was
about 540 kPa which was measured by a high-suction probe (Zhan, 2003).

The direct shear apparatus based on the axis-translation principle as
shown in Figure 2.11b was used to perform direct shear tests. Zero suction
was applied to two specimens and their suction equalization durations were
2 h for Test A and 1 day for Test B. Then the two specimens were sheared
at a rate of 0.0019 mm/min under the same applied suction (i.e. 0 kPa) and
vertical stress (i.e. 50 kPa).

Figure 2.20 shows the results of direct shear tests subjected to differ-
ent suction equalization durations. Figure 2.20a shows the relationships
between shear stress and horizontal displacement. The curves of the two
tests show distinct behaviour. The curve of Test A exhibits strain soften-
ing behaviour. The curve of Test B shows strain hardening behaviour. The
influence of suction equalization duration on the shear stress–displacement
behaviour is similar to that of suction as shown in Figure 2.12a. Each curve
reaches a steady value at a displacement in excess of 2.5 mm. The steady
value decreases with increasing suction equalization duration. The difference
in the steady values of shear stress is about 12 per cent. The difference in
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the maximum values of shear stress is about 18 per cent. The differences
may be due to non-equilibrium of suction at the end of suction equalization
duration, which will be discussed later.

Figure 2.20b shows the relationships between vertical displacement (posi-
tive value denotes soil contraction) and horizontal displacement. The curves
of the two tests show contrary behaviour in terms of volume change. When
the suction equalization duration increases from 2 h to 1 day, the volume
change behaviour changes from dilative to contractive. Again, the influence
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Figure 2.20 Influence of suction equalization duration on shearing tests: (a) stress–
displacement curves; (b) vertical displacement versus horizontal displacement;
(c) water content change versus displacement. Test results from the HKUST
direct shear apparatus using the axis-translation principle (Ng and Chen, 2005,
2006).
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Figure 2.20 (Continued).

of suction equalization duration on volume change is similar to that of
suction as shown in Figure 2.12b. The volume change of the two tests
tends to a steady volume at a horizontal displacement in excess of 2.5 mm.
Figure 2.20c shows the change in gravimetric water content with horizontal
displacement. Both tests showed a continuous absorption of water dur-
ing shearing. The magnitude of water absorption decreases as the applied
suction equalization duration increases.

Figure 2.21 shows the degree of saturation of Tests A and B just before
shearing. Wetting and drying SWCCs of this expansive soil are also shown
in this figure. Since the value of matric suction after specimen preparation
was relatively large (i.e. 540 kPa), the specimens in Tests A and B were
subjected to a wetting path at the applied suction of 0 kPa. The degree of
saturation of the two specimens increases with the applied suction equal-
ization duration and are smaller than the value obtained from the wetting
SWCC at the suction of 0 kPa. The degree of saturation is considered to
indicate actual suction in the specimens. The actual suction decreases with
the applied suction equalization duration, however, and is larger than the
applied suction (i.e. 0 kPa) for the same degree of saturation. This is similar
to the influence of suction as shown in Figure 2.12. The higher value of
actual suction in Test A resulted in larger strength, more dilative behaviour
and stronger water adsorption during the shearing stage as compared with
Test B. These tests illustrate that it is vital to obtain suction equalization
before shearing.
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Figure 2.21 Degree of saturation before shearing in direct shear tests (Zhan, 2003;
Ng and Chen, 2005, 2006).

Suction measuring devices (Fredlund and Rahardjo,
1993; Ridley and Wray, 1995; Feng and Fredlund,
2003)

Overview

There are two distinct levels at which suction can be measured. The first
involves a measurement of the energy required to move a water molecule
within the soil matrix – it is termed the matric suction. The second is a
measure of the energy required to remove a soil–water molecule from the
soil matrix into the vapour phase – it is termed the total suction.

In a salt-free granular material the total suction and the matric suction
are equal (refer to Equation (1.2)). If the pore water contains ions (as is
generally the case for clay soils), the vapour pressure 
uv� is reduced and
the energy required to remove a water molecule from the water phase of the
soil (i.e. the total suction) is increased. The additional stress caused by the
dissolved salts is termed the osmotic suction. Ideally, if the vapour pressure
of a sample of soil–water (extracted from the soil) is measured, the stress
implied from Equation (1.1) will be equal to the difference between the
total suction and the matric suction of the soil. However, for this to be so
the composition of the soil, water must not change during the extraction
process. At the present time, the only satisfactory method of estimating
the osmotic suction is by subtracting the matric suction from the total
suction.
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As suggested by Ridley and Wray (1995), in the absence of a truly semi-
permeable membrane, the presence of dissolved salts within the pore water
should not result in an appreciable movement of the pore water. Therefore,
dissolved salts do not cause a change in the energy required to move a water
molecule (while maintaining its state) within the soil matrix, and the matric
suction is independent of the osmotic suction.

In deciding whether an instrument is measuring total or matric suction,
it is necessary to determine if the instrument is making direct contact with
the pore water in the soil. If no contact is established between the mea-
suring instrument and the soil, the dissolved salts cannot move from the
pore fluid to the measuring instrument. When the instrument being used
to measure suction makes contact with the pore water, the dissolved salts
will be free to move between the two. Therefore, unless it is certain that
the concentration of dissolved salts is everywhere the same, their effect on
the suction measured in this way is unquantifiable. However, the effect is
generally believed to be negligible and if this is so then it is the matric
suction that will be measured in this way. Moreover, at high values of suc-
tion, the meniscus may recede completely inside the soil and an instrument
that is making contact with the soil will not necessarily be making close
contact with the soil–water. Therefore, contact between soil and instru-
ment does not guarantee that matric suction will be measured (Ridley and
Wray, 1995).

Methods for measuring soil suction (Ridley and Wray, 1995)

Overview

Generally suction measurement devices fall into two categories depending
on whether the measurement is direct or indirect. A direct measurement is
one that measures the relevant quantity under scrutiny (e.g. the pore water
energy). With indirect measurements another parameter (e.g. RH, resistivity,
conductivity or moisture content) is measured and related to the suction
through a calibration against known values of suction. These devices will
now be considered.

Psychrometers

A psychrometer is an instrument that measures humidity and can therefore
be used to measure total suction. In its simplest form, it consists of a ther-
mometer that has a wetted bulb from which evaporation into the adjacent
air reduces the temperature of the bulb to a value lower than the ambient
temperature. When evaporation ceases and equilibrium with the ambient
vapour pressure is reached, the measured temperature is compared with the
temperature of a dry-bulb thermometer placed in the same environment.
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The difference between the temperatures of the dry-bulb and the wet-bulb
is related to the RH and can be calibrated using salt solutions of known
concentrations.

Electrical devices now exist that measure the heat (which is a function
of the electrical current) generated in an electrical junction when water
evaporates from or condenses onto the junction. They may be subdivided
into two groups:

• thermistor/transistor psychrometers (see Figure 2.22) and
• thermocouple psychrometers (see Figure 2.23).

THERMISTOR/TRANSISTOR PSYCHROMETERS

A thermistor is a temperature sensitive resistor. In the thermistor psychrom-
eter, two identical (matched) thermistors are employed. Onto the first is
placed a drop of water (the wet-bulb) and the other is left dry (the dry-
bulb). If both thermistors are then exposed to an enclosed environment,
evapouration from or condensation onto the wet thermistor will result in
an e.m.f. being generated in the thermistor that can be related to the RH of

O-ring

Dry thermistor

Wet thermistor

Water droplet

Soil sample

Cutting edge

Plastic seal

Insulated tube

1 cm

Figure 2.22 A thermistor psychrometer (after Ridley and Wray, 1995).
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Figure 2.23 Screen-caged single-junction Peltier thermocouple psychrometer (from
Brown and Collins, 1980; after Fredlund and Rahardjo, 1993).

the environment. Richards (1965) gave a detailed description of the theory,
construction and calibration of the thermistor psychrometers in Australia.

THERMOCOUPLE PSYCHROMETERS

The introduction of the thermocouple psychrometer is attributed to Spanner
(1951). Working in the field of plant physiology, he recognized the potential
for using the Peltier effect and the Seebeck effect to measure the suction
pressure in plant leaves.

In 1834, Peltier discovered that on passing an electrical current across the
junction between two different metal wires, there is a change of temperature,
the sign of which is dependent on the direction of flow of the current. If such a
junction is placed in an atmosphere of humid air and a current is passed in the
direction which causes cooling of the junction sufficient to cause condensation
of water onto it, then it essentially becomes a ‘wet-bulb’ thermometer. When
the circuit is broken, the water will evaporate, and the change in temperature
of the wet junction will generate an e.m.f. (the Seebeck effect) between it and a
reference junction which is at the ambient temperature (i.e. a ‘dry-bulb’). This
e.m.f. can be measured with a sensitive galvanometer. The characteristic out-
put curve for this type of psychrometer has a plateau voltage at the ‘wet-bulb’
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temperature corresponding to the vapour pressure of the ambient air. Unfor-
tunately, the evaporation continues and the plateau only lasts for a period of
time determined by the RH (and therefore by the suction) being measured.
At suctions less than 500 kPa, the plateau is difficult to detect. Details of the
operating principles and procedures for this type of psychrometer are given by
Fredlund and Rahardjo (1993).

Thermocouple psychrometers are seriously affected by temperature fluc-
tuations (Rawlins and Dalton, 1967; Fredlund and Rahardjo, 1993). When
the measuring junction is cooled, heat is generated in the reference junction.
It is important for the correct measurement of RH that the reference junc-
tion is held at the ambient temperature. Temperature gradients between the
cooling junction and the reference junction at the start of the test can result
in a large error in the measured humidity. Measuring the initial potential
difference between the two junctions will give an indication of any tem-
perature gradient. It is recommended that a zero offset greater than 1�V
represents an excessive temperature gradient (Ridley and Wray, 1995). In
order to obtain satisfactory performance of a psychrometer, a constant tem-
perature water bath which can be regulated to ±0�001�C may be required
to measure total suction as low as 100 kPa (Fredlund and Rahardjo, 1993).
The useful range over which the total suction can be made lies between
about 100 and 8,000 kPa.

The efficiency of the thermocouple psychrometer is also temperature
dependent, and the calibration needs adjustment relative to the temperature
at which the probe was calibrated. The effect of the absolute temperature on
the calibration of thermocouple psychrometers was investigated by Brown
and Bartos (1982). It was found that the calibration was more sensitive at
higher temperatures.

The filter paper method (Fredlund and Rahardjo, 1993; Ridley and
Wray, 1995)

According to Fredlund and Rahardjo (1993), the filter paper method for
measuring soil suction was developed in the soil science discipline, and has
since been used primarily in soil science and agronomy (Gardner, 1937;
Fawcett and Collis-George, 1967; McQueen and Miller, 1968; Al-Khafaf
and Hanks, 1974). Attempts have also been made to use the filter paper
method in geotechnical engineering (Ching and Fredlund, 1984; Gallen,
1985; McKeen, 1985; Chandler and Gutierrez, 1986; Crilly et al., 1991;
Gourley and Schreiner, 1995).

Ridley and Wray (1995) reported that McQueen and Miller (1968) pro-
posed to use the filter paper method to measure either the total or the matric
suction of a soil. The filter paper is used as a sensor. The filter paper method
is classified as an ‘indirect method’ for measuring soil suction. The filter
paper method is based on the assumption that a filter paper will come into
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Figure 2.24 Contact and non-contact filter paper methods for measuring matric
suction and total suction (from Al-Khafaf and Hanks, 1974; after Fredlund
and Rahardjo, 1993).

equilibrium (with respect to moisture flow) with a soil having a specific
suction. Equilibrium can be reached by either liquid or vapour moisture
exchange between the soil and the filter paper. When a dry filter paper is
placed in direct contact with a soil specimen, it is assumed that water flows
from the soil to the paper until equilibrium is achieved (Figure 2.24). When
a dry filter paper is suspended above a soil specimen (i.e. no direct contact
with the soil), vapour flow of water will occur from the soil to the filter
paper until equilibrium is achieved. Having established equilibrium condi-
tions, the water content of the filter paper is measured. Once the water
content is known, soil suction can be obtained from a calibration curve.
The two commonly adopted types of filter paper are Whatman No. 42 and
Schleicher and Schuell No. 589. The method was first formally reported by
Gardner (1937) and has recently been accepted as a standard method of
measuring soil suction (ASTM, 1993).

The calibration of a filter paper is usually achieved by either (a) equili-
brating it on a pressure plate brought to a known suction, or (b) enclosing
it in a sealed container with a salt solution of known vapour pressure. In
practice, the former approach (that involves an in-contact measurement)
has been used for suctions up to 1,500 kPa and the latter approach (that
involves an out-of-contact measurement) has been used above 1,500 kPa
(Ridley and Wray, 1995). The widely accepted calibrations arrived at using
approaches (a) and (b) are shown (combined) in Figure 2.25 for Whatman
No. 42 and Schleicher and Schuell No. 589. Each, initially air dry filter
paper was left to equilibrate for 7 days before measuring its water content.
The resulting relationship between suction and filter paper water content is
bi-linear with the change in sensitivity occurring at a water content of about
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Figure 2.25 Filter paper calibrations for papers placed in contact with soil (after
Ridley and Wray, 1995).

47 per cent for Whatman No. 42 paper (Chandler and Gutierrez, 1986) and
about 54 per cent for Schleicher and Schuell No. 589 paper (Greacen et al.,
1987). These relationships have remained remarkably consistent (Swarbrick,
1995) and are now universally accepted as the representative calibrations
for in-contact measurements.

Sibley and Williams (1990) compared the calibration curves for five
materials; Whatman No. 42 filter paper, unwashed dialysis tubing, washed
dialysis tubing and two new materials; Milipore MF 0.025 and MF 0.05
filtration membranes. The results show that each material has an increased
sensitivity over different ranges of suction. The materials were categorized
as most accurate over the ranges shown in Table 2.2. However, Sibley

Table 2.2 Appropiate filter materials (after Sibley and Williams;
Ridley and Wray, 1995)
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and Williams stated that ‘if only one material is to be used over the entire
suction range, then Whatman’s No. 42 is the most appropriate’. Details of
calibration and measurement procedures using the filter paper method in
the laboratory and in the field are given by Fredlund and Rahardjo (1993)
and Ridley and Wray (1995).

Until fairly recently, it has been generally assumed that the calibrations
for both methods of absorption (i.e. capillary flow and vapour flow) are
identical for all levels of suction. This assumption, however, was shown to
be not reliable by a number of researchers (El-Ehwany and Houston, 1990;
Lee and Wray, 1992; Houston et al., 1994; Harrison and Blight, 1995). It
is recommended that separate calibration curves should be used.

It should be emphasized that the filter paper technique is highly user-
dependent, and great care must be taken when measuring the water content
of the filter paper (Fredlund and Rahardjo, 1993). The balance to determine
the water content of the filter paper must be able to weigh to the nearest
0.0001 g. Each dry filter paper has a mass of about 0.52 g, and at a water
content of 30 per cent, the mass of water in the filter paper is about 0.16 g.

Porous blocks (e.g. Gypsum block)

The electrical resistance of an absorbent material changes with its moisture
content. This is the principle of the porous block method of measuring soil
matric suction. The block (which is placed inside the soil sample) consists of
two concentric electrodes buried inside a porous material (Figure 2.26). If the
suction in the soil is higher than the suction in the block, the latter will lose

Uninsulated tinned copper wire (18 SWG)

Gypsum plaster Polystyrene tube

Brass foil

5 cm

Uninsulated copper wire (18 SWG)
soldered to longitudinal wires2 No. insulated radio hook-up wire

Figure 2.26 A typical gypsum block (after Ridley and Wray, 1995).
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moisture to the soil until the soil and the block has the same matric suction.
Alternatively, if the block is initially dry, it will absorb moisture from the
soil until an equilibrium condition is reached. The electrical resistance of
the block can then be related to the suction. The calibration is performed
by burying each block inside a soil sample that is subsequently subjected to
known suctions inside a pressure plate apparatus.

Gypsum (in the form of plaster of Paris) was found to be the most suitable
medium for the measurement of electrical resistance. It took the shortest
time to saturate, was the quickest to respond when placed in the ground
and had the most stable electrical properties. However, it had the distinct
disadvantage of softening when saturated (Ridley and Wray 1995).

The gypsum block is a low-cost device that is easy to handle and install.
Measurements are simple and correction factors, for the effects of tempera-
ture and salt content, can be applied where necessary. However, the blocks
are susceptible to hysteresis, and their response to a change in suction can
be slow (2–3 weeks) which precludes the use of them as accurate indica-
tors of absolute suction values in a rapidly changing moisture environment.
Therefore, it is recommended that only a small portion of the calibration
curve should be used (i.e. the instruments should not be used in situations
where large fluctuations in soil suction are likely).

The ideal conditions for the use of gypsum blocks are in a soil that is
relatively non-saline, having a suction in the range 50–3,000 kPa, and that
is subjected to small and uni-directional moisture changes. Conversely, the
most adverse conditions for the use of the blocks are in relatively saline
soils subjected to rapid changes of water content. These rather narrow
constraints have led to a diminished use of porous blocks for measuring soil
suction.

Thermal conductivity sensors (Feng and Fredlund, 2003)

A thermal conductivity soil suction sensor consists of a cylindrical porous
tip containing a miniature heater and a temperature-sensing element (Phene
et al., 1971). Figure 2.27 shows the structure of a thermal conductivity
sensor developed at the University of Saskatchewan (Shuai et al., 1998).
The porous tip is a specially designed and manufactured ceramic with an
appropriate pore-size distribution corresponding to the range of soil suc-
tions to be measured. The heater at the centre of the ceramic tip converts
electrical energy to thermal energy. A portion of the thermal energy will be
dissipated within the ceramic tip. The undissipated thermal energy results in
a temperature rise at the centre of the ceramic tip. The temperature sensor
(i.e. the integrated circuit IC in Figure 2.27) measures the temperature rise
with respect to time in terms of output voltage. Since water has a much
higher thermal conductivity than air, the rate of dissipation of the thermal
energy within the ceramic tip increases the water content of the ceramic.
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4-lead wire

Epoxy cap

Epoxy seal

Heater resistor

Integrated circuit (IC)

Porous body

Cable insulation

38 mm

28 mm

Figure 2.27 A cross-sectional diagram of the newly developed thermal conductivity
sensor (from Shuai et al., 1998; after Feng and Fredlund, 2003).

Higher water contents result in a lower temperature rise at the centre of the
ceramic and, consequently, a lower output voltage from the temperature
sensor. Since the suction in the sensor is equal to the suction in the sur-
rounding soil, the voltage output of the temperature sensor (i.e. the output
of the thermal conductivity suction sensor) can be calibrated against matric
suction in the surrounding soil.

Calibration is the first step leading towards the use of the thermal con-
ductivity sensor for field measurements of soil suction. Presumably, the
calibration should reproduce the actual field conditions as closely as pos-
sible. The sensors are conventionally calibrated following a drying pro-
cess. The calibration curve represents the relationship between the sen-
sor output and the applied matric suction for the specific drying process.
It is recognized, however, that the water content (and consequently the
output voltage) versus matric suction relationships for a porous mate-
rial exhibit hysteresis between the wetting and drying processes (Fredlund
et al., 1994).

Several hypothetical hysteresis models have been proposed in the literature
(Feng, 1999). An examination of some of the hysteresis models using the
measured hysteresis data from the ceramic sensors showed that the models
either require too much calibration data or cannot provide a reasonable
prediction of hysteresis (Feng, 1999).

The experimental results showed that the hysteresis curves were consistent
from one suction sensor to another. If a prediction model can be developed
that fits the measured calibration curves of the sensors with known hysteresis
characteristics, the model can be used to predict hysteresis curves of other
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sensors of the same type. The following equation is proposed to fit the main
drying and main wetting curves:

V 
�� = ab+ c�d

b+�d
(2.7)

where a is the sensor reading at suction equal to zero on the main hysteresis
loop, c is the sensor reading when the ceramic tip is in a dry condition.
Parameters a and c are easy to measure and remain the same for the main
wetting and main drying curves, respectively. With one branch of the main
hysteresis loop measured, only two parameters, b and d, remain unknown
for the other branch. If two points on the unknown branch are measured,
this branch can be estimated using Equation (2.7).

With one branch of the main hysteresis loop measured and the other
branch estimated, the following equations are used to fit to the scanning
curves:

Vd 
���1� = Vd +
(

�1

�

)�


Vw −Vd� (2.8)

Vw 
���1� = Vw +
(

�1

�

)�


Vw −Vd� (2.9)

where Vd 
���1� is the output voltage at suction � on the drying scanning
curve that starts at a suction value �1� �1 is the soil suction at which the
scanning curve starts; Vw and Vd are the output voltages at suction � on
the main wetting and drying curves, respectively, and � is an empirical
parameter that controls the degree of curvature of the scanning curves and
is the only unknown parameter in Equations (2.8) and (2.9).

The measured hysteresis curves of the six sensors were fitted using
Equations (2.7)–(2.9). Similar prediction results were obtained for the
six sensors. The predicted curves of the main hysteresis loop and pri-
mary scanning curves for sensors 1–3 are shown in Figures 2.28–2.30,
respectively.

A best-fit value of � equal to 1.8 was used for both the primary drying
scanning curves and the primary wetting scanning curves of all six sensors.
Figures 2.28–2.30 show that the predicted curves are close to the measured
curves. The errors between the predicted and measured values are under
5 per cent. The � value of 1.8 appears to be reasonable for predicting the
primary scanning curves for the newly developed suction sensors. It should
be noted that the � value could be different for sensors other than the
newly developed suction sensor. It is necessary to investigate the hysteresis
properties using typical sensors to estimate the � value when calibrating
other types of thermal conductivity sensors.

Feng and Fredlund (2003) recommend the following procedure for cali-
brating the thermal conductivity suction sensors:
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Figure 2.28 Measured and predicted primary scanning curves for sensor 1 (after Feng
and Fredlund, 2003).

• saturate the ceramic sensor tip by submerging it in water for 2 days or
more;

• place the sensor ceramic tip in the pressure plate cell and apply a suction
of 50–100 kPa;

• when equilibrium has been reached, reduce the applied suction to zero;
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• after equilibrium at zero suction, increase the applied suction in incre-
ments following the conventional calibration procedure to measure the
main drying curve; and

• rewet the ceramic sensor to obtain two points on the main wetting
curve.
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Figure 2.29 Measured and predicted primary scanning curves for sensor 2 (after Feng
and Fredlund, 2003).
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Figure 2.30 Measured and predicted primary scanning curves for sensor 3 (after Feng
and Fredlund, 2003).

The main wetting curve is estimated using Equation (2.7). The primary
scanning curves are estimated using Equations (2.8) and (2.9), assuming an
� value of 1.8.

A similar procedure can be used to calibrate other types of thermal con-
ductivity suction sensors. However, a study of the hysteretic properties of
the ceramic sensor output voltage versus matric suction should be carried
out to establish the value of the � parameter for Equations (2.8) and (2.9).
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Suction plates and pressure plates (Ridley and Wray, 1995)

In its simplest form, the suction plate consists of a saturated flat porous
ceramic filter disc that separates a soil specimen from a reservoir of water
and a mercury manometer. The soil which, by virtue of its suction, is
deficient of water will imbibe water from the porous disc, causing a drop in
the water pressure in the reservoir which is measured using the manometer.
When the pore water pressure in the soil and the tension in the reservoir
water are in equilibrium, there will be no further flow of water, and the soil
suction can be interpreted from the manometer reading. As a result of the
water exchange, the measured suction will most probably be lower than the
actual suction in the soil prior to the test.

The main limitation of the suction plate is its range of usefulness; it fails
to prevent the formation of air in the reservoir at suctions greater than
1 atm. When air is present in the reservoir, the tension measured by the
manometer will remain less than or equal to 1 atm, and any further moisture
exchange will only result in a change in the volume of air present. Schofield
(1935) recognized this limitation and proposed extending the useful range
by enclosing the specimen in a chamber and applying an air pressure to the
inside of the chamber.

The pressure plate apparatus (Figure 2.31) consists of a base plate with a
porous ceramic filter set into it. The air-entry pressure of the ceramic should
be higher than the maximum suction to be measured (usually 500 kPa, but
1,500 kPa ceramic filters are available). Beneath the filter is a water reservoir

Pressure transducer

Valve

Pump

Soil sample

Porous filter

Bubble trap

Air pressure

Valve

Figure 2.31 A typical pressure plate apparatus (after Ridley and Wray, 1995).
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Table 2.3 Methods for measuring soil suction (after Ridley and Wray, 1995)

connected to a pressure measurement device and a drainage system. Onto
the base plate is placed an airtight chamber into which compressed air can
be piped.

When a soil specimen is placed on the ceramic filter and the air pressure
in the chamber is raised, the water pressure in the soil specimen is raised by
an amount roughly equal to the difference between the air pressure in the
chamber and atmospheric pressure. This technique is called axis-translation
(Hilf, 1956). Therefore, if the difference between the air pressure in the
chamber and the original atmospheric pressure is greater than the suction
in the soil, the final water pressure in the soil specimen will be positive
and can be measured using standard pore pressure measuring equipment.
Table 2.3 summarizes and compares the characteristics of various measuring
devices.

Tensiometers

A conventional tensiometer measures the absolute negative pore water pres-
sure in a similar manner to the suction plate. It is principally used in the field
but has found some applications in the laboratory (Tadepalli and Fredlund,
1991; Chiu et al., 1998). It works by allowing water to be extracted from
a reservoir in the tensiometer, through a porous ceramic filter and into the
soil, until the stress holding the water in the tensiometer is equal to the
stress holding the water in the soil (i.e. the soil suction). At equilibrium,
no further flow of water will occur between the soil and the tensiome-
ter. The suction will then manifest itself in the reservoir as a tensile stress
in the water and can be measured using any stress measuring instrument.
Stannard (1992) has reviewed the theory, construction and usage of common
tensiometers.

All of the commercially available tensiometer devices, designed for use in
the field, consist of a porous ceramic cup, a fluid reservoir and a pressure
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Figure 2.32 Typical tensiometer arrangements (after Ridley and Wray, 1995).

measuring device (Figure 2.32). It is with the last constituent that the main
differences lie. Three types of measuring instrument are commonly used:

• a mercury manometer,
• a vacuum gauge and
• an electronic pressure transducer.

MERCURY MANOMETER

The manometer type uses a water filled tube to connect the porous cup to
a mercury reservoir (Figure 2.32a). The suction imparted at the porous cup
causes the mercury to rise in the tube above the level of the free surface.
Using the free mercury surface as a datum, the suction is related to the rise
of the mercury and the depth of the porous cup below the free surface as
shown in Equation (2.10). Referring to Figure 2.31a, this suction may be
expressed as:
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suction = (
�Hg −�H2O

)
r −�H2O 
h+d� (2.10)

where �Hg and �H2O are the density of mercury and of water, respectively.

VACUUM GAUGE

A vacuum gauge is the most commonly used device in commercially available
tensiometers. In the vacuum gauge tensiometer (Figure 2.32b), the system
is sealed and measurements are made on a standard vacuum gauge. The
porous cup is connected to the vacuum gauge via a rigid pipe that extends
above the level of the gauge to help in refilling the system when air penetrates
into the reservoir. The advantage of this approach is that, provided water
continuity is maintained between the vacuum gauge and the porous cup,
the gauge will read directly the soil suction in the porous cup. However, the
range of suction over which the tensiometer can be used is limited when long
lengths of tube are needed (e.g. the correction required is l0 kPa/m between
the tip and the gauge). The vacuum gauge will normally have an adjustable
zero that is used to compensate for the difference in height between the
gauge and the porous cup. The adjustment is made with the cup immersed,
in water, to its mid-height. Without adjustment, the gauge can be used to
measure small positive pressures (should they occur), but this practice will
also reduce the range over which suctions can be recorded.

PRESSURE TRANSDUCER

Tensiometers employing electronic pressure transducers (Figure 2.32c) are
similar to the vacuum gauge type except that pressure measurements are
converted to a voltage measurable by a digital voltmeter. This means that
automatic data logging by computer or chart recorder can be used. The
sensitivity of the transducer can make it susceptible to the thermal expan-
sion/contraction of the water in the system, and this can result in errors
when continuous monitoring is necessary. The sensor used in electronic
transducers is normally a semi-conductive resistor located inside or on the
surface of a diaphragm. The resistance of these devices is (a) strain depen-
dent, (b) a non-linear function of pressure and (c) highly sensitive to changes
in temperature. Connecting the circuit to a Wheatstone bridge arrange-
ment smooths the non-linearity and reduces the temperature sensitivity.
However the zero and occasionally the sensitivity may change with time
(a condition known as drift) and therefore frequent re-calibration may be
required. Using an electronic transducer means that the sensor can be located
as close to the porous cup as is practical, negating the need for a depth
correction.
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DE-AIRING (FREDLUND AND RAHARDJO, 1993)

To measure the suction accurately and quickly, it is necessary to de-air the
tensiometer. To do this, the porous filter should be de-aired by immersing it
in water, under a vacuum before assembling the equipment. Once the tube
is full of water, a hand-held vacuum pump (see Figure 2.33) can be used
to remove any large air bubbles which become trapped during the filling
process. If the tube is carefully filled with water that has been previously
de-aired, the operation is made considerably easier. If the sensor is buried
(as in the case of electronic sensors), a purging system will be required to
flush out any air that is trapped in the reservoir.

The response time of tensiometers is affected by (a) the sensitivity of the
measuring gauge, (b) the volume of water in the system, (c) the permeability
of the porous filter and (d) the amount of undissolved air in the system.

In the tensiometers manufactured by Soil Moisture Equipment, Inc. USA,
the gauge is either a standard Bourdon type or an electronic transducer,
the volume of water is variable depending on the tube diameter and length,
and the porous ceramic filter has an air-entry value of 100 kPa. Response
times in these tensiometers are about a few minutes, but they are limited
to measuring suctions less than 100 kPa, limited by the air-entry value of
porous cup and cavitation.

Vacuum hand pump

Figure 2.33 De-airing the tensiometer using a hand-held vacuum pump (courtesy
Soilmoisture Equipment Corp.; after Fredlund and Rahardjo, 1993).
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Figure 2.34 Jet-fill tensiometer (courtesy Soilmoisture Equipment Corp.; after
Fredlund and Rahardjo, 1993).

JET FILL TENSIOMETER (FREDLUND AND RAHARDJO, 1993)

Figure 2.34 shows a jet fill-type tensiometer. The jet fill type is an improved
model of the regular tensiometer. A water reservoir is provided at the top of
the tensiometer tube for the purpose of removing the air bubbles. The jet fill
mechanism is similar to the action of a vacuum pump. The accumulated air
bubbles are removed by pressing the button at the top to activate the jet fill
action. The jet fill action causes water to be injected from the water reservoir
to the tube of the tensiometer, and air bubbles move upward to the reservoir.

SMALL TIP TENSIOMETER (FREDLUND AND RAHARDJO, 1993)

A small tip tensiometer with a flexible coaxial tubing is shown in Figure 2.35.
The tensiometer is prepared for installation using a similar procedure to
that described for the regular tensiometer tube. A vacuum pump can be
initially used to remove air bubbles from the top of the tensiometer tube.
Subsequent removal of air bubbles can be performed by flushing through
the coaxial tube.
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Figure 2.35 Small tip tensiometer with flexible coaxial tubing (courtesy Soilmoisture
Equipment Corp.; after Fredlund and Rahardjo, 1993).

HIGH-SUCTION TENSIOMETER PROBE (IMPERIAL COLLEGE, RIDLEY AND

BURLAND, 1993)

Ridley and Burland (1993) introduced a new high-suction tensiometer (see
Figure 2.36) to measure suctions greater than 100 kPa directly in the labo-
ratory. By pre-pressurizing the water in the reservoir to inhibit the forma-
tion of air within the tensiometer and taking advantage of the high tensile
strength of water (Harvey et al., 1944; Marinho and Chandler, 1995; Guan
and Fredlund, 1997), matric suction of up to 1,800 kPa can be measured.
Subsequently, Ridley and Burland (1996) also extended the use of this type
of high-suction tensiometer probe in the field, together with a technique for
excavating a borehole with a flat, horizontal bottom in compacted London
clay. Ng et al. (2002b), Take and Bolton (2003) and Zhou et al. (2006)
have developed miniature tensiometer suction probes to use in centrifuge
model tests successfully.

Squeezing technique (Fredlund and Rahardjo, 1993)

The osmotic suction of a soil can be indirectly estimated by measuring
the electrical conductivity of the pore water from the soil (Fredlund and
Rahardjo, 1993). Pure water has a low electrical conductivity in compar-
ison to pore water which contains dissolved salts. The electrical conduc-
tivity of the pore water from the soil can be used to indicate the total
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Figure 2.36 The Imperial College tensiometer (after Ridley and Burland, 1995; Ridley
and Wray, 1995).

concentration of dissolved salts which is related to the osmotic suction of
the soil.

The pore water in the soil can be extracted using a pore fluid squeezer
which consists of a heavy-walled cylinder and piston squeezer (Figure 2.37).
The electrical resistivity (or electrical conductivity) of the pore water is
then measured. A calibration curve (Figure 2.38) can be used to relate the
electrical conductivity to the osmotic pressure of the soil. The results of
squeezing technique measurements appear to be affected by the magnitude
of the extraction pressure applied. Krahn and Fredlund (1972) used an
extraction pressure of 34.5 MPa in the osmotic suction measurements on
the glacial till and Regina clay.

Concluding comments (Ridley and Wray, 1995)

Ridley and Wray (1995) point out that before choosing a particular instru-
ment, it is important that the engineer decides whether to measure the total
suction, the matric suction or both. The direct measurement of osmotic
suction can be misleading, and it is probably sufficient to derive a value
from the difference between the measured total and matric suctions. An
appropriate device can then be chosen based on its range of measurement,
simplicity (primarily for installation) and expense. Table 2.3 summarizes the
principal methods of suction measurement in terms of the type of suction
they measure, the range over which they are useable and the response time.
In general, those instruments that make contact with the soil will usually
measure matric suction, and those which do not make contact will usually
measure total suction.
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Figure 2.37 The design of the pore fluid squeezer (from Manheim, 1966; after Fred-
lund and Rahardjo, 1993).

The measurement of total suction requires special attention to the cali-
bration procedure and equipment design. The psychrometer and the out-of-
contact filter paper method are the only techniques available for measuring
total suction, but both present difficulties if used in the low suction range.

It is in the interests of the engineer to measure the soil suction directly.
Difficulties associated with doing this at atmospheric pressure coupled
with uncertainties regarding the effect of raising the ambient pressure have
resulted in the adoption by many (particularly for in situ measurements),
of indirect methods (e.g. filter paper method, psychrometer and thermal
conductivity sensor). However, the accuracy of the indirect methods is not
always good and a large number of tests are often necessary to produce
a reasonable degree of confidence in the estimate of suction. In addition,
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Figure 2.38 Osmotic pressure versus electrical conductivity relationship for pore
water containing mixtures of dissolved salts (from USDA Agricultural Hand-
book No. 60, 1950; after Fredlund and Rahardjo, 1993).

indirect techniques such as the filter paper method and psychrometer rely
on another indirect method (i.e. salt solutions) for calibration.

Tensiometers are the only devices that can be said to truly measure the
matric suction in a direct manner, but theoretically, the maximum suction
which standard tensiometers can measure is 100 kPa. Recent advances in
the understanding of the direct measurement of soil suction have extended
the range of such measurements to about 1.8 MPa in the laboratory envi-
ronment.

Soil suction is quantitatively defined as the difference between the ambient
air pressure and the soil pore water pressure. Although the pressure plate
apparatus is regarded as a direct measurement of matric suction because
it measures the absolute difference between ambient air pressure and soil
pore water pressure, it does not measure negative water pressures directly.
Having said that the axis-translation technique is the most common method
of matric suction measurement/control in the laboratory, but in the field,
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it is not very practical to introduce a stable raised air pressure down a
borehole.

Case study: comparisons of in situ suction
measurements (Harrison and Blight, 2000)

Introduction

A number of soil suction measuring devices were employed to measure
total and matric suction in situ by Harrison and Blight (2000). Two
sites were selected, each underlain by different subsoil and groundwa-
ter conditions. Measurements of suction were taken over a period of
2 years, from which it was established that none of the instruments
yielded comparable values of absolute suction or suction change. The
instruments did, however, record suctions that follow seasonal wet and
dry cycles.

Descriptions of the sites

Climate

Two sites, referred to as Site A and Site B, were selected to carry out the
soil suction measurements in situ. Both sites are in South Africa and enjoy
warm temperate conditions with summer rain. The area is in a water defi-
cient region where annual evaporation exceeds precipitation. Some climatic
statistics are as follows:

Annual average rainfall: 713 mm
Annual Apan evaporation: 2,306 mm
Annual average temperature: 16�C
Mean of warmest month: 22�C
Mean of coldest month: 10�C

Subsoils

The subsoil underlying Site A comprises a deep residual andesite in the form
of a slightly clayey silt, which classifies as MH according to the Unified Soil
Classification (USC) system. The regional water table is at some 15–20 m
below the ground surface in this area. Site B is underlain by transported
colluvium comprising clayey sand, which classifies as SC according to the
USC system. A ferruginised (ferricrete) layer is present beneath the colluvium
at a depth of approximately 1 m below the ground surface. The regional
water table in the area is fairly deep. However, the ferricrete horizon forms a
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relatively impermeable layer on top of which a perched water table develops
in the wet summer seasons.

In situ suction measurements

The instruments used to measure the soil suction in situ at the two sites
included thermocouple psychrometer probes, gypsum resistance blocks and
fibreglass moisture cells, all of which employ indirect methods to measure
soil suction. In addition to these instruments, direct suction measurements
were carried out at Site B employing a jet fill tensiometer and Imperial
College (IC) tensiometer.

Each psychrometer, gypsum block and fibre cell was inserted into a
100 mm diameter hand augered hole drilled to a depth of 600 mm below the
ground surface. The soil removed from the hole was lightly tamped around
each of the sensors and the wire electrical leads were sealed in a jar buried
just below the surface.

The jet fill tensiometer was inserted into a pre-drilled hole of the same
diameter as the tensiometer probe. The hole was prepared just prior to
inserting the instrument. The IC tensiometer was bedded into the base of a
hole augered near to the sensors, which was also drilled just prior to taking
a reading.

Periodic readings from the buried sensors were taken over a period of
2 years and, based on the calibration data, converted to suction pressures.
These in situ suction readings are presented in Figure 2.39a and b for Sites
A and B, respectively. Neither the jet fill nor the IC tensiometers were
able to function at Site A; due to the high suctions encountered in the
area, however, some readings were possible with the jet fill tensiometer at
Site B when a perched water table developed in the wet summer seasons.
Cavitation occurred in the IC tensiometer and no meaningful measurements
were possible with this instrument for the soil encountered at this site.

Suctions recorded with the jet fill tensiometer are illustrated in Figure 2.40.
Readings were only possible when a perched water table developed on the
underlying ferricrete layer, and the instrument was unable to record soil
suctions above 75 kPa.

Superimposed on the Figures 2.39 and 2.40 is the mean monthly rainfall
for the region. It is evident from the two figures that none of the devices
measure comparable soil suctions. Whilst it can be argued that since the
psychrometer measures total suction and the others matrix, the psychrome-
ter should record higher suctions than the other instruments, which in most
instances it does. However, total suctions should be consistently greater
than matric suctions, which is not evident from the data. Matric suction
measurements are similarly not in agreement for each of the two indirect
and direct instruments and different calibration techniques. Possible reasons
for this include hysteresis and moisture continuity.
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Figure 2.39 In situ suction readings at Sites A and B (after Harrison and Blight, 2000).

Effects of hysteresis and moisture continuity

Hysteresis

Unsaturated soils undergo substantial hysteresis in suction during wet-
ting and drying, as do the porous sensors of the measuring instruments.
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Figure 2.40 Suction readings using the jet fill tensiometer at Site B (after Harrison
and Blight, 2000).

Thus, depending on whether the soil is wetting or drying, its suction for
the same water content will be different. Similarly, the readout from the
porous measuring sensor will also record a different value when it is wet-
ting to that when it is drying. Due to the large time (monthly) intervals
over which the suction readings were taken, it was not possible to estab-
lish whether the soil was in the process of wetting up or drying out at
the time of taking the readings. An attempt was nevertheless made to
account for the hysteresis effects of the instruments by assuming that they
wet up in the summer rainfall months and dry out as the drier winter
approaches.

Moisture continuity

The devices employed to indirectly measure matric suction utilize a porous
sensor, its purpose being to communicate, via the pores, with the moisture in
the soil. For this to occur, moisture must be transferred to the soil from the
sensor or from the sensor to the soil. If moisture continuity is not maintained
between the measuring device and the soil, then the instrument will not
record the matric suction of the soil.

As far as possible, the suction–water content curve of a porous sensor
should be similar to that of the soil, and with similar hysteresis character-
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Figure 2.41 Monthly suction changes at (a) Site A and (b) Site B (after Harrison and
Blight, 2000).
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istics. However, the limited range of sensors commercially available makes
this difficult to achieve.

It may be argued that in many instances absolute suction is less relevant
to the prediction of unsaturated soil behaviour than the moduli of suction
change. Month-to-month suction changes within the soil at each of the two
sites have been plotted in Figure 2.41a and b. Again it is evident from the
figure that none of the devices recorded similar changes in suction over the
2-year period.

What is perhaps noteworthy, and the very least to be expected, is that
suction measurements do change in sympathy with the rainfall patterns,
with relatively high and low suctions being recorded in the dry and wet
months respectively.

Summary of the case study

Three indirect and one direct in situ soil suction measuring devices were
employed to record, over a period of 2 years, the soil suction at two
sites underlain by two soil types with different groundwater conditions.
None of the instruments recorded comparable suctions nor were suction
changes inferred from the various instruments comparable. Suction was,
however, seen to change in response to the wet and dry seasons. There
are many reasons for the lack of agreement between the various devices,
some of which have been discussed earlier, while others have yet to be
identified.

The study shows that after close to a century of efforts to measure soil
suction in situ, it seems that there is still no consistent, simple and reli-
able method of doing this. The various devices that are available indicate
the direction of suction change, but they still lack a method for reliably
measuring suction magnitude.
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Flow laws for water and air (Fredlund and
Rahardjo, 1993)

Introduction

In the pores of an unsaturated soil, there are two fluid phases: water and air.
The analysis of fluid flow requires a law to relate the flow rate to driving
potential using appropriate coefficients. The air in an unsaturated soil may
be in an occluded form when the degree of saturation is relatively high. At
lower degrees of saturation, the air phase is predominantly continuous. The
form of the flow laws may vary for each of these cases. In addition, there
may be the movement of air through the water phase, which is referred to
as air diffusion through the pore water in Figure 3.1.

A knowledge of the driving potentials that cause air and water to flow or
to diffuse is necessary for understanding the flow mechanisms. The driving

Flow systems common
to unsaturated soils

Occluded air bubbles
(Compression
pore fluid flow)

Continuous air phase
(Two phase flow)

Water Air

Air diffusion
through water

Figure 3.1 Flow systems common to unsaturated soils (after Fredlund and
Rahardjo, 1993).
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potentials of the water phase are given in terms of ‘heads’ in this chapter.
Water flow is caused by a hydraulic head gradient, where the hydraulic head
consists of an elevation head plus a pressure head. A diffusion process is
usually considered to occur under the influence of a chemical concentration
or a thermal gradient. Water can also flow in response to an electrical
gradient (Casagrande, 1952).

The concept of hydraulic head and the flow of air and water through unsat-
urated soils are presented here. A brief discussion on the diffusion process
is also presented, together with its associated driving potential. Flows due
to chemical, thermal and electrical gradients are beyond the scope of this
book.

Flow of water in soils (Fredlund and Rahardjo, 1993)

Several concepts have been used to explain the flow of water through an
unsaturated soil. These are

• a water content gradient
• a matric suction gradient
• a hydraulic head gradient.

They have all been considered as driving potentials. However, it is impor-
tant to use the form of the flow law that most fundamentally governs the
movement of water.

Water content gradient

A gradient in water content has sometimes been used to describe the flow
of water through unsaturated soils. It is assumed that water flows from a
point of high water content to a point of lower water content. This type
of flow law, however, does not have a fundamental basis since water can
also flow from a region of low water content to a region of high water con-
tent when there are variations in the soil types involved, hysteretic effects, or
stress history variations are encountered. Therefore, a water content gradi-
ent should not be used as fundamental driving potential for the flow of water
(Fredlund, 1981).

Matric suction gradient

In an unsaturated soil, a matric suction gradient has sometimes been consid-
ered to be the driving potential for water flow. However, the flow of water
does not fundamentally and exclusively depend upon the matric suction gra-
dient. Three hypothetical cases where the air and water pressure gradients
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Case 1

Unsaturated
soil

Air pressure
ua (kPa)

Water pressure
uw (kPa)

Matric suction
(ua – uw) (kPa)
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Case 2

Unsaturated
soil
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uw
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0 –50

–150 –200

150 150

Case 3

Unsaturated
soil

ua

uw

(ua – uw)

200 0

–100 –200

300 200

Figure 3.2 Pressure and matric suction gradients across an unsaturated soil element
(after Fredlund and Rahardjo, 1993).

are controlled across an unsaturated soil element at a constant elevation are
illustrated in Figure 3.2.

In all cases, the air and water pressures on the left-hand side are greater
than the pressures on the right-hand side.

The matric suction on the left-hand side may be smaller than on the right-
hand side (Case 1), equal to the right-hand side (Case 2) or larger than on
the right-hand side (Case 3). However, air and water will flow from left to
right in response to the pressure gradient in the individual phases, regardless
of the matric suction gradient. Even in Case 2, where the matric suction
gradient is zero, air and water will still flow.
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Hydraulic head gradient

Flow can be defined more appropriately in terms of a hydraulic head gradient
(i.e. a pressure head gradient in this case) for each of the phases. Therefore,
the matric suction gradient is not the fundamental driving potential for
the flow of water in an unsaturated soil. In the special case where the air
pressure gradient is zero, the matric suction gradient is numerically equal to
the pressure gradient in the water. This is the common situation in nature
and is probably the reason for the proposal of the matric suction form for
water flow. However, the elevation head component has then been omitted.

The flow of water through a soil is not only governed by the pressure
gradient but also by the gradient due to elevation differences. The pressure
and elevation gradients are combined to give a hydraulic head gradient as
the fundamental driving potential. The hydraulic head gradient in a specific
fluid phase is the driving potential for flow in that phase. This is equally
true for saturated and unsaturated soils.

Driving potential for water phase

The driving potential for the flow of water defines the energy or capacity to
do work. The energy at a point is computed relative to a datum. The datum
is chosen arbitrarily because only the gradient in the energy between two
points is of importance in describing flow.

A point in the water phase had three primary component of energy,
namely, gravitational, pressure and velocity. Figure 3.3 shows point A in the
water phase which is located at an elevation, y, above an arbitrary datum.

Elevation = 0
Pressure = 0
Velocity = 0
Density = ρw

Assume: ρw = constant
 g = constant A

x

y
y

z

Elevation = y
Pressure = uw
Velocity = vw
Density = ρw

Arbitrary datum

⎧ 
⎪ 
⎨ 
⎪ 
⎩

Figure 3.3 Energy at point A in the y-direction relative to an arbitrary datum (after
Fredlund and Rahardjo, 1993).
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The total energy [i.e. gravitational (potential) energy, pressure energy and
velocity energy] at point A can be expressed as energy per unit weight,
which is called a potential or a hydraulic head. The hydraulic head, hw, at
point A is obtained by dividing the energy equation by the weight of water
at point A:

hw = y + uw

�wg
+ v2

w

2g
(3.1)

where
hw = hydraulic head or total head
g = gravitational acceleration
uw = pore water pressure at point A
vw = flow rate of water at point A (i.e. in the y direction)
y = elevation of point A above the datum
�w = density of water at point A.

The hydraulic head consists of three components, namely, the gravitational
head, y, the pressure head �uw/�wg� and the velocity head �v2

w/2g�. The
velocity head in a soil is negligible in comparison with the gravitational and
the pressure heads. The above equation can therefore be simplified to yield
an expression for the hydraulic head at any point in the soil mass:

hw = y + uw

�wg
(3.2)

The heads expressed in this equation have the dimension of length. Hydraulic
head is a measurable quantity, the gradient of which causes flow in satu-
rated and unsaturated soils. To illustrate how water flow through a soil mass,
Figure 3.4 considers two arbitrary points A and B at which a tensiometer and
a piezometer are used to measure its in situ pore water pressure, respectively.
The tensiometer at A is used to measure the pore water pressure when the pres-
sure is negative, whereas the piezometer at B is used to measure the pore water
pressure when the pore water pressure is positive.

The distance between the elevation of the point under consideration and
the datum indicates the elevation head (i.e. yA and yB).

The water level in the measuring device will rise or drop, depending upon
the pore water pressure at the point under consideration. For example, the
water level in the piezometer rises above the elevation of point B at a distance
equal to the positive pore water pressure head at point B. Alternately, the
water level in the tensiometer drops below the elevation of point A to a
distance equal to the negative pore water pressure head at point A. The
distance between the water level in the measuring device and the datum is
the sum of the gravitational and pressure heads (i.e. the hydraulic head).
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 uwhw = y + ρwg

Tensiometer

Piezometer

Datum

Ground surface

uw

ρwg
(negative)

uw

ρwg
(positive)

yB

yA hw(A)

hw(B)

A

B

Figure 3.4 Concept of potential and head for saturated soils (after Fredlund and
Rahardjo, 1993).

In Figure 3.4, point A has a higher total head than point B [i.e. hw�A� >
hw�B�]. Water will flow from point A to point B due to the total head
gradient between these two points. The driving potential causing flow in
the water phase has the same form for both saturated (i.e. point B) and
unsaturated (i.e. point A) soils (Freeze and Cherry, 1979). Water will flow
from a point of high total head to a point of low total head, regardless of
whether the pore water pressures are positive or negative.

Osmotic suction has sometimes been included as a component in the total
head equation for flow. However, it is better to visualize the osmotic suction
gradient as the driving potential for the osmotic diffusion process (Corey and
Kemper, 1961). Osmotic diffusion is a process where ionic or molecular con-
stituents move as a result of their kinetic activity. For example, an osmotic
gradient across a semi-permeable membrane causes the movement of water
through the membrane. On the other hand, the bulk flow of solutions
(i.e. pure water and dissolved salts) in the absence of a semi-permeable mem-
brane is governed by the hydraulic head gradient. Therefore, it would appear
superior to analyse the bulk flow of water separately from the osmotic diffu-
sion process since two independent mechanisms are involved (Corey, 1977).

Darcy’s law for unsaturated soils

The flow of water in a saturated soil is commonly described using Darcy’s
law (1856). He postulated that the rate of water flow through a soil mass
was proportional to the hydraulic head gradient:
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vw = −kw
�hw

�y
(3.3)

where
vw = flow rate of water
kw = coefficient of permeability with respect to the water phase
�hw/�y = hydraulic head gradient in the y-direction, which can be designated
as iwy.

The coefficient of proportionality between the flow rate of water and the
hydraulic head gradient is called the coefficient of permeability, kw. The
coefficient of permeability is relatively constant for a specific saturated soil.
The above equation can also be written for the x- and z-directions. The
negative sign in the equation indicates that water flows in the direction of a
decreasing hydraulic head.

Darcy’s law also applies for the flow of water through an unsaturated
soil (Buckingham, 1907; Richards, 1931; Childs and Collis-George, 1950).
In a saturated soil, the coefficient of permeability is a function of the void
ratio (Lambe and Whitman, 1979). However, the coefficient of permeability
of a saturated soil is generally assumed to be a constant when analysing
problems such as transient flow. In an unsaturated soil, the coefficient of
permeability is significantly affected by combined changes in the void ratio
and the degree of saturation (or water content) of the soil. Water flows
through the pore space filled with water; therefore, the percentage of the
voids filled with water is an important factor. As a soil becomes unsaturated,
air first replaces some of the water in the large pores, and this causes the
water to flow through the smaller pores with an increased tortuosity to
the flow path. A further increase in the matric suction of the soil leads to
a further decrease in the pore volume occupied by water. In other words,
the air–water interface is drawn closer and closer to the soil particles as
shown in Figure 3.5. As a result, the coefficient of permeability with respect
to the water phase decreases rapidly as the space available for water flow
reduces.

Coefficient of permeability with respect to the water phase

The coefficient of permeability with respect to the water phase, kw, is a
measure of the space available for water to flow through the soil. The
coefficient of permeability depends upon the properties of the fluid and the
properties of the porous medium. Different types of fluid (e.g. water and
oil) or different types of soil (e.g. sand and clay) produce different values
for the coefficient of permeability, kw.
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Figure 3.5 Development of an unsaturated soil by the withdrawal of the air–water
interface at different stages of matric suction or degree of saturation
(i.e. stages 1–5) (from Childs, 1969; after Fredlund and Rahardjo, 1993).

FLUID AND POROUS MEDIUM COMPONENTS

The coefficient of permeability with respect to the water phase, kw, can be
expressed in terms of the intrinsic permeability, K:

kw = �wg

�w
K (3.4)

where
�w = absolute (dynamic) viscosity of water
K = intrinsic permeability of the soil.

The above equation shows the influence of the fluid density, �w, and the
fluid viscosity, �w, on the coefficient of permeability, kw. The intrinsic
permeability of a soil, K, represents the characteristics of the porous medium
and is independent of the fluid properties.

The fluid properties are commonly assumed to be constant during the
flow process. The characteristics of the porous medium are a function of
the volume–mass properties of the soil. The intrinsic permeability is used in
numerous disciplines. However, in geotechnical engineering, the coefficient
of permeability, kw, is the most commonly used term.

RELATIONSHIP BETWEEN PERMEABILITY AND VOLUME–MASS

PROPERTIES

The coefficient of permeability, kw, is a function, f , of any two of three
possible volume–mass properties (Lloret and Alonso, 1980; Fredlund, 1981):

kw = f1�S� e� or kw = f2�e�w� or kw = f3�w�S�
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where
S = degree of saturation
e = void ratio
w = water content
f = a mathematical function.

EFFECT OF VARIATIONS IN DEGREE OF SATURATION ON PERMEABILITY

The coefficient of permeability of an unsaturated soil can vary considerably
during a transient process as a result of changes in the volume–mass proper-
ties. If the change in void ratio in an unsaturated soil may be assumed to be
small, its effect on the coefficient of permeability may be secondary. How-
ever, the effect of a change in degree of saturation may be highly significant.
As a result, the coefficient of permeability is often described as a singular
function of the degree of saturation, S, or the volumetric water content, �w.

A change in matric suction can produce a more significant change in the
degree of saturation or water content than can be produced by a change in
net normal stress. The degree of saturation has been commonly described
as a function of matric suction. The relationship is called the matric suction
versus degree of saturation curve, as shown in Figure 3.6.

Numerous semi-empirical equations for the coefficient of permeability
have been derived using either the matric suction versus degree of satura-
tion curve or the soil–water characteristic curve (SWCC). In either case,
the soil pore size distribution forms the basis for predicting the coefficient
of permeability. The pore size distribution concept is somewhat new to
geotechnical engineering. The pore size distribution has been used in other
disciplines to give reasonable estimates of the permeability characteristics of
a soil (Fredlund and Rahardjo, 1993).

The prediction of the coefficient of permeability from the matric suction
versus degree of saturation curve is discussed first, followed by the coefficient
of permeability prediction using the SWCC.

RELATIONSHIP BETWEEN COEFFICIENT OF PERMEABILITY AND DEGREE

OF SATURATION

Coefficient of permeability functions obtained from the matric suction ver-
sus degree of saturation curve have been proposed by Burdine (1952) and
Brooks and Corey (1964). The matric suction versus degree of saturation
curve exhibits hysteresis. Only the drainage curve is used in their derivations.
In addition, the soil structure is assumed to be incompressible.

There are three soil parameters that can be identified from the matric
suction versus degree of saturation curve. These are the air entry value
of the soil, �ua − uw�b, the residual degree of saturation, Sr, and the pore
size distribution index, 	. These parameters can readily be visualized if
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Figure 3.6 Determination of the air-entry value �ua − uw�b, residual degree of satu-
ration Sr and pore air size distribution index �. (a) Matric suction ver-
sus degree of saturation curve; (b) effective degree of saturation versus
matric suction curve (from Brooks and Corey, 1964; after Fredlund and
Rahardjo, 1993).
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the saturation condition is expressed in terms of an effective degree of
saturation, Se, (Corey, 1954) (see Figure 3.6b):

Se = S −Sr

1−Sr
(3.5)

where
Se = effective degree of saturation
Sr = residual degree of saturation.

The residual degree of saturation, Sr, is defined as the degree of saturation
at which an increase in matric suction does not produce a significant change
in the degree of saturation. The values for all degree of saturation variables
used in the above equation are in decimal form.

The effective degree of saturation can be computed by first estimating
the residual degree of saturation (see Figure 3.6b). The effective degree
of saturation is then plotted against the matric suction, as illustrated in
Figure 3.6b. A horizontal and a sloping line can be drawn through the
points. However, points at high matric suction values may not lie on the
straight line used for the first estimate of the residual degree of saturation.
Therefore, the point with the highest matric suction must be forced to lie on
the straight line by estimating a new value of Sr (see Figure 3.6b). A second
estimate of the residual degree of saturation is then used to recompute the
values for the effective degree of saturation. A new plot of matric suction
versus effective degree of saturation curve can then be obtained. The above
procedure is repeated until all of the points on the sloping line constitute
a straight line. This usually occurs by the second estimate of the residual
degree of saturation.

The air entry value of the soil, �ua −uw�, is the matric suction value that
must be exceeded before air recedes into the soil pores. The air entry value
is also referred to as the ‘displacement pressure’ in petroleum engineering or
the ‘bubbling pressure’ in ceramics engineering (Corey, 1977). It is a measure
of the maximum pore size in a soil. The intersection point between the
straight sloping line and the saturation ordinate (i.e. Se = 1
0) in Figure 3.6b
defines the air entry value of the soil. The sloping line for the points having
matric suctions greater than the air entry value can be described by the
following equation:

Se =
{

�ua −uw�b
�ua −uw�

}	

for �ua −uw� ≥ �ua −uw�b (3.6)

where
	 = pore size distribution index, which is defined as the negative slope of
the effective degree of saturation, Se, versus matric suction, �ua −uw�, curve.
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Figure 3.7 Typical matric suction versus degree of saturation curves for various soils with
their corresponding � values. (a) Matric suction versus degree of saturation
curves; (b) effective degree of saturation versus matric suction (from Brooks
and Corey, 1964; after Fredlund and Rahardjo, 1993).

Soils with a wide range of pore sizes have a small value for 	. The more
uniform the distribution of the pore sizes in a soil, the larger is the value for
	. Some typical 	 values for various soils which have been obtained from
matric suction versus degree of saturation curves are shown in Figure 3.7.

The coefficient of permeability with respect to the water phase, kw, can
be predicted from the matric suction versus degree of saturation curves as
follows (Brooks and Corey, 1964):

kw = ks for �ua −uw� ≤ �ua −uw�b (3.7)

kw = ksS
�
e for �ua −uw� ≥ �ua −uw�b (3.8)

where
ks = coefficient of permeability with respect to the water phase for the soil
at saturation (i.e. S = 100 per cent)
� = an empirical constant.
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The empirical constant, �, is related to the pore size distribution index:

� = 2+3


(3.9)

Table 3.1 presents several � values and their corresponding pore size distri-
bution indices, 	, for various soil types.

RELATIONSHIP BETWEEN WATER COEFFICIENT OF PERMEABILITY AND

MATRIC SUCTION

The coefficient of permeability with respect to the water phase, kw, can
also be expressed as a function of the matric suction by substituting the
effective degree of saturation, Se, into the permeability function (Brooks
and Corey, 1964). Several other relationships between the coefficient of
permeability and matric suction have also been proposed (Gardner, 1958a;
Arbhabhirama and Kridakorn, 1968) and these are summarized in Table 3.2.
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Figure 3.8 Gardner’s equation for the water coefficient of permeability as a function
of the matric suction (after Fredlund and Rahardjo, 1993).

The relationship between the coefficient of permeability and matric suc-
tion proposed by Gardner (1958a) is presented in Figure 3.8. The equation
provides a flexible permeability function which is defined by two constants,
‘a’ and ‘n.’ The constant ‘n’ defines the slope of the function, and the
‘a’ constant is related to the breaking point of the function. Four typical
functions with differing values of ‘a’ and ‘n’ are illustrated in the above
figure. The permeability functions are written in terms of matric suction;
however, these equations could also be written in terms of total suction.

RELATIONSHIP BETWEEN WATER COEFFICIENT OF PERMEABILITY AND

VOLUMETRIC WATER CONTENT

The water phase coefficient of permeability, kw, can also be related to the
volumetric water content, �w (Buckingham, 1907; Richards, 1931; Moore,
1939). A coefficient of permeability function, kw��w�, has been proposed
using the configurations of the pore space filled with water (Childs and
Collis-George, 1950). The soil is assumed to have a random distribution of
pores of various sizes and an incompressible soil structure. The permeability
function, kw��w�, is written as the sum of a series of terms obtained from
the statistical probability of interconnections between water-filled pores of
varying sizes.
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The volumetric water content, �w, can be plotted as function of matric
suction, �ua −uw�, and the plot is called the SWCC. Therefore, the perme-
ability function, kw��w�, can also be expressed in terms of matric suction
(Marshall, 1958; Millington and Quirk, 1959, 1961). In other words, the
soil–water characteristic curve can be visualized as an indication of the con-
figuration of water-filled pores. A theoretical relationship between the water
coefficient of permeability and the volumetric water content can be obtained
using the SWCC (Kunze et al., 1968; Fredlund and Rahardjo, 1993). The
comparisons between the computed and measured water permeabilities for
a sand specimen are illustrated in Figure 3.9.

HYSTERESIS OF THE PERMEABILITY FUNCTION

The coefficient of permeability, kw, is generally assumed to be uniquely
related to the degree of saturation, S, or the volumetric water content, �w.
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Figure 3.9 Comparisons between calculated and measured unsaturated permeabilities for
Lakeland fine sand. (a) Soil–water characteristic curves; (b) water coefficient
of permeability as a function of volumetric water content (from Elzeftawy and
Cartwright, 1981; after Fredlund and Rahardjo, 1993).
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This assumption may be reasonable since the volume of water flow is a
direct function of the volume of water in the soil. The relationships between
the degree of saturation (or volumetric water content) and the coefficient
of permeability appear to exhibit little hysteresis (Nielsen and Biggar, 1961;
Topp and Miller, 1966; Corey, 1977; Hillel, 1982). Nielsen et al. (1972)
stated, ‘The function kw��w� is well behaved, inasmuch as for coarse-textured
soils, it is approximately the same for both wetting and drying.’ However,
this is not the case for the relationship between the water coefficient of
permeability, kw, and matric suction, �ua − uw�. Since there is hysteresis
in the relationship between the volume of water in a soil and the stress
state [i.e. namely, �ua −uw�], there will also be hysteresis in the relationship
between the coefficient of permeability and matric suction.

The degree of saturation or volumetric water content shows significant
hysteresis when plotted versus matric suction, as shown in Figure 3.10.

As a result, the coefficient of permeability, which is directly related to
the volumetric water content or degree of saturation, will also show sig-
nificant hysteresis when plotted versus matric suction. The above figures
demonstrate a similar hysteresis form for both the volumetric water con-
tent, �w, and the coefficient of permeability, kw, when plotted against matric
suction. However, if the coefficient of permeability is cross-plotted against
volumetric water content, the resulting plot shows essentially no hysteresis,
as demonstrated in Figure 3.11.
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Liakopoulos, 1965; after Fredlund and Rahardjo, 1993).
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Flow of air in soils (Fredlund and Rahardjo, 1993)

Introduction

Fredlund and Rahardjo (1993) point out that the air phase of an unsaturated
soil can be found in two forms:

• the continuous air phase form
• the occluded air bubble form.

The air phase generally becomes continuous as the degree of saturation
reduces to around 85 per cent or lower (Corey, 1957). The flow of air
through an unsaturated soil commences at this point.

Under naturally occurring conditions, the flow of air through a soil
may be caused by factors such as variations in barometric pressure, water
infiltration by rain that compresses the air in the soil pores and temper-
ature changes. The flow of air in compacted fills may be due to applied
loads.

When the degree of saturation is above about 90 per cent, the air phase
becomes occluded, and air flow is reduced to a diffusion process through
the pore water (Matyas, 1967).

Driving potential for air phase

The flow of air in the continuous air phase form is governed by a concentra-
tion or pressure gradient. The elevation gradient has a negligible effect. The
pressure gradient is most commonly considered as the only driving potential
for the air phase. Both Fick’s and Darcy’s laws have been used to describe
the flow of air through a porous media.

Fick’s law for air phase

Fick’s law (1855) is often used to describe the diffusion of gases through
liquids. A modified form of Fick’s law can be applied to the air flow pro-
cess. Fick’s first law states that the rate of mass transfer of the diffusing
substance across a unit area is proportional to the concentration gradient
of the diffusing substance.

In the case of air flow through an unsaturated soil, the porous medium
(i.e. soil) can be used as the reference in order to be consistent with the
permeability concept for the water phase. This means that the mass rate of
flow and the concentration gradient in the air are computed with respect to
a unit area and a unit volume of the soil:

Ja = −Da
�C

�y
(3.10)
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where
Ja = mass rate of air flowing across a unit area of the soil
Da = transmission constant for air flow through a soil
C = concentration of the air expressed in terms of the mass of air per unit
volume of soil
�C/�y = concentration gradient in the y-direction.

The negative sign in Equation (3.10) indicates that air flows in the direction
of a decreasing concentration gradient. Equation (3.10) can similarly be
written for the x- and z-directions.

The concentration of air with respect to a unit volume of the soil can be
written as

C = Ma

Va/�1−S�n
(3.11)

where
Ma = mass of air in the soil
Va = volume of air in the soil
S = degree of saturation
n = porosity of the soil.

Substituting the density of air, �a, for �Ma/Va� in Equation (3.11) gives

C = �a�1−S� n (3.12)

Air density is related to the absolute air pressure in accordance with the
gas law �a = �aūa/RT . Therefore, the concentration gradient can also be
expressed with respect to a pressure gradient in the air. The gauge air
pressure is used in reformulating the original Fick’s law, since only the
gradient is of importance.

Ja = −Da
�C

�ua

�ua

�y
(3.13)

where
ua = pore air pressure
�ua/�y = pore air pressure gradient in the y-direction (or similarly in the
x- and z-directions).

A modified form of Fick’s law is obtained from Equation (3.13) by
introducing a coefficient of transmission for air flow through soils, D∗

a:

D∗
a = Da

�C

�ua
(3.14)
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or

D∗
a = Da

���a�1−S�n�

�ua
(3.15)

The coefficient of transmission, D∗
a, is a function of the volume–mass prop-

erties of the soil (i.e. S and n) and the air density. Substituting D∗
a into

Equation (3.15) results in the following form:

Ja = −D∗
a

�ua

�y
(3.16)

This modified form of Fick’s law has been used in geotechnical engineering
to describe air flow through soils (Blight, 1971).

The coefficient of transmission, D∗
a, can be related to the air coefficient

of permeability which is given the symbol, ka. The air coefficient of perme-
ability, ka, is the value measured in the laboratory.

A steady-state air flow can be established through an unsaturated soil
specimen with respect to an average matric suction or an average degree
of saturation. The soil specimen is treated as an element of soil having
one value for its air coefficient of permeability that corresponds to the
average matric suction or degree of saturation. This means that the air
coefficient of permeability is assumed to be constant throughout the soil
specimen. Steady-state air flow is produced by applying an air pressure
gradient across the two ends of the soil specimen. The amount of air flowing
through the soil specimen is measured at the exit point as a flow under
constant pressure conditions (i.e. usually at 101.3 kPa absolute or zero gauge
pressure) (Matyas, 1967). In other words, the mass rate of the air flow is
measured at a constant air density, �ma. Equation (3.16) can be rewritten
for this particular case as follows:

�ma
�Va

�t
= −D∗

a

�ua

�y
(3.17)

or

va = −D∗
a

1
�ma

�ua

�y
(3.18)

where
�ma = constant air density corresponding to the pressure used in the mea-
surement of the mass rate (i.e. at the exit point of flow)
�Va/�t = volume rate of the air flow across a unit area of the soil at the exit
point of flow; designated as flow rate, va.
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The pore air pressure, ua, in Equation (3.18) can also be expressed in terms
of the pore air pressure head, ha, using a constant air density, �ma:

va = −D∗
a g

�ha

�y
(3.19)

where
ha = pore air pressure head (i.e. ua/�ma g)
�ha/�y = pore air pressure head gradient in the y-direction; designated as iay.

This equation has the same form as Darcy’s equation for the air phase:

va = −ka
�ha

�y
(3.20)

where the relationship between the air coefficient of transmission, D∗
a, and

the air coefficient of permeability, ka, is defined as follows:

ka = D∗
ag (3.21)

The hydraulic head gradient, �ha/�y, consists of the pore air pressure head
gradient as the driving potential. Equation (3.20) has been used in geotech-
nical engineering to compute the air coefficient of permeability, ka (Barden,
1965; Matyas, 1967; Langfelder et al., 1968; Barden et al., 1969; Barden
and Pavlakis, 1971).

Air permeability measurements can be performed at various matric suc-
tions or different degrees of saturation in order to establish the functional
relationship, ka�ua − uw�, or ka�S�. This relationship also applies to the air
coefficient of transmission, D∗

a, since the two coefficients are related by a
constant, ‘g’.

Experimental verifications have been carried out for Fick’s and Darcy’s
laws by Blight (1971).

Coefficient of permeability with respect to air phase

Several relationships have been proposed between the air coefficient of per-
meability and the volume–mass properties of a soil. The coefficient of trans-
mission, D∗

a, can either be computed in accordance with the Equation (3.21)
or measured directly in experiments. The coefficient of permeability for
the air phase, ka, is a function of the fluid (i.e. air) and soil volume–mass
properties, as described by Equation (3.4). The fluid properties are gener-
ally considered to be constant during the flow process. Therefore, the air
coefficient of permeability can be expressed as a function of the volume–
mass properties of the soil. In this case, the volumetric percentage of air
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in the pores is an important factor since air flows through the pore space
filled with air. As the matric suction increases or the degree of saturation
decreases, the air coefficient of permeability increases.

RELATIONSHIP BETWEEN AIR COEFFICIENT OF PERMEABILITY AND

DEGREE OF SATURATION

The prediction of the air coefficient of permeability based on the pore size
distribution and the matric suction versus degree of saturation curve has also
been proposed for the air phase. The air coefficient permeability function,
ka, is essentially the inverse of the water coefficient of permeability function,
kw. The following equation has been used by Brooks and Corey (1964) to
describe the ka�Se� function:

ka = 0 for �ua −uw� ≤ �ua −uw�b (3.22)

kw = kd�1−Se�
2�1−S�2+	�/	

e � for �ua −uw� > �ua −uw�b (3.23)

where
kd = coefficient of permeability with respect to the air phase for a soil at a
degree of saturation of zero.

RELATIONSHIP BETWEEN AIR COEFFICIENT OF PERMEABILITY

AND MATRIC SUCTION

Another form of Equation (3.23) is obtained when the effective degree of sat-
uration, Se, is expressed in terms of matric suction (Brooks and Corey, 1964),

ka = 0 for �ua −uw� ≤ �ua −uw�b (3.24)

kw = kd

[
1−

{
�ua −uw�b
�ua −uw�

}	
]2 [

1−
{

�ua −uw�b
�ua −uw�

}2+	
]

(3.25)

for �ua −uw� > �ua −uw�b

The following figure illustrates the agreement between measured data and
the theoretical air coefficient of permeability function described using the
immediate above equation. Several studies have been conducted on the
air permeability of compacted soils. The coefficient of permeability with
respect to air, ka, decreases as the soil water content or degree of saturation
increases (Ladd, 1960; Olson, 1963; Langfelder et al., 1968; Barden and
Pavlakis, 1971). The comparisons between the air and water coefficients
of permeability for a soil compacted at different water contents or matric
suction values are illustrated Figure 3.12.
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Figure 3.12 Air coefficients of permeability ka and water coefficients of permeability
kw as a function of the gravimetric water content for Westwater soil
(from Barden and Pavlakis, 1971; after Fredlund and Rahardjo, 1993).

The air and water coefficients of permeability, ka and kw, were measured
on the same soil specimen during steady-state flow conditions induced by
small pressure gradients. The air coefficient of permeability, ka, decreases
rapidly as the optimum water content is approached. At this point, the air
phase becomes occluded, and the flow of air takes place as a diffusion of air
through water. The occluded stage for soils with a high clay content usually
occurs at water contents higher than the optimum water content (Matyas,
1967; Barden and Pavlakis, 1971).

Although the air coefficient of permeability decreases and the water coef-
ficient of permeability increases with increasing water content, the air per-
meability values remain significantly greater than the water permeability
values for all water contents. The difference in air and water viscosities is
one of the reasons for the air coefficient of permeability being greater than
the water coefficient of permeability.



 

Flow laws, seepage and state-dependent soil–water characteristics 117

The coefficient of permeability is inversely proportional to the absolute
(i.e. dynamic) viscosity of the fluid, �, as shown in the equation, kw =
��g K/�w�. The absolute viscosity of water, �w, is approximately 56 times
the absolute viscosity of air, �a, at an absolute pressure of 101.3 kPa and
a temperature of 20�C. Assuming that the volume–mass properties of a
soil do not differ for completely saturated and completely dry conditions,
the saturated water coefficient of permeability would be expected to be 56
times smaller than the air coefficient of permeability at the dry condition
(Koorevar et al., 1983). It should be noted that this may not be the case for
many soils.

Another factor affecting the measured air coefficient of permeability is the
method of compaction. A dynamically compacted soil usually has a higher
air coefficient of permeability than a statically compacted soil at the same
density.

The air coefficient of transmission, D∗
a, can be obtained by dividing the

air coefficient of permeability, ka, by the gravitational acceleration, g. If
the gravitational acceleration is assumed to be constant, D∗

a functions are
similar to the above air permeability, ka, functions.

Diffusion (Fredlund and Rahardjo, 1993)

Introduction

The diffusion process occurs in response to a concentration gradient (Fred-
lund and Rahardjo, 1993). Ionic or molecular movement will take place
from regions of higher concentration to regions of lower concentration. The
air and water phase in a soil (i.e. soil voids) are the conducting media for
diffusion processes. On the other hand, the soil structure determines the
path length and cross-sectional area available for diffusion. The transport
of gases (e.g. O2 and CO2), water vapour and chemicals are examples of
diffusion processes in soils.

There are two diffusion mechanisms common to unsaturated soil
behaviour.

• The first type of diffusion involves the flow of air through the pore water
in a saturated or unsaturated soil (Barden and Sides, 1967; Matyas,
1967). Another example of air diffusion involves the passage of air
through the water in a high air entry ceramic disk. This type of diffu-
sion involves gases dissolving into water and subsequently coming out
of water.

• The second type of diffusion involves the movement of constituents
through the water phase due to a chemical concentration gradient or
an osmotic suction gradient.
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Air diffusion through water

Fick’s law can be used to describe the diffusion process. The concentra-
tion gradient which provides the driving potential for the diffusion process
is expressed with respect to the soil voids (i.e. air and water phases). In
other words, the mass rate of diffusion and the concentration gradient are
expressed with respect to a unit area and a unit volume of the soil voids,
respectively.

The formulation of Fick’s law for diffusion in the y-direction is as follows:

�M

�t
= −D

�C

�y
(3.26)

where
�M/�t = mass rate of the air diffusion across a unit area of the soil voids
D = coefficient of diffusion
C = concentration of the diffusion air expressed in terms of mass per unit
volume of the soil voids
�C/�y = concentration gradient in the y-direction (or similarly in the x- or
z- direction).

The diffusion equation can appear in several forms, similar to the forms
presented for the flow of air through a porous medium. The concentration
gradient for gas or water vapour (i.e. �C/�y� can be expressed in terms of
their partial pressures. Consider a constituent diffusing through the pore
water in a soil. Equation (3.26) can be rewritten with respect to the partial
pressure of the diffusing constituent:

�M

�t
= −D

�C

�ūi

�ūi

�y
(3.27)

where
ūi = partial pressure of the diffusing constituent
�C/�ūi = change in concentration with respect to a change in partial pressure
�ūi/�y = partial pressure gradient in the y-direction (or similarly in the
x- or z-direction).

The mass rate of the constituent diffusing across a unit area of the soil
voids (i.e. �M/�t) can also be determined by measuring the volume of the
diffused constituent under constant pressure conditions. The ideal gas law
is applied to the diffusing constituent in order to obtain the mass flow
rate:

�M

�t
= ūfi

�i

RT

�Vfi

�t
(3.28)
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where
ūfi = absolute constant pressure used in the volume measurement of the
diffusing constituent
�i = molecular mass of the diffusing constituent
R = universal (molar) gas constant
T = absolute temperature
�Vfi/�t = flow rate of the diffusing constituent across a unit area of the
soil voids
Vfi = volume of the diffusing constituent across a unit area of the soil voids.

The change in concentration of the diffusing constituent relative to a change
in partial pressure (i.e. �C/�ūi� is obtained by considering the change in
density of the dissolved constituent in the pore water. The density of the
dissolved constituent in the pore water is the ratio of the mass of dissolved
constituent to the volume of water:

�C

�ūi
= ��Mdi/Vw�

�ūi
(3.29)

where
Mdi = mass of the dissolved constituent in the pore water
Vw = volume of water.

Applying the ideal gas law, Equation (3.29) yields the following equation:

�C

�ūi
=

�

(
Vdi

Vw
ūi

�i

RT

)

�ūi
(3.30)

where
Vdi = volume of the dissolved constituent in the pore water.

The ratio of the volume of dissolved constituent to the volume of water
(i.e. Vdi/Vw) is referred to as the volumetric coefficient of solubility, h. Under
isothermal conditions, h is essentially a constant.

�C

�ūi
= h

�i

RT
(3.31)

where
h = volumetric coefficient of solubility for the constituent in water.

By substitutions and rearranging the above equations, van Amerongen
(1946) obtained the following diffusion equation:



 

120 Physical and flow characteristics

vfi = −Dh

ūfi

�ūi

�y
(3.32)

where
vfi = flow rate of the diffusing constituent across a unit area of the soil
voids, ��Vfi/�t).

Equation (3.32) can be applied to air or gas diffusion through the pore
water in a soil or through free water or some other material such as a rubber
membrane (Poulos, 1964). The partial pressure in the above equation can
be expressed in terms of the partial pressure head, hfi = ūfi/�fig with respect
to the constituent density, �fi. The density, �fi, corresponds to the absolute
constant pressure, ūfi, used in the measurement of the diffusing constituent
volume. The absolute constant pressure, ūfi, is usually chosen to correspond
to atmospheric conditions (i.e. 101.3 kPa), and �fi is the constituent density
at the corresponding pressure.

vfi = −Dh
�fig

ūfi

�hfi

�y
(3.33)

where
�fi = constituent density at the constant pressure, ūfi, used in the volume
measurement of the diffusing constituent
hfi = partial pressure head (ūfi/�fig�.

Equation (3.33) has a similar form to Darcy’s law. Therefore,
Equation (3.33) can be considered as a modified form of Darcy’s law for
air flow through an unsaturated soil with occluded air bubbles where the
air flow is of the diffusion form.

vfi = −kfi
�hfi

�y
(3.34)

where kfi = diffusion coefficient of permeability for air through an unsatu-
rated soil with occluded air bubbles.

The diffusion coefficient of permeability can then be written as follows:

kfi = Dh
�fig

ūfi
(3.35)

Substituting the ideal gas law into Equation (3.35) results in another form
for the diffusion coefficient of permeability:

kfi = D
h�ig

RT
(3.36)
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This equation indicates that under isothermal conditions, the coefficient of
permeability (i.e. diffusion type) is directly proportional to the coefficient
of diffusion since the term �h�ig/RT� is a constant.

The diffusion coefficients, D, for air through water were computed in
accordance with the equation, vfi = −kfi�hfi/�y (Barden and Sides, 1967).
The diffusion values for porous media (e.g. soils) appear to be smaller than
the diffusion values for free water. This has been attributed to factors such
as the tortuosity within the soil and the higher viscosity of the adsorbed
water close to the clay surface. As a result, the diffusion values decrease as
the soil water content decreases.

Chemical diffusion through water

The flow of water induced by an osmotic suction gradient (or a chemical
concentration gradient) across a semi-permeable membrane can be expressed
as follows:

�M

�t
= −Do

��

�y
(3.37)

where
�M/�t = mass rate of pure water diffusion across a unit area of a semi-
permeable membrane
Do = coefficient of diffusion with respect to osmotic suction (i.e. Do =
�C/���
C = concentration of the chemical
� = osmotic suction
��/�y = osmotic suction gradient in the y-direction (or similarly in the
x- or z-direction).

A semi-permeable membrane restricts the passage of the dissolved salts, but
allows the passage of solvent molecules (e.g. water molecules). Clay soils
may be considered as ‘leaky’ semi-permeable membranes because of the
negative charges on the clay surfaces (Barbour, 1987). Dissolved salts are not
free to diffuse through clay particles because of the adsorption of the cations
to the clay surfaces and the repulsion of the anions. This, however, may
not completely restrict the passage of dissolved salts, as would be the case
for a perfectly semi-permeable membrane. Therefore, pure water diffusion
through a perfect, semi-permeable membrane may not fully describe the
flow mechanism related to the osmotic suction gradient in soils.

Summary of flow laws (Fredlund and Rahardjo, 1993)

Several flow laws related to the fluid phases of an unsaturated soil have
been described in the preceding sections. A summary of the flow laws is
given in Table 3.3 (after Fredlund and Rahardjo, 1993).
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Soil–water characteristic curves and water
permeability functions (Fredlund et al., 2001a,
2002)

Introduction

What is a SWCC? It is a relationship between water content and suction of
a soil. Hydraulically and physically, it means how much equilibrium water
a soil can take at a given suction originally. Although SWCCs are taking
on an increasingly important role in the application of unsaturated soil
mechanics to geotechnical and geoenvironmental engineering, there is a lack
of consistency in the terminology used to describe the relationship between
the amount of water in a soil and soil suction (Fredlund et al., 2001a). The
lack of a consistent terminology is primarily the result of having numerous
disciplines involved with measuring and using the data. The desire, however,
is to encourage greater consistency on terminology for the disciplines of
geotechnical and geoenvironmental engineering.
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Some of the terms used when referring to the relationship between the
amount of water in the soil and soil suction are as follows (Fredlund
et al., 2001a):

• soil–water characteristic curve
• suction–water content relationship
• moisture retention curves
• soil moisture retention curves and
• water retention curves.

The recommendation is that the term ‘soil–water characteristic curve’ be
used in civil engineering related disciplines. The preference is to use ‘soil–
water’ because it is the water content of the soil that is measured. The
preference is to use the word ‘characteristic’ simply because it appears to
have historically been the most common term used in engineering. In addi-
tion, the ‘characteristic’ implies that the curve describes the character or
the behaviour of the soil. The word ‘retention’ is more closely related to
retaining water for plant growth in agriculture.

Conventionally, a SWCC is determined from a drying path without the
consideration of the effects of volume changes and stress state. Ng and Pang
(2000a,b) have demonstrated experimentally and numerically the relevance
and importance of considering these two effects and introduced the con-
cept of stress-dependent soil–water characteristic curve (SDSWCC). In this
book, SWCC is reserved for a drying curve without including the effects of
volume changes and stress state as usual, unless stated otherwise. On the
other hand, the term ‘SDSWCC’ is exclusively used for a state-dependent
soil–water characteristic curve which incorporates the effects of two inde-
pendent stress state variables (i.e. suction and net mean stress) and volume
changes.

Components of soil suction

There are numerous factors that have been suggested as contributing fac-
tors to soil suction. At the same time, there appears to be two primary
components of soil suction: matric suction and osmotic suction. Krahn and
Fredlund (1972) tested two soils and independently measured the matric,
osmotic and total suctions of numerous specimens (Figure 3.13). The test
results showed that the matric plus the osmotic components of suction,
essentially add up to total suction. While there may be other components of
soil suction, it would appear that the matric and osmotic components are
the dominant components making up total suction.

From thermodynamic considerations, it has been hypothesized that there
are two primary mechanisms that can result in a vapour pressure reduction
at the air–water interphase (i.e. contractile skin). The mechanisms are a
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Figure 3.13 Independent measurements of matric, osmotic and total suctions for
a clayey soil compacted at various water contents (after Fredlund
et al., 2001a).

curved meniscus giving rise to matric suction and salts in the pore fluid
giving rise to osmotic suction. Geotechnical engineers are most commonly
solving problems related to changes in the negative pore water pressure of
the soil. Consequently, it is the matric suction component that is of most
relevance in unsaturated soil mechanics, just as positive pore water pressures
are of greatest importance in saturated soil mechanics.

There are two types of plots found in the literature where soil suction is
plotted versus water content. Figure 3.13 shows the initial components of
soil suction on as-compacted soil specimens. This is NOT a SWCC since
it is possible to take each of the data points and continue to measure the
SWCC (Fredlund et al., 2001a)

Components of soil suction on the soil–water
characteristic curve

Considerable confusion has arisen in the application of SWCC information
in geotechnical engineering. The confusion arises primarily over the mixed
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Figure 3.14 A single specimen, 500-kPa pressure plate cell developed at the University of
Saskatchewan, Canada (after Fredlund, 2002).

components of suction commonly plotted to make up the SWCC. Pressure
plate apparatuses (see Figure 3.14) are generally used to apply suctions up
to 1,500 kPa. The water contents at equilibrium are measured. Vacuum
desiccators (see Figure 3.15) are generally used to equilibrate small soil spec-
imens for suctions greater than 1,500 kPa. The equilibrium water content
corresponds to total suctions. The matric and total suction data obtained
in the laboratory are routinely plotted on the same graph. In other words,
the lower values of soil suction are matric suction while the higher values
of suction are total suction.

The total suction values are generally in the residual suction range for the
soil. Figure 3.16 shows how the two components of soil suction interrelate
to total suction for a silty clay soil. It is not suggested that there be any
change in the manner in which SWCC data is routinely plotted. There
simply needs to be a recognition that mixed components of suction are
being plotted and that the mechanisms related to classic soil mechanics
(i.e. seepage, shear strength and volume change) are quite different in the
low and high soil suction ranges. For example, there can be hydraulic flow
of liquid water in a soil up to residual suction conditions, but it appears
that vapour flow moisture is of most significance in the residual suction
range.
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Figure 3.15 Vacuum desiccator for equilibrating small soil specimens in a constant
relative humidity environment above a controlled salt solution (after
Fredlund, 2002).
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Figure 3.16 The components and total suction for a typical silty clay soil (after
Fredlund et al., 2001a).

Units of soil suction

One of the first units used as a measure of soil suction was pF. The pF unit
is equal to the logarithm (to the base 10) of the absolute value of a column
of water in centimetres that equilibrates with the suction in the soil. The pF
scale was widely used in agronomy and soil physics for many years. More
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recently, there appears to be a substantial move towards an acceptable SI
system of units.

There are numerous disadvantages to using the pF system of stress mea-
surements for engineering. For example, the pF scale does not translate
across the water table from positive to negative pore water pressures. This
gives the perception that there is a division between positive pore water
pressure and negative pore water pressure conditions (i.e. between satu-
rated soil mechanics and unsaturated soil mechanics). Also, the logarithm
is being taken of a negative water head. But most importantly, pF is not an
acceptable SI unit of measurement.

The most commonly used unit for soil suction appears to be kilo-
pascals, kPa. When referring to high suctions, it might be preferable to
use megapascals (i.e. 1�000kPa = 1MPa). There are many other units
of stress used in the literature for soil suction (e.g. psi, psf, kgf/cm2,
tsf, etc.). There may be need to use different units for soil suction in
some cases, but there are definite benefits related to ease and accu-
racy of interpretation related to using a consistent set of units such as
kilopascals.

Range of units of soil suction

There is an upper and lower limit to the range for soil suction. The lower
limit is zero. This corresponds to the case of zero pore water pressure and
(theoretically) no salts in the pore fluid when considering total suction. The
upper limit of soil suction corresponds to a dry soil (i.e. zero water content).
The upper limit of soil suction is generally in the order of 1,000,000 kPa.
Soil suction approaches approximately 1,000,000 kPa when a soil has lost
all its water and the relative humidity approaches zero.

SWCC curve data are usually plotted with soil suction on a logarithmic
scale since the data vary over several orders of magnitude. Therefore, the
maximum soil suction has a logarithm of 6 on the SI scale. Unfortunately,
there is no lower limit on the logarithm scale as soil suction approaches zero.
The logarithm scale is particularly valuable for determining the air-entry
value and residual conditions for the soil.

It is recommended that SWCC data always be plotted on a logarithmic
scale for interpretation purposes. This applies regardless of the soil suction
range over which measurement have been made. It is recommended that the
lower limit of soil suction required for most cases is about 0.1 kPa. This is
essentially the lowest suction that can be applied to a soil through a high air-
entry disk. Figure 3.17 shows an example of a – SWCC data set (desorption
or drying curve) with soil suction plotted from 0.1 to 1,000,000 kPa. Even
if there may not be any data in the high suction range, it is still possible to
get a perspective or ‘feel’ for the entire SWCC.
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Figure 3.17 Typical soil–water characteristic curve data set (desorption or drying
branches) for a sandy soil (after Fredlund et al., 2001a).

Descriptions of water content

There have been numerous designations used as a measure for the amount
of water in the soil. The three most basic measures are the following:

• volumetric water content, �w,
• gravimetric water content, w, and
• degree of saturation, S.

All three of the above variables will convey similar information to the
engineer provided the structure of the soil is essentially incompressible.
Clayey soils may undergo volume change as a result of a soil suction increase.
In this case, it is the degree of saturation variable that provides the indication
of the air-entry value of the soil.

Volumetric water content has most commonly been used in agriculture-
related disciplines when plotting SWCC data. Volumetric water content is
defined as an instantaneous water content in the sense that the volume of
water in the soil is referenced to the present total volume. However, it is gen-
erally not the instantaneous volumetric water content that is being plotted
since the volume of water is usually referenced back to the original volume
of soil, and volume changes are not considered generally. Consequently,
both the gravimetric water content representation and the volumetric water
content representation portray similar information.

It is recommended that gravimetric water content be used when plotting
the SWCC when there are no continuous volume measurements. At the
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same time, it is recognized that volumetric water content appears in the
formulation of transient flow processes when using a referential element.
Care must be exercised when using volumetric water content to ensure
that continuous volume measurements are made and the correct reference
volume is used in both the mathematical formulations and the laboratory
measurements. If so, �w, or degree of saturation, S, can be used in plotting
the SWCC. If the volume of water in the soil is always referenced back to the
original total volume, then it is better that this variable simply be referred
to as, Vw/Vt where Vw is the present volume of water and Vt is the initial
total volume of the soil specimen.

If the SWCC data is to be used to estimate unsaturated soil property
functions, it is of benefit to normalize or dimensionalize the water content
scale. The dimensionless water content, �d, can be defined as follows:

�d = w

ws
(3.38)

where w = any gravimetric water content and ws = gravimetric water con-
tent at saturation. The total range of water contents from the saturated state
under zero confining pressure to zero water content are reduced to a scale
of 1.0–0.0, respectively. The normalized water content �n, can be defined
as follows:

�n = w−wr

w−ws
(3.39)

where wr = gravimetric water content at the commencement of residual
conditions.

Terminology used for a soil–water characteristic curve

Variables that should be defined from the SWCC, if possible, are the:

• saturated water content, ws• air-entry value, �aev• inflection point suction, �inf• inflection point water content, winf• slope at the inflection point, ninf (rate of desorption or drying),
• residual suction, �r and
• residual water content, wr.

Figure 3.18 shows an ideal data set along with the definition of each variable
for a drying SWCC. Straight lines on a semi-log plot are necessary for the
constructions. The first line is horizontal through saturation water content.
The second line passes tangent to the steepest portion of the SWCC data.
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Figure 3.18 An ideal data set along with the definition of each variable for a drying SWCC
(after Fredlund et al., 2001a).

The third line passes through 1,000,000 kPa and extends back through data
points at high suctions (provided the data are available).

Conventional methods for measurement of the soil–water
characteristic curve

Overview

The drying conventional SWCC curve with continuous volume measure-
ments and applying stresses can be measured in the laboratory with relative
ease (Fredlund and Rahardjo, 1993; Barbour, 1998). The test equipment
is commonly found in soil science laboratories and has also found its way
into some soil mechanics laboratories. The cost of performing the tests is
somewhat less than the costs associated with performing a one-dimensional
consolidation test. Of course, some advanced measuring devices, which are
capable of applying one-dimensional, isotropic and deviatoric stresses with
continuous volume measurements (Ng and Pang, 2000a, b; Ng et al., 2001a)
do provide more realistic and appropriate results for engineering applica-
tions but with increased complexity.

The experimental measurement of a drying SWCC can be divided into two
parts, namely the regions where the suctions are less than approximately
1,500 kPa and the regions where the suctions are greater than 1,500 kPa.
Suctions greater than 1,500 kPa are generally established using an osmotic
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desiccator (see Figure 3.15). The water content corresponding to high suc-
tion values (i.e. suctions greater than 1,500 kPa) is determined by allowing
small soil specimens to come to equilibrium in an osmotic desiccator con-
taining a salt solution.

Water contents corresponding to low suction values are usually deter-
mined using an acrylic pressure plate device (often referred to as a Tempe
Cell, see Figure 3.19) with a 1 bar (100 kPa) high-air-entry disk. A second
commercially available pressure plate device is the Volumetric Pressure Plate
(see Figure 3.20), which has a 2 bar (200 kPa) high-air-entry disk. A third
pressure plate device is available with a 15 bar (1,500 kPa) ceramic or a
pressure membrane (See Figure 3.21). Each of the above pieces of equip-
ment was designed for use in areas other than geotechnical engineering. As
such, each apparatus has certain limitations, and several attempts have been
made to develop an apparatus more suitable for geotechnical engineering.
Two such devices are the one-dimensional stress controllable volumetric
pressure plate (see Figure 3.22) and the triaxial-stress controllable appa-
ratus (see Figure 3.23). Details of these advanced devices are described
later.

Figure 3.19 Assemblage of the Tempe pressure cell. (a) Disassembled components
of a Tempe cell; (b) assembled Tempe cell (courtesy Soilmoisture Equip-
ment Corp.; after Fredlund and Rahardjo, 1993).



 

Figure 3.19 (Continued).

Figure 3.20 Disassembled components of a volumetric pressure plate extrac-
tor (courtesy Soilmoisture Equipment Corp.; after Fredlund and
Rahardjo, 1993).
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Figure 3.21 Pressure membrane extractor (courtesy Soilmoisture Equipment Corp.;
after Fredlund and Rahardjo, 1993).

Test procedures for measuring the soil–water characteristic curve

The test procedure for measuring the SWCC was originally developed in
soil science and agronomy, but the test procedures adopted within geotech-
nical engineering have remained similar until late 1990s (Fredlund, 2000).
The attention given to the initial preparation of soil specimens is quite
different between geotechnical engineering and soil science. The agriculture-
related disciplines have generally not paid much attention to the initial state
(or structure) of the soil specimens. On the other hand, many of the soil
mechanics theories used in geotechnical engineering are predicated on the
assumption that it is possible to obtain undisturbed soil samples that can
be tested to measure in situ physical soil properties. SWCC data collected



 

Figure 3.22 (a) Assembled volumetric pressure plate extractor; (b) Components of mod-
ified volumetric pressure-plate extractor (Ng and pang, 2000b).
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Figure 3.23 Triaxial pressure plate testing system (after Ng et al., 2007).

from a variety of sources will generally have used several different specimen
preparation procedures.

Initial preparation states for a soil specimen can be categorized as follows
(Fredlund, 2000):

• natural (or so-called undisturbed) samples that retain the in situ soil
structure,

• completely remoulded specimens where the soil is mixed with water to
form a semi-liquid paste and

• remoulded and compacted samples where the initial water content is
near to the plastic limit.

Regardless of which of the above conventional procedures is used, the soil
specimens are placed into the pressure plate apparatus, covered with water
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and allowed to saturate. Therefore, the soil suction is reduced to zero prior
to commencing the formal test.

The difference between the various specimen preparation procedures may
not be of great concern for a sandy soil but the opposite is true for a clayey
soil. The soil structure and secondary microstructure become of increasing
concern for clay-riched soils. Different testing procedures should be carefully
considered and adopted. Figure 3.24 shows the effect that the above initial
states can have on the drying curves for a clayey soil (Fredlund, 2000). It
is well recognized that there is no single or unique SWCC for a particular
soil. More details of sample preparations and testing procedures are given
by Fredlund and Rahardjo (1993).

Mathematical forms of soil–water characteristic curve
(Fredlund and Xing, 1994)

Fredlund (2000) reviews several mathematical equations that have been
proposed to describe the SWCC. The equation of Gardner (1958) was
originally proposed for defining the unsaturated coefficient of permeability
function, and its application to the SWCC is inferred (see Table 3.4). The
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Figure 3.24 Illustration of the influence of initial state on the soil–water characteristic
curve (after Fredlund, 2000).
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mathematical equations proposed by Burdine (1952) and Maulem (1976)
are two-parameter equations that become special cases of the more general
three-parameter equation proposed by van Genuchten (1980). These equa-
tions are asymptotic to horizontal lines in the low soil suction range and a
suction beyond residual conditions. As such, these equations are not forced
through zero water content at 1,000,000 kPa of suction. A correction factor,
Cr, has been applied to the mathematical equation proposed by Fredlund
and Xing (1994). The correction factor forces the SWCC function through
a suction of 1,000,000 kPa at a water content of zero. All of the proposed
equations in Table 3.4 provide a reasonable fit of SWCC data in the low-
and intermediate-suction ranges (Leong and Rahardjo, 1997a). In all cases,
the a parameter bears a relationship to the air-entry value of the soil and
usually refers to the inflection point along the curve. The n parameter cor-
responds to the slope of the straight-line portion of the main desorption
(i.e. drying) or adsorption portion of the SWCC.

The Fredlund and Xing (1994) mathematical function applies over the
entire range of soil suctions from 0 to 1,000,000 kPa. The relationship
is essentially empirical and, similar to earlier models, is based on the
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assumption that the soil consists of a set of interconnected pores that are
randomly distributed. Subsequent discussions on the SWCC are restricted
to the Fredlund and Xing’s equation.

The Fredlund and Xing (1994) equation, written in terms of gravimetric
water content, w, is as follows:

w = C ���
ws[

ln
(
e+ (�

a

)n)]m (3.40)

where ws is the saturated gravimetric water content;
a is a suction value corresponding to the inflection point on the curve and
is somewhat greater than the air-entry value;
n is a soil parameter related to the slope of the SWCC at the inflection point;
� is the soil suction (i.e. matric suction at low suctions and total suction at
high suctions);
m is a fitting parameter related to the results near to residual water content;
e is the natural number, 2.71828� � �; and
C��� is the correction function that causes the SWCC to pass through a
suction of 1,000,000 kPa at zero water content.

The correction function C��� is defined as

C ��� =

⎡
⎢⎢⎣1−

ln
(

1+ �

�r

)

ln
(

1+ 1 000 000
�r

)
⎤
⎥⎥⎦ (3.41)

where �r is the suction value corresponding to residual water content, wr.
Residual suction can be estimated as 1,500 kPa for most soils, unless the
actual value is known, Equation (3.41) can be written in a dimensionless
form by dividing both sides of the equation by the saturated gravimetric
water content (i.e. � = w/ws, where � is the dimensionless water content):

� = C ���
1[

ln
(

e+
(

�

a

)n)]m (3.42)

Equation (3.42) can be used to best fit the desorption or adsorption branches
of the SWCC data over the entire range of suctions. The fitting parameters
(i.e. a� n and m values) can be determined using a nonlinear regression
procedure such as the one proposed by Fredlund and Xing (1994).

The character of the Fredlund and Xing (1994) Equation (3.42) can be
observed by varying each of the curve-fitting parameters (i.e. a� n and m).
Figure 3.25 illustrates the lateral translation of the SWCCs as a result of



 

Flow laws, seepage and state-dependent soil–water characteristics 139

Soil suction (kPa)

D
im

en
si

on
le

ss
 w

at
er

 c
on

te
nt

, θ
 (

%
)

100

80

60

40

20

0
0.1 1 10 100 1,000 10,000 100,000 1,000,000

n = 1.5
m = 1.0
a = 25 kPa
a = 125 kPa
a = 625 kPa
a = 3,125 kPa
Location of a on
the curve
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Figure 3.26 Plot of the Fredlund and Xing (1994) equation with m and n constant
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varying the a parameter with the n parameter fixed at 1.5. Figure 3.26
illustrates the change in slope of the SWCC as a result of changing the n
parameter with the a parameter fixed at 25 kPa. Figure 3.27 illustrates the
rise in the SWCC as the m parameter is varied. The correction factor, C���,
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was set at 1.0 for each of the three illustrative examples. If C��� is computed
using Equation (3.41), each of the SWCCs would pass through a soil suction
of 1,000,000 kPa at zero water content.

Hysteresis of soil–water characteristic curve

Of course, the real soil behaviour is far more complex. The hysteresis asso-
ciated with the drying and wetting of a soil illustrates that there is no unique
SWCC (Haines, 1930; Hillel, 1998; Fredlund, 2000, 2002). As discussed
by Hillel (1998), the relation between matric potential and soil wetness
can be obtained in two ways: (1) in drying (desorption), by starting with
a saturated sample and applying increasing suction, in a step-wise manner,
to gradually dry the soil while taking successive measurements of wetness
versus suction; and (2) in wetting (sorption), by gradually wetting an ini-
tially dry soil sample while reducing the suction incrementally. Each of these
methods yields a continuous curve, but the two curves will generally not be
identical. The equilibrium soil wetness at a given suction is greater in drying
than in sorption wetting. This dependence of the equilibrium content and
state of soil–water upon the direction of the process leading up to it is called
hysteresis (Haines, 1930).

A description of hysteresis in physical terms was offered by Poulovassilis
(1962): If a physical property Y depends on an independent variable X,
then it may occur that the relationship between Y and X is unique, and,
in particular, independent of whether X is increasing or decreasing. Such
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Figure 3.28 Suction versus water content curves in sorption and desorption. The
intermediate loops are scanning curves representing complete or partial
transitions between the main branches (after Hillel, 1998).

a relationship is reversible. Many physical properties are, however, irre-
versible. Even when the changes of X are made very slowly, the curve for
increasing X does not coincide with that for decreasing X. The phenomenon
of hysteresis is commonly observed in magnetism, for instance.

Figure 3.28 shows a typical soil–moisture characteristic curve and illus-
trates the hysteresis effect in the soil wetness-matric suction equilibrium
relationship. The hysteresis effect may be attributed to several causes
(Hillel, 1998):

• The geometric non-uniformity of the individual pores (which are gener-
ally irregularly shaped voids interconnected by smaller passages), result-
ing in the ‘ink bottle’ effect, illustrated in Figure 3.29.

• The contact–angle effect (Hillel, 1998), by which the contact angle and
the radius of curvature are greater in the case of an advancing meniscus
than in the case of a receding one. A given water content will tend there-
fore to exhibit greater suction in desorption than in sorption. (Contact–
angle hysteresis can arise because of surface roughness, the presence of
adsorbed impurities on the solid surface, and the mechanism by which
liquid molecules adsorb or desorb when the interface is displaced.)

• The encapsulation of air in ‘blind’ or ‘dead-end’ pores, which further
reduces the water content of newly wetted soil. Failure to attain
true equilibrium (though not, strictly speaking, true hysteresis) can
accentuate the hysteresis effect.
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Figure 3.29 The ‘ink bottle’ effect determines the equilibrium height of water in
a variable-width pore: (a) in capillary drainage (desorption) and (b) in
capillary rise (sorption) (after Hillel, 1998).

• Swelling, shrinking, or aging phenomena, which result in differential
changes of soil structure, depending on the wetting and drying history
of the sample (Hillel and Mottes, 1966). The gradual solution of air, or
the release of dissolved air from soil–water, can also have a differential
effect on the suction–wetness relationship in wetting and drying
systems.

Of particular interest is the ink bottle effect. Consider the hypothetical
pore shown in Figure 3.29. This pore consists of a relatively wide void of
radius R, bounded by narrow channels of radius r. If initially saturated,
this pore drains abruptly the moment the suction exceeds �ua −uw�r, where
�ua −uw�r = 2Ts/r. For this pore to rewet, however, the suction must decrease
to below �ua −uw�R = 2Ts/R, whereupon the pore abruptly fills. Since R > r,
it follows that �ua −uw�r > �ua −uw�R. Drying depends on the narrow radii
of the connecting channels, whereas sorption depends on the maximum
diameter of the large pores. These discontinuous spurts of water, called
Haines jumps (after W.B. Haines, who first noted the phenomenon in 1930),
can be observed readily in coarse sands. The hysteresis effect is in gen-
eral more pronounced in coarse-textured soils in the low-suction range,
where pores may empty at an appreciably larger suction than that at which
they fill.

The two complete characteristic curves, from saturation to dryness and
vice versa, are the main branches of the hysteretic soil moisture character-
istic. When a partially wetted soil commences to drain, or when a partially
desorbed soil is rewetted, the relation of suction to moisture content follows
some intermediate curve as it moves from one main branch to the other.
Such intermediate spurs are called scanning curves.
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Cyclic changes often entail wetting and drying scanning curves, which may
form loops between the main branches (Figure 3.29). The matric suction–
volumetric water content relationship can thus become very complicated.
Because of its complexity, the hysteresis phenomenon is too often ignored.

Among the alternative concepts of hysteresis are the theory of independent
domains (Poulovassilis, 1962) and the theory of dependent domains
(Mualem and Miller, 1979; Mualem, 1984). The former is based on
the assumption that all pores are free to drain independently. The latter
approach recognizes that only pores with access to the atmosphere can
drain, and that access depends on whether the surrounding (or interced-
ing) pores are water filled or air filled. To account for that dependence, a
domain-dependence factor is applied.

In the past, hysteresis was generally disregarded in the practice of soil
physics. This may be justifiable in the treatment of processes involving
monotonic wetting (e.g. infiltration) or monotonic drying (e.g. evaporation).
But hysteresis may be important in cases of composite processes where
wetting and drying occur simultaneously or sequentially in various parts
of the soil profile (e.g. redistribution). Two soil layers of identical texture
and structure may be at equilibrium with each other (i.e. at identical energy
states) and yet they may differ in wetness if their wetting–drying histories
have been different. Furthermore, hysteresis can affect the dynamic, as well
as the static, properties of the soil (i.e. hydraulic conductivity and flow
phenomena).

As revealed by many researchers, the wetting and drying branches form
the extreme bounds for the SWCC, and there are an infinite number of inter-
mediate (drying and wetting) scanning curves (Fredlund, 2000). Figure 3.30
shows idealized drying and wetting scanning curves become asymptotic to
the bounding curves. A natural soil (undisturbed) sample from the field may
have a soil suction that lies somewhere between the bounding curves. When
a soil is sampled, the engineer does not know whether the soil is on a dry-
ing path or a wetting path. The difference between the drying and wetting
branches of the SWCC may be as much as one to two orders of magnitude
(Fredlund, 2002). For example, a particular water content may correspond
to a soil suction ranging from 10 to 100 to 1,000 kPa. Slight changes in
the nature of the soil can also produce a lateral shift in the SWCC. Conse-
quently, it is extremely difficult to use the SWCC for the estimation of in
situ soil suctions. There has been very limited success in the estimation of
in situ soil suctions.

Correlations between soil–water characteristic curve and
water permeability functions (Fredlund et al., 2001b)

Fredlund et al. (2001b) observe that although some field and labora-
tory methods are available to measure the relationship between water
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Figure 3.30 Idealized drying and wetting scanning curves become asymptotic to the bound-
ing curves (Fredlund, 2000).

permeability and suction of unsaturated soils (Fredlund and Rahardjo,
1993), it is extremely difficult and time-consuming to the measure the rela-
tionship accurately due to the low water permeability of the soils. Very often,
semi-empirical correlations are used to determine a permeability function
from a SWCC. The shape of the water permeability function bears a rela-
tionship shape of the SWCC. Figure 3.31 compares the SWCCs and water
permeability functions for sand and clayey silt. The water permeability for
both soils remains relatively constant from zero suction up to the air-entry
value of the soil. The change in water permeability of a soil occurs at approx-
imately the air-entry value of the soil. The water permeability decreases
rapidly beyond the air-entry value, for both soils. The decrease in the water
permeability is due to the reduction in the cross-sectional area of flow. The
initial water permeability, or saturated water permeability, ks, of the sand
can be two or more orders of magnitude greater than that of the clayey silt.
As the suction increases, it is possible that the water permeability of sand will
decrease by more than two orders of magnitude. Under certain conditions,
it is possible for the clayey silt to be more permeable than the sand.
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Figure 3.31 Water content and coefficient of permeability versus soil suction (after
Fredlund et al., 2001b).

The water permeability function of an unsaturated soil can be predicted
with sufficient accuracy for many engineering applications with a knowl-
edge of the saturated coefficient of water permeability and the SWCC. The
SWCC equation developed by Fredlund et al., (1994) along with the sat-
urated coefficient of permeability can be used to compute the relationship
between water permeability and soil suction. Previous studies (Leong and
Rahardjo, 1997; Benson and Gribb, 1997) have shown that proposed inte-
gration procedures involving the use of the Fredlund and Xing’s (1994)
SWCC provide a good estimate of the permeability function.
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The calculation of the permeability function is performed by dividing
the water content versus suction relationship into several water content
increments. This is equivalent to integrating along the water content axis.
The numerical integration procedure can be used to compute data points
for a permeability function for the unsaturated soil.

kr �w� =

w∫
wr

w−x

�2x
dx

ws∫
wr

ws −x

�2x
dx

(3.43)

where kr = relative coefficient of permeability and x = a variable of integra-
tion representing water content.

The accuracy of the prediction of the permeability function was shown to
improve when the complete SWCC was used. Although the permeability
function can be computed down to zero water content, it should be noted
that the function may be more indicative of vapour flow in the region
beyond the residual stress state. As a result, it may be more reasonable to
leave the water permeability as a constant, kres, beyond the residual state.
When calculating the permeability function, it is convenient to perform the
integration along the soil suction axis as shown in Equation (3.44).

kr ��� =

�∫
�r

w �y�−w ���

y2
w′ �y�dy

�r∫
�aev

w �y�−ws

y2
w′ �y�dy

(3.44)

where �aev = air-entry value of the soil under consideration; �r = suction
corresponding to the residual water content wr� � = a variable of integration
representing suction; y = a variable of integration representing the logarithm
of suction; and w′ = the derivative of the SWCC. Leong and Rahardjo (1997)
reported that the ‘computed coefficient of permeability for this statistical
model (i.e. from Equations 3.43 and 3.44 above) showed good agreement
with the measured coefficient of permeability’.

To avoid the numerical difficulties associated with performing the inte-
gration over the entire soil suction range, it is more convenient to perform
the integration on a logarithm scale. The proposed models have been found
to be most satisfactory for sandy soils whereas agreement with experimental
data may prove to be less satisfactory for clayey soils. Equation (3.44) can
be multiplied by the dimensionless water content raised to a power (i.e. �p�
in order to provide greater flexibility in computing the permeability func-
tion. The additional parameter, p, is assumed to account for tortuosity in
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the soil pores (Maulem, 1986); it is a parameter whose magnitude must be
assumed.

kr ��� = �p ���

b∫
ln���

w �ey�−w ���

ey
w′ �ey�dy

b∫
ln��aev�

w �ey�−ws

ey
w′ �ey�dy

(3.45)

Based on research work by Kunze et al. (1968), the value of the power, p,
can be assumed to be one, unless there is reason to assume otherwise.

Leong and Rahardjo (1997) suggested that rather than performing the
above integration, the dimensionless equation for the SWCC simply be
raised to a power, q. Therefore, the permeability function can be written in
the following form.

kr ��� = k �� ����q (3.46)

where ���� = dimensionless form of the SWCC and q = a new soil parameter.
This form for the permeability function is obviously attractive due to its

simplicity. The equation is simple to use and clearly illustrated the rela-
tionship between the SWCC and the permeability function. In order to use
Equation (3.46), it is necessary to know what value to use for the q soil
fitting parameter. In the original study undertaken by Leong and Rahardjo
(1997), the data from six soils were used to assess the magnitude of the q
soil fitting parameter. The results of their study are shown in Table 3.5.
More details of how to determine water permeability can be found from
Fredlund et al. (1994) and Leong and Rahardjo (1997).

The state-dependent soil–water characteristic
curve: a laboratory investigation (Ng and Pang,
2000a,b)

Overview

As discussed previously, only the drying SWCCs of soil specimens are often
measured under zero net normal stress conditions. However, in the actual
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field situations, the influence of stress state may not be negligible. Even
though the total net normal stress on the soil elements in an unsaturated
slope is seldom altered, the stress state at each element at different depths is
different, which may affect the soil–water characteristic of these elements.
To more realistically predict pore water pressure distributions and hence the
slope stability of an unsaturated slope, it is thus essential to investigate the
influence of stress state on soil–water characteristics (Ng and Pang, 2000a,b;
Ng et al., 2001). Although it is theoretically recognized that the stress state
of a soil has some influence on soil–water characteristics (Fredlund and
Rahardjo, 1993), few experimental results can be found in the literature,
with the exception of those by Vanapalli et al. (1998, 1999), who conducted
a series of experiments to investigate the influence of soil structure and
stress history on the soil–water characteristics of a recompacted clayey till.
Recompacted fine-grained soil specimens were first loaded in an oedometer
to different void ratios before their soil–water characteristics were measured
in a conventional pressure plate extractor. The results of Vanapalli et al.
suggest that the rate of change of water content with respect to matric
suction of the specimens recompacted at dry of optimum water content
is higher than that of wet of optimum specimens due to their different
soil structures. Moreover, the stress history appears to have a significant
effect on the soil–water characteristics of the specimens recompacted at dry
of optimum, but not at wet of optimum. In their experiments, Vanapalli
et al. essentially considered the over-consolidation effects but not, strictly
speaking, the actual stress effects on SWCCs.

Here, the influences of initial dry density and initial water content, history
of drying and wetting, soil structure and the stress state upon the drying
(desorption) and wetting (adsorption) soil–water characteristics of a com-
pletely decomposed volcanic soil in Hong Kong are examined and discussed.
The experimental results presented are obtained by using a conventional
volumetric pressure plate extractor and a newly modified one-dimensional
stress-controllable pressure plate extractor with deformation measurements
(Ng and Pang, 2000a).

Descriptions of soil specimens

The volcanic soil tested was a completely decomposed ash tuff. The soil
can be classified as a firm, moist, orangish brown, slightly sandy silt/clay
with high plasticity, as per Geoguide 3 (GCO, 1988). The soil specimens
were obtained from an ‘undisturbed’ 200 × 200 × 200mm3 block sample
excavated from a hillside slope in Shatin, Hong Kong for failure investiga-
tions after a major landslide took place in July 1997 (Sun and Campbell,
1998). The grain size distribution, which is determined by sieve analysis
(BS, 1990) and hydrometer analysis (BS, 1990), is shown in Figure 3.32.
In addition, some index properties of the soil are summarized in Table 3.6.
The gravel, sand, silt and clay contents determined in the tuff are 4.9,



 

Flow laws, seepage and state-dependent soil–water characteristics 149

100

80

60

40

20

0
0.001 0.01 0.1 1 10

Particle size (mm)

P
er

ce
nt

ag
e 

pa
ss

in
g 

(%
)

Figure 3.32 Particle size distribution of a completely decomposed volcanic (CDV) soil
(after Ng and Pang, 2000a,b).

20.1, 36.6 and 37.1 per cent, respectively, and it can be classified as a
well-graded soil.

Experimental program

An experimental program was undertaken to investigate the soil–water char-
acteristics of a volcanic soil. In addition to three natural (or undisturbed) soil
specimens, seven recompacted soil specimens with different initial conditions
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were used for testing. Details of the testing program are summarized in
Table 3.7.

Equipment

Three different types of extractor were used for measuring SWCC in this
study. A conventional volumetric pressure plate extractor was used to mea-
sure the soil–water characteristics of unsaturated soils for suction ranges of
0–200 kPa. In the context of this chapter, the phase – ‘conventional volu-
metric pressure plate extractor’ – refers to a commercially available pressure
extractor in which the principle of axis translation is applied to control
matric suction in a soil specimen and no external load is imposed on the
specimen (Fredlund and Rahardjo, 1993). This extractor was also adopted
to study the hysteresis of the soil–water characteristics associated with the
drying and wetting of the soil. For measuring the soil–water characteristic
for suction ranges greater than 200 kPa (only one test), a 500-kPa pressure
plate extractor was adopted.

The conventional volumetric pressure plate extractor was not equipped
for applying any vertical or confining stress to the specimen. Hence, an
extractor for measuring the stress-dependent soil–water characteristic curve
(SDSWCC) of unsaturated soils under one-dimensional �Ko� stress conditions
was designed (Ng and Pang, 2000a,b) to investigate the effects of stress on
the soil–water characteristic of the volcanic soil. A schematic diagram of the
modified pressure plate extractor is shown in Figure 3.33. An oedometer
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Figure 3.33 Schematic diagram of the modified one-dimensional volumetric pressure plate
extractor (after Ng and Pang, 2000a).

ring equipped with a high air-entry ceramic plate at its base is located
inside an airtight chamber. Vertical load via a loading piston is applied to
a soil specimen inside the oedometer ring through a loading frame. Possible
pulling away of soil specimen from the sides of the oedometer ring was
minimized by applying a vertical load and by testing the samples under
small suction ranges. The airtightness of the chamber is maintained using
rubber o-rings at the openings. Along the piston, a load cell is attached
inside the airtight chamber for determining the actual vertical net normal
stress applied to the soil specimen. A dial gauge is attached for measuring the
vertical displacement of the soil specimen. The size of specimen that can be
accommodated in this extractor is 70 mm in diameter and 20 mm in height.

As in the conventional volumetric pressure plate extractor, the pore air
pressure, ua, is controlled through a coarse porous stone together with a thin
woven geotextile located at the top of the specimen. The compression of the
geotextile was accounted for by calibration using a steel dummy specimen in
the extractor. The air applied is saturated using an air-saturator. The pore
water pressure, uw, is controlled at the atmospheric pressure through the
high air-entry ceramic plate mounted at the base of the specimen. The high
air-entry ceramic plate will remain saturated if the matric suction does not
exceed the air-entry value of the plate (200 kPa). The matric suction, �ua −
uw�, imposed on the soil specimen will be the difference between the applied
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air and pore water pressures. The net normal stress can be controlled one-
dimensionally and axial deformation can be measured by using this extractor.
Other details of this modified extractor are available in Ng and Pang (2000a).

Preparation of soil specimens

The soil was first dried in an oven at 45 �C for 48 h before preparing a
‘recompacted’ soil specimen. The soil was then pulverized using a rubber
hammer. The desired water content (see Table 3.7) was added, and the
soil was thoroughly mixed. After keeping the mixed soil in a plastic bag
for moisture equalization for about 24 h in a temperature and moisture
controlled room, the soil was then statically recompacted to the desired
density in an oedometer ring of 70 mm in diameter and 20 mm in height.
A ‘natural’ soil specimen, on the other hand, was directly cut from the
block sample into an oedometer ring with a cutting edge. Both natural and
recompacted soil specimens were then submerged in de-aired water inside a
desiccator subjected to a small vacuum for about 24 h to ensure almost full
saturation. The 24-h duration was sufficient to ensure almost full saturation
as the soil has a high saturated hydraulic conductivity of 2
88×10−6 m/s,
measured by Ng and Pang (1999).

Testing procedures for using a conventional volumetric pressure-plate
extractor

A complete drying and wetting cycle was imposed on each specimen during
the tests. Initially the specimen was subjected to an increasing value of
matric suction in a series of steps to measure the soil–water characteristic
along the drying path. As the matric suction increased, water was expelled
from the soil specimen into the ballast tube (see Figure 3.33). The movement
of water in the ballast tube was continuously monitored by using a ruler
fixed along the ballast tube until the equilibrium condition was reached.
Typically, 2–7 days were required to achieve equilibrium at a given suction.
Any air trapped was removed via the air-trap removal attachment. After
reaching equilibrium, the water levels in both the air-trap and the ballast
tube were adjusted to their respective level marks. Change of volume of
water in the specimen between two successive suctions was then precisely
measured using the marked burette, which has a resolution of 0.1 ml. In fact,
it could be estimated to 0.05 ml with confidence. For the specimens tested,
the estimated accuracy of the measured volumetric water content was better
than 0.2 per cent. After reaching the required maximum suction, a wetting
process was then started by decreasing the value of matric suction in a series
of steps. Water in the ballast tube was absorbed by the soil specimen. The
change of the volume of water during wetting was determined as previously
described. At the end of the test, each soil specimen was oven-dried at
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45 �C for 24 h to determine its water content. The degrees of saturation at
various matric suctions were then determined from the change of volume
of water and the final water content (i.e. backward calculations). It should
be noted that volume change of the soil specimen was assumed to be zero
for determining the volumetric water content and the degree of saturation
using the conventional volumetric plate extractor.

Similar procedures cannot be used for the CDV-R1(C) soil specimen. This
is due to the reason that the soil–water characteristic for suction ranges
greater than 200 kPa cannot be obtained by using the volumetric pressure
plate extractor. Hence, after the suction reached 200 kPa, the soil specimen
was removed from the volumetric pressure plate extractor and weighed
immediately. It was then placed in a 500 kPa pressure plate extractor and
subjected to a suction value of 400 kPa. Upon reaching the equilibrium
condition, the soil specimen was weighed and put back to the conventional
volumetric pressure plate extractor to continue the wetting path. In total,
three repeated cycles of drying and wetting were performed on this specimen.

Testing procedures for using the modified volumetric pressure plate
extractor

The saturated soil specimens (i.e. CDV-R2(M), CDV-R3(M), CDV-N2(M)
and CDV-N3(M)) were loaded to the required net normal stresses (i.e. 40
and 80 kPa) in an oedometer for measuring the stress-dependent soil–
water characteristics. These specimens were allowed to have free drainage
at the top and bottom for 24 h and hence they were pre-consolidated
under their required corresponding net normal stresses. The purpose of this
pre-consolidation was to eliminate the effects of consolidation on volume
changes during the subsequent measurements of soil–water characteristics at
various suctions. After consolidation, the soil specimens were then removed
from the oedometer and subjected to the same applied net normal stresses
in the modified volumetric pressure plate extractor. Consolidation carried
out in the oedometer, which is equipped with a low air-entry value porous
disc, was to reduce the testing time.

Vertical deformation of the specimen was continuously monitored in the
oedometer to ensure the end of primary consolidation was reached by study-
ing the relationship between deformation and root time. It was found that
24 h was sufficient for the completion of primary consolidation. After plac-
ing the consolidated specimen in the modified volumetric pressure plate
extractor, good contacts between the specimen and the ceramic plate were
ensured by the applied net normal stress.

For each drying and wetting path, the required net normal stress was
maintained constant throughout the test, and the vertical load and axial
displacement of the soil specimen were measured (see Figure 3.33). To
account for deformation of the loading piston subjected to an applied load,
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calibration was carried out. Thus, the actual vertical deformation and hence
the actual volume change of the soil specimen was measured.

Soil–water characteristics of recompacted soils

Influence of initial dry density on soil–water characteristics

The soil–water characteristics of specimens recompacted at the same initial
water content but different dry densities (i.e. CDV-R1(C), CDV-R2(C) and
CDV-R3(C)) are compared in Figure 3.34. The structures of these three
specimens are not identical as different compaction efforts were used during
the preparation of specimens (Lambe, 1958). However, this series of tests is
appropriate for investigating the soil–water characteristics of a fill slope or
embankment formed by various degrees of compaction at different depths.

The air-entry values for all three specimens fall within a small range
of matric suction values (see Figure 3.34). The air-entry value for each
specimen can be estimated by using a ‘judging-by-eye’ method to extend a
line from the constant slope portion of the first drying SWCC to intersect
the suction axis at 100 per cent saturation. The estimated values from all
three first drying curves vary between 4 and 5 kPa (refer to Table 3.8). Only
a very small increase in the air-entry value is observed between CDV-R1
(dry density = 1
47 Mg/m3) and CDV-R3 (dry density = 1
53Mg/m3). This
is likely due to the small increase in dry density (i.e. only 4 per cent increase
in dry density between the two specimens). By studying the experimental
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Figure 3.34 Influence of initial density on soil–water characteristics (after Ng and
Pang, 2000a).
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results presented in Table 4 of Tinjum et al. (1997), two clay specimens
compacted at 19.7 per cent water content (dry unit weight = 17
1kN/m3)
and at 20.0 per cent water content (dry unit weight = 19
8kN/m3) of soil
M are suitable for comparisons. It is found that an increase in dry unit
weight of 15.7 per cent results in an increase in the air-entry value from 2.5
to 7.6 kPa. Croney and Coleman (1954) also reported that an initial high
compacted density silty sand specimen has a higher air-entry value than
that of an low-density one. Regarding the rate of desorption, the higher the
initial dry density, the slower the rate is. This is consistent with the current
test results.

As shown in Figure 3.34, there is a marked hysteresis between the drying
and wetting curves for all soil specimens. This marked hysteresis is likely
attributed to the geometric non-uniformity of the individual pores, resulting
in the so-called ‘ink bottle’ effect (Hillel, 1982, 1998). Also the difference
in the contact angles at the receding soil–water interface during drying and
at the advancing soil–water interface during wetting may contribute to the
observed hysteresis. Moreover, any trapped air in the ‘blind’ or ‘dead-end’
pores inside soil specimen or in the testing system may account for the
observed hysteresis. There is a general trend that the size of the hysteresis
loop decreases as the initial void ratio reduces. Similar test results were
also reported by Croney and Coleman (1954). The ‘ink bottle’ effect may
be more pronounced in soils with a large than that with a small pore size
distribution. In addition, an average large pore size distribution in a loose
specimen may lead to a larger difference in the receding and advancing
contact angles than that in a dense one.

At the end of the wetting path (i.e. 0.1 kPa suction), none of the wetting
curves reaches full saturation. The looser the sample, the lower the degree
of saturation is. The ‘non-return’ of the wetting paths may be attributed to
air trapped in the specimens. For the observed difference in the degree of
saturation achieved between a loose and a dense specimen, air trapped in
large pores is more difficult to be displaced by capillary force than that in the
small pores, and this may account for the observed difference. Full saturation
is very difficult to achieve in loose specimen through the capillary action
alone. Moreover, the ‘ink bottle’ effect is likely to be more pronounced in a
loose than in a dense specimen.

Influence of initial water content on soil–water characteristics

Soil specimens must be recompacted to the same initial water content and
dry density in order to be qualified as ‘identical’ (Lambe, 1958). Specimens
recompacted to the same dry density at different initial water contents or
using different compaction efforts are different soils due to different inherent
structures. Thus, samples A, B and C shown in Figure 3.35 are not identical
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A B C

Water content

Specimen A ≠ B ≠ C
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Figure 3.35 Schematic compaction curves at various dry densities and water contents
(after Ng and Pang, 2000a,b).

even though they have the same dry density. The influence of the soil
structure, which is defined as the arrangement of soil particles, fabric and
bonding, on soil–water characteristics may be investigated by comparing the
soil–water characteristics of the specimens that have the same dry density
but were recompacted at different initial water contents or with different
compaction efforts.

Figure 3.36 shows the variation in the degree of saturation with respect to
matric suction for specimens recompacted to the same dry density at opti-
mum, dry of optimum and wet of optimum initial water content. According
to Benson and Daniel (1990) and Vanapalli et al. (1999), the CDV-R5(C)
specimen, which is recompacted at dry of optimum initial water content,
should have relatively large pores between the clods of soil. On the con-
trary, the CDV-R1(C) specimen, which is recompacted at wet of optimum
initial water content, should have no visible, relatively large interclod pores
and thus this soil would be relatively homogenous. As all three specimens
have the same initial dry density, it is perhaps reasonable to assume that
the total amount of voids would also be the same. However, their pore size
distributions are likely to be different. A capillary tube analogy (assuming
that r1 ≥ r2 ≥ r3) shown in Figure 3.37a and b may be used to illustrate
the difference in pore size distributions of CDV-R5(C) and CDV-R1(C),
respectively. It is likely that the pore size distribution of CDV- R4(C) lies
somewhere in between.
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Figure 3.36 Influence of initial water content on soil–water characteristics (after Ng and
Pang, 2000a).

Wetting

(a) Soil specimen with nonuniform
pore size distribution

(b) Soil specimen with uniform
pore size distribution

r1 r3 r2 r2

Figure 3.37 Capillary analogy to illustrate the influence of pore size distribution on satu-
ration characteristics (after Ng and Pang, 2000a).

It can be seen from Table 3.8 that the air-entry value of CDV-R5(C) is
lower than that of CDV-R1(C). A decreasing air-entry value is consistent
with decreasing compaction water content. This is because a smaller air
pressure is required to enter the relatively large interclod pores (i.e. r1 in
Figure 3.37a) in the CDV-R5(C) specimen. The current experimental data
are consistent with results published by Tinjum et al. (1997) and Vanapalli
et al. (1999). Regarding the rate of desorption, there is no significant differ-
ence between the three specimens, however.
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During the wetting process, the degree of saturation increases as the
matric suction decreases. The end points of the wetting paths at low suction
(0.1 kPa) are different from those at the drying paths, due to air trapped in
the soil. This difference is higher for specimen recompacted with larger initial
water content. The overall ‘ink bottle’ effect would be more pronounced in
the uniform pore size distribution than that in the non-uniform pore size
distribution (Figure 3.37a), assuming that the two samples have the same
amount of total voids. This leads to a large hysteresis loop for the specimen
recompacted at wet of optimum than that recompacted at dry of optimum.

Influence of the drying and wetting history on soil–water
characteristics

The soil–water characteristics of the soil specimen CDV-R1(C) subjected to
three repeated drying and wetting cycles are shown in Figure 3.38. In all the
three cycles, marked hysteresis loops between the drying and wetting paths
can be seen. The size of the hysteresis loop is the largest in the first cycle but it
seems to become independent of the drying and wetting history after the com-
pletion of the first cycle. As the matric suction decreases during wetting, none
of the three wetting curves returns to its original degree of saturation. As dis-
cussed earlier, it is difficult to attain full saturation conditions mainly because
of trapped air. The degree of saturation at low suction (i.e. 0.1 kPa) decreases
as the number of drying and wetting cycles increases, but at a reduced rate.

The desorption characteristic with respect to matric suction is dependent
on the drying and wetting history. It can be seen that the rate of desorption
is relatively high during the first drying cycle compared to that at the second
and third drying cycles. This may be due to the presence of relatively large
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Figure 3.38 Influence of drying and wetting cycles on soil–water characteristics of speci-
men CDV-R1(C) (after Ng and Pang, 2000a; Ng et al., 2000a).

voids initially. During the first wetting, significant volume change is likely
to take place, and this results in smaller voids present in the sample due to
collapse of soil structures of a virgin soil (Chiu et al., 1998; Ng et al., 1998).
Thus, a smaller rate of desorption for the second and third drying and
wetting cycles is expected. Moreover, the estimated air-entry value reduces
during the second drying, but it remains almost unchanged in the subsequent
drying cycles (see Table 3.8).

The adsorption characteristic of the first wetting process also seems to be
different from that of the subsequent wetting processes. The value of matric
suction at which the soil starts to absorb water significantly is relatively higher
during the first wetting cycle (i.e. about 50 kPa) than (i.e. about 10 kPa) dur-
ing the subsequent cycles. The rates of adsorption are substantially differ-
ent for the first and for the subsequent wetting cycles at suctions ranging
from 50 to 10 kPa. This might be caused by some soil structure changes
after the first drying cycle. According to Bell (1992), drying initiates cemen-
tation by aggregation formation, leading to some relatively large inter-pores
formed between the aggregated soil lumps. These large inter-pores reduce
the specimen’s rate of absorption along a certain range of the wetting path.

Influence of stress state on recompacted and natural soils

Verification of constant volume assumption

Soil–water characteristics are conventionally determined using a pressure
plate extractor with the assumption that no volume change takes place



 

160 Physical and flow characteristics

throughout the test. This assumption is studied and verified using the newly
modified extractor.

The test results from the recompacted (i.e. CDV-R2(M), CDV-N3(M))
and natural (i.e. CDV-N2(M), CDV-N3(M)) soil specimens are shown in
Figures 3.39 and 3.40 respectively. The curves labelled ‘constant volume
assumed’ are obtained by ignoring volume change taken place throughout
the tests. From the figures, it can be seen that there is no significant difference
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Figure 3.39 Comparison of measured soil–water characteristics with and without vol-
ume change considered for the recompacted soil specimens (after Ng and
Pang, 2000a).
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Figure 3.40 Comparison of measured soil–water characteristics with and without volume
change considered for the natural soil specimens (after Ng and Pang, 2000a).
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between the drying paths with and without volume change corrections until
the matric suction reaches 100 kPa, at which measurable shrinkage of the
soil starts to occur. The traditional method of interpretation by neglecting
any volume reduction clearly underpredicts the volumetric water content
and degree of saturation present in the soil specimen. Also it leads to a
higher rate of desorption than that from a test considering volume changes.

During the wetting process, the difference between the two wetting paths
does not stay constant, indicating that different degrees of swelling take place
throughout. The influence of volume change for the natural soil specimens
seems to be consistent with that for the recompacted soil specimens. In
general, the higher the normal stress applied to a soil specimen, the smaller
the average pore size of the specimen, the stiffer the specimen. In turn, it
would have a higher resistance to volume change due to drying. From now
on, volume change corrections are applied for the test results obtained from
the modified pressure volumetric plate extractor in this chapter.

Influence of net normal stress

By using both the conventional and the modified volumetric pressure extrac-
tor, soil–water characteristic and stress-dependent soil–water characteristic
curves (SDSWCC) are measured and compared. The soil–water characteris-
tics of the recompacted soil specimens vertically loaded with 0-, 40-, 80-kPa
net normal stresses under K0 conditions (CDV-R1(C), CDV-R2(M) and
CDV-R3(M)) are shown in Figure 3.41. It can be seen that there is a general
tendency for the soil specimen subjected to higher stress to possess a slightly
larger air-entry value (Table 3.8). As the matric suction keeps increasing, all
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Figure 3.41 Influence of stress state on soil–water characteristics of recompacted CDV
specimens (after Ng and Pang, 2000a).
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specimens start to desaturate but at different rates. The higher the applied
load on the specimen, the lower the rate of desorption. This is likely to be
caused by the presence of a smaller average pore size distribution in the soil
specimen under higher applied load.

Upon the completion of the drying phase, the tests proceed to the wetting
phase. There is a marked hysteresis between the drying and wetting curves
for all soil specimens, as expected. The size of the hysteresis loops seems
to have reduced with the increase in applied stress, for the range of the
net normal stresses considered. This is consistent with the results shown
in Figure 3.34 that the denser the specimen, the smaller the size of the
hysteresis loop. At the end of the tests, the end points of all three wetting
curves are lower than their corresponding starting points. This is likely to
be caused by trapped air. In addition, the denser the specimen or the higher
the applied load, the closer are the end points to the starting points.

Figure 3.42 shows the influence of stress state on the soil–water char-
acteristics for the natural soil specimens (CDV-N1(C), CDV-N2(M) and
CDV-N3(M)). The size of the hysteresis loops does not seem to be governed
by the applied stress level. Similar to the recompacted soil specimens, a nat-
ural soil specimen, which is subjected to higher applied stresses, possesses
a slight larger air-entry value (see Table 3.8) and lower rates of desorp-
tion and adsorption, as a result of smaller pore size distribution. However,
the influence of stress state on the soil–water characteristics of the natu-
ral specimens appears to be more significant than that on the soil–water
characteristics of the recompacted specimens. This may be attributed to the
fact that the recompacted specimens, which were recompacted at the wet
side of the optimum (30.3 per cent), would have a relatively uniform pore
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Figure 3.42 Influence of stress state on soil–water characteristics of natural CDV speci-
mens (after Ng and Pang, 2000a,b).
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size distribution, whereas the structure of the natural residual soil generally
involves a wide range of pore sizes (Bell, 1992). The natural specimens,
therefore, can be reasonably postulated to have relatively non-uniform pore
size distributions. As a load is applied, relatively large pores in the natural
specimens may be significantly reduced, and the specimen would proba-
bly become more homogenous. On the contrary, the pore size distributions
of the recompacted specimens may not be affected substantially as com-
pared with those in the natural specimens. Hence, the influence of stress
state on soil–water characteristics appears to be more significant in natural
specimens than in recompacted soil specimens.

Comparison between natural and recompacted soils

The soil–water characteristics of a recompacted (CDV-R2(M)) and a natu-
ral (CDV-N2(M)) specimen are compared in Figure 3.43. The CDV-R2(M)
specimen was recompacted to the same density at the same initial mois-
ture contents as the natural specimen. The size of the hysteresis loop in the
recompacted soil is considerably larger than that in the natural specimen.
Soil recompacted wet of optimum (i.e. CDV-R2(M)) is generally believed
to be more homogenous, whereas the natural soil specimen (CDV-N2(M))
has relatively non-uniform pore size distributions due to various geolog-
ical processes such as leaching in the field. As the two specimens have
the same density, it is reasonable to postulate that CDV-N2(M) would
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Figure 3.43 Influence of soil structure on soil–water characteristics (after Ng and
Pang, 2000a).
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have larger pores than those in the CDV-R2(M), statistically. Thus, CDV-
N2(M) has a slightly lower air-entry value (see Table 3.8) and a higher rate
of desorption than CDV-R2(M) does for suctions up to 50 kPa. The rates of
desorption of the two soil specimens appear to be the same for high suctions.

On the other hand, the rates of adsorption for the two specimens are
considerably different. The rate of wetting curve obtained from the natural
soil specimen is substantially higher than that of the recompacted specimen.
This observed behaviour may be explained by the capillary tube analogy
discussed previously (Figure 3.37). The difference in pore size distributions
between CDV-N2(M) and CDV-R2(M) is illustrated in Figure 3.37a and b.
As the natural soil specimen has a non-uniform pore size distribution in
which some relatively large pores �r1� together with some relatively small
pores �r3�, the presence of these small pores would facilitate the ingress of
water to the specimen as the soil suction reduces. On the contrary, the
lack of small pores and the presence of the relatively uniform medium-sized
pores �r2� in the recompacted specimen would slow down the speed of water
entering the soil specimen. The rates of adsorption of the two soil specimens
appear to be the same for small suctions (less than 5 kPa).

Summary

In order to gain a fundamental understanding of the desorption and adsorp-
tion characteristics of a volcanic soil in Hong Kong, an experimental pro-
gram was carried out to test both recompacted and natural soil specimens.
Various influencing factors on soil–water characteristics were considered in
the experimental program, including initial dry density, initial water con-
tent, soil structure, history of drying and wetting and stress state. Based on
the experimental investigations undertaken, the following conclusions can
be drawn:

1. There is a marked hysteresis between the drying and wetting curves
for all soil specimens recompacted to three different densities at the
same water content. The size of the hysteresis loops decreases as the
initial density of the specimen increases. This is probably attributed to
the difference in the interconnection voids among the soil specimens.
Although no apparent difference in the air-entry value of the specimens
is observed (due to the small increase in density), the rate of desorption
appears to be governed by the soil density. The soil specimens with a
lower density exhibits a higher rate of desorption.

2. For soil specimens recompacted to the same density at optimum, dry
and wet of optimum water contents, the soil specimen recompacted at
wet of optimum, which has a relatively uniform pore size distribution
resulting in more air entrapment, has the largest hysteresis loop among
the three samples. The soil specimen recompacted at dry of optimum,
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which has a relatively non-uniform pore size distribution, possesses
the smallest hysteresis loop, whereas the soil specimen recompacted at
optimum lies somewhere between the two loops. Although the air-entry
value is somewhat a function of the initial moisture contents, the rates
of desorption and adsorption do not seem to be significantly affected
by the initial water contents for the ranges of suction and water content
considered.

3. Soil–water characteristics of the recompacted soil highly depend on the
history of drying and wetting. There is a distinct difference in both des-
orption and adsorption characteristics between the first and the second
drying and wetting cycles. The rates of desorption and adsorption are
substantially higher at the first than at the second drying and wetting
cycle. This may be caused by changes in the soil structure during the first
drying and wetting cycle. However, the soil–water characteristics of the
subsequent drying and wetting cycles appear to remain approximately
the same.

4. The soil–water characteristics of natural specimen are very different
from these of the same soil recompacted to the same density at the same
water content. The size of the hysteresis loop for the natural specimen
is considerably smaller than that for the recompacted soil. Also the
natural specimen has a slightly lower air-entry value and a higher rate
of desorption than that of recompacted one for suction up 50 kPa. The
rates of desorption of the two soil specimens appear to be the same for
high suctions. On the other hand, the wetting curve of the natural soil
specimen is substantially higher than that of the recompacted specimen.
This observed behavior may be explained by the capillary tube analogy.

5. For recompacted specimens subjected to different stress states under
various applied loads, the higher the applied load on the specimen, the
lower the rate of desorption. This is likely caused by the presence of
an average smaller pore size distribution in the soil specimen under the
higher applied load. As expected, there is a marked hysteresis between
the drying and wetting curves for all soil specimens under various
applied loads. The size of the hysteresis loops seems to have reduced
with increase in the applied load.

6. The size of the hysteresis loops does not seem to be affected by the
net normal stresses applied to natural specimens. Similar to the recom-
pacted soil specimens, the natural soil specimen subjected to a higher
applied load, possesses a slight larger air-entry value and lower rates of
desorption and adsorption, due to the presence of an average smaller
pore size distribution.

7. Traditionally, SWCC has been interpreted by neglecting any volume
change throughout the test. By using the newly modified volumetric
pressure plate extractor, it is found that the traditional method slightly
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underpredicts the volumetric water content or degree of saturation in
soil specimens for suctions higher than 100 kPa.

Generalised triaxial apparatus for determination of
the state-dependent soil–water characteristic curve
(Ng et al., 2001a)

Overview

Ng et al. (2001) observed that many traditional methods for measuring
SWCCs were originated from soil science (Fredlund and Rahardjo, 1993).
It is understandable that stress effects have not been taken into account
and have rarely been studied. Recent work by Vanapalli et al. (1999) has
found that the stress history and soil fabric have significant influence on
the measured SWCCs of a compacted till. The SWCCs were determined
on over-consolidated soil specimens under zero net normal stress, simulat-
ing the effects of over-consolidation. Constant volume of soil samples was
assumed in the interpretation of test results. More recently, the effects of
one-dimensional (ID) stresses on SWCCs have been investigated and found
to have a significant influence on the SWCCs of a sandy silt/clay and hence
on transient seepage and slope stability (Ng and Pang, 2000a).

As far as the authors are aware, no apparatus is available commercially for
measuring drying and wetting soil–water characteristics of unsaturated soils
under both isotropic and deviatoric stress states with volume change measure-
ments. Following on the development of a recently modified one-dimensional
stress controllable volumetric pressure plate extractor (Ng and Pang, 2000a),
it was decided to build a new triaxial apparatus for measuring drying and
wetting soil–water characteristics of soils under isotropic and deviatoric
stress conditions.

Figure 3.44 shows a schematic diagram of the apparatus. Matric suction
�ua −uw� is controlled using the axis translation technique (Hilf, 1956), where
ua and uw are air and water pressures, respectively. The sample size is designed
to be 70 mm in diameter and 20 mm in height in order to minimize testing time.
With a 5-bar air-entry value ceramic disk mounted inside the lower pedestal,
matric suction up to 500 kPa can be adjusted by varying the air pressure via
the top cap whereas water pressure is kept equal to the atmospheric pressure.

Various isotropic stresses can be applied by controlling the confining cell
pressure ��3� acting on the soil. De-aerated water is used as cell fluid. To
maintain a constant net normal stress ��3 −ua�, if required, cell pressure and
air pressure can be adjusted simultaneously. For controlling any deviatoric
stress, an axial load can be applied via a stainless steel rod by using a loading
frame. An internal load cell is used to verify the applied load.

Before and during any test, it is important to remove air bubbles trapped
in the system. Beneath the ceramic disk, the surface of the base is engraved
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with a spiral groove. Any water stored in the water compartment can flow
out through two small apertures connected to the two water outlets. The
groove is to drive out accumulated air bubbles in the water compartment
(see Figure 3.44). Before taking volume measurements, air bubbles should
be driven out by rolling the plastic tube between the two outlets and the
air-trap. The volume change of the sample is measured using a volume
gage by recording inflow/outflow of water. The deformation of the cell due
to an applied isotropic stress is corrected by calibration. The resolution
of the dial gauge for the volume gage is 0.01 mm, which is equivalent to
0
041cm3 of volume change. Other attachments such as the burette, air-
trap and ballast are similar to a commercially available 2-bar volumetric
pressure plate extractor (Soil Moisture Equipment Corp. Ltd, 1994). During
the tests, temperature variations are controlled within ±1�C.

Measurements of the state-dependent
soil–water characteristic curve in a centrifuge
(Khanzode et al., 2002)

Background

Briggs and McLane (1907) appear to be the first investigators to use the
centrifuge technique for measuring the relationship between soil suction and
the water content retained by a soil (Khanzode et al., 2002). Gardner (1937)
measured the capillary tension in a soil over a wide range of water contents
by determining the equilibrium water content of calibrated filter papers that
were in contact with the moist soil. The filter papers were calibrated by
determining their water content when brought to equilibrium with a free
water surface in a centrifugal field.

Russell and Richards (1938) improved the technique introduced by Briggs
and McLane (1907) for measuring the amount of water retained in a soil
at different values of applied suction. Hassler and Brunner (1945) used
a centrifuge method to obtain the relationship between capillary pressure
and saturation for small, consolidated core specimens. Croney et al. (1952)
studies showed that the use of a solid ceramic cylinder in a centrifuge, in
comparison to a hollow cylinder, considerably reduced the time required to
attain equilibrium conditions.

Typically, in a conventional water-retention centrifuge technique, SWCCs
are measured by draining a saturated soil specimen. Different values of
equilibrium water content conditions (i.e. lower than the saturated water
content condition) can be rapidly achieved by varying the distance of the
soil specimen from the centre of rotation of the centrifuge and the speed of
rotation of the centrifuge. An increase in the applied soil suction results in
a decrease in the water content of the soil specimens. In other words, data
required for the SWCC (i.e. water content versus suction relationship) can
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be obtained using the centrifuge technique. The Gardner (1937) equation
can be used to estimate the suction in the soil specimen, and the water
content can be determined using conventional procedures. In the described
centrifuge testing procedure, there is a water content variation along the
length of the soil specimen. However, the relative changes in water content
and suction values over the thickness of the soil specimen are relatively small
if thin specimens are used (i.e. 10–15 mm).

Principle of the centrifuge technique

A high gravity field is applied to an initially saturated soil specimen in the
centrifuge. The soil specimen is supported on a saturated, porous ceramic
column. The base of the ceramic stone rests in a water reservoir that is
at atmospheric pressure conditions. The water content profile in the soil
specimen after attaining equilibrium is similar to water draining under in situ
conditions to a groundwater table where gravity is increased several times.

Figure 3.45 demonstrates the principle used in the centrifuge method for
measuring soil suction. The suction in the soil specimen in a centrifuge can
be calculated using Equation (3.47) as proposed by Gardner (1937).

� = ��2

2g

(
r2

1 − r2
2

)
(3.47)

Water table

r2 r1

Specimen holder

Soil specimen

Ceramic

Centre of rotation

Figure 3.45 Soil suction measurement principle of the centrifuge (after Khanzode
et al., 2002).
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where
� is the suction in the soil specimen
r1 is the radial distance to the mid-point of the soil specimen
r2 is the radial distance to the free water surface
� is the angular velocity
� is the density of the pore fluid and
g is the acceleration due to gravity.

Equation (3.47) defines a non-linear relationship between soil suction and
centrifugal radius. The soil suction, �, becomes a function of the difference
of the squares of the centrifugal radii, r1 and r2, while the density, �, and
angular velocity, �, are constant. The distance from the centre of the rotation
to the free water surface, r2, is a constant.

Different values of suction can be induced in a soil specimen by varying
the radial distance to the mid-point of the soil specimen, r1. In other words,
ceramic cylinders of different heights can be used to achieve different suction
applied to the soil specimen at a single speed of rotation. Higher values of
soil suction can be subsequently induced into soil specimens by increasing
the test speed (i.e. angular velocity, �). It must be pointed out that the speci-
men located at r1 from the centre of rotation is also subjected to an elevated
centrifugal acceleration of r1�

2, i.e. radial stress. Therefore, the SWCC deter-
mined is, in fact, a drying SDSWCC. Improvement can be made to measure
volume change of the specimen in-flight automatically and continuously.

Description of the apparatus

Figure 3.46 shows a commercially available Beckman J6-HC small-scale
medical centrifuge with an operable radius of 254 mm. The JS-4
2 rotor
assembly of the centrifuge consists of six swinging type buckets capable of
carrying six test specimens in one test run. The buckets in the centrifuge can
be subjected to angular velocities varying from 50 to 4200 rpm. The maxi-
mum suction that can be applied to the specimen at 4200 rpm is 2,800 kPa.

The swinging buckets of the centrifuge assume horizontal positions when
the centrifuge is spinning. All of the six buckets can be used simultaneously
with six specimen holders available for testing. Six data points of water
content versus soil suction can be obtained from a single test run of the
centrifuge at a constant angular velocity, �. The mass in all of the specimen
holders, however, should be essentially the same to avoid rotary imbalance.
Identical soil specimens must be placed at different heights in the six speci-
men holders to obtain six data points of water contents for different suction
values. This also means that these six specimens are subjected to different
radial centrifugal accelerations (or stresses), according to their radii from the
centre of rotation. Interpretations of test data should be made with caution.
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Figure 3.46 Small scale medical centrifuge rotor assembly with six swinging type buckets
(after Khanzode et al., 2002).

Specially designed soil specimen holders were constructed to accommo-
date the soil specimens in the two centrifuge buckets (see two soil specimen
holders in two opposite buckets in Figure 3.46). The water content in the
specimen can be measured after attaining equilibrium conditions, and the
soil suction in the specimen is computed using Equation (3.27). Higher
values of soil suction and radial stress can be induced in the same soil speci-
men by increasing the speed of rotation and centrifuging the specimens until
new equilibrium conditions are attained.

Soil specimen holders

Khanzode et al. (2002) reported two specially designed aluminium soil
specimen holders for the centrifuge to hold 12 mm thick soil specimens at
different heights. Figure 3.47 shows the typical aluminium soil specimen
holders used. The soil specimen holder consists of outer rings and a drainage
plate with a free water surface reservoir to accommodate a ceramic cylinder.
The outer rings have an inner diameter of 75 mm and are 15 mm thick. A
reservoir cup serves as a collection area for water extracted from the soil
specimens at the base of the holder.

A porous ceramic cylinder was designed to act as a filter while allowing the
movement of water from the specimen to the drainage plate. This plate facil-
itates drainage into the reservoir cup through eight evenly spaced drainage
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Aluminium rings
15 mm in height

Water table

Drainage plate

75 mm

Reservoir cup

15 mm

45 mm

15 mm

Figure 3.47 Details of aluminium soil specimen holder (after Khanzode et al., 2002).

ports drilled horizontally through the sides of the plate. The horizontal
overflow ports are connected to vertically drilled drainage holes to allow
for the removal of water. The water then flows down from the drainage
plate into the reservoir cup.

Ceramic cylinders

The ceramic cylinders used in the drainage plate were made of 60 per cent
kaolinite and 40 per cent aluminium oxide. The porosity of the ceramic
cylinders was approximately 45 per cent. Four ceramic cylinders with heights
of 15, 30, 45, and 60 mm were made to keep the soil specimens at four
different distances from the centre of rotation to induce four different suction
values in the specimens at one speed of rotation. Table 3.9 summarizes
the soil suctions associated with varying test speeds using different ceramic
cylinders. Equation (3.47) was used to calculate the soils suction values.

Two ceramic cylinders of different heights were used in one test run to
position the soil specimens at two different distances from the centre of
rotation in the two opposite buckets of the centrifuge (see Figure 3.46).
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The soil specimens were subjected to two different centrifugal forces and
different values of soil suction were induced in two identical soil speci-
mens placed in the soil specimen holders, subjected to the same angular
velocity, �.

Equation (3.27), used for calculating the equilibrium suction values in the
soil specimen, does not take into account the shift in the centre of gravity of
the soil specimen due to radial effects. The centre of gravity of a solid cylinder
(or test specimens used for measuring the SWCCs) with parallel bases lies
along centre line �a−a� connecting the centres of the top and bottom circular
bases of the cylinder (Figure 3.48). In other words, the centre of gravity of
a soil specimen will be along the plane �b −b�, which lies at mid-height of
the soil specimen. In spite of centrifugation, the centre of gravity will be
along the mid-height plane and may shift towards the boundary of the soil
specimen (i.e. away from the axis a−a). In such situations, r1

′ should be used
in Equation (3.47) instead of r1 (Figure 3.48). Table 3.10 summarizes the
suction values in soil specimens using r1 and r1

′ for a 15-mm height ceramic
cylinder. The errors associated due to radial effects are less than 6 per cent
for a 50-mm-diameter specimen for a test speed range of 0–2,500 rpm.
The errors associated with the use of 30, 45, and 60 mm height ceramic
cylinders are 5.2, 3.7 and 2.9 per cent, respectively. These errors from
a practical perspective are not significant. Hence, the suctions calculated
using Equation (3.47) at the mid-height of the specimen approximately
represent the suction at the centre of gravity of the test specimen. It must be
pointed out that the test specimen is also subjected to an elevated centrifugal
acceleration of rl�

2, i.e. radial stress. Therefore, the centrifuge provides data
for the SDSWCC but not for the conventional SWCC. Other details of the
apparatus, test procedures and experimental results are given by Khanzode
et al. (2002).
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Figure 3.48 Schematic diagram to demonstrate the effects of centrifugation on the
shift of the centre of gravity of solid cylindrical specimens (after Khanzode
et al., 2002).

Steady-state and transient flows (Fredlund and
Rahardjo, 1993)

Introduction

Engineers are often interested in knowing the direction and quantity of flow
through porous media. The pore pressure variations resulting from the flow
process are vital for determining the stability and safety of soil structures.
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This is because the information is required in predicting the volume change
and shear strength change associated with the flow of water or air.

Seepage problems are usually categorized as steady-state or unsteady-state
flow analyses.

• Steady-state analyses, the hydraulic head and the coefficient of per-
meability at any point in the soil mass remain constant with respect
to time.

• Unsteady-state flow analyses, the hydraulic head (and possibly the coef-
ficient of permeability) change with respect to time. Changes are usually
in response to a change in the boundary conditions with respect to time.

The quantity of flow of an incompressible fluid such as water is expressed
in terms of a flux, q. Flux is equal to a flow rate, v, multiplied by a
cross-sectional area, A. On the other hand, the quantity of flow of a
compressible fluid such as air is usually expressed in terms of a mass
rate. The governing partial differential seepage equations are derived in
a manner consistent with the conservation of mass. The conservation
of mass for steady-state seepage of an incompressible fluid dictates that
the flux into an element must equal the flux out of an element. In
other words, the net flux must be zero at any point in the soil mass.
For a compressible fluid, the net mass rate through an element must be
zero in order to satisfy the conservation of mass for steady-state seepage
conditions.

Steady-state water flow (Fredlund and Rahardjo, 1993)

The slow movement of water through soil is commonly referred to as seepage
or percolation. Seepage analyses may form an important part of studies
related to slope stability, groundwater contamination control and earth dam
design. Seepage analyses involve the computation of the rate and direction
of water flow and the pore water pressure distributions within the flow
regime.

Water flow through unsaturated soils is governed by the same law as flow
through saturated soils (i.e. Darcy’s law). The main difference is that the
water coefficient of permeability is assumed to be a constant for saturated
soils, while it must be assumed to be a function of suction, water content
or some other variable for unsaturated soils.

Also, the pore water pressure generally has a positive gauge value in a
saturated soil and a negative gauge value in an unsaturated soil. In spite of
these differences, the formulation of the partial differential flow equation
is similar in both cases. There is also a smooth transition when going from
the unsaturated to the saturated case (Fredlund, 1981).
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Variation of coefficient of permeability with space for an
unsaturated soil

For steady-state seepage analyses, the coefficient of permeability is a con-
stant with respect to time at each point in a soil. However, the coefficient
of permeability usually varies from one point to another in an unsatu-
rated soil. A spatial variation in permeability in a saturated soil can be
attributed to a heterogeneous distribution of the soil solids. For unsatu-
rated soils, it is more appropriate to consider the heterogeneous volume
distribution of the pore-fluid (i.e. pore water). This is the main reason
for a spatial variation in the coefficient of permeability. Although the
soil solid distribution may be homogeneous, the pore-fluid volume dis-
tribution can be heterogeneous due to spatial variations in matric suc-
tion. A point with a high matric suction (or a low water content) has a
lower water coefficient of permeability than a point having a low matric
suction.

Several functional relationships between the water coefficient of perme-
ability and matric suction [i.e. kw�ua − uw�] or volumetric water content
[i.e. kw��w�] have been described earlier. Coefficients of permeability for
different points in a soil are obtained from the permeability function. The
magnitude of the coefficient of permeability depends on the matric suction
(or water content). In addition, the coefficient of permeability at a point may
vary with respect to direction. This condition is referred to as anisotropy.
The largest coefficient of permeability is called the major coefficient of
permeability. The smallest coefficient of permeability is in a direction per-
pendicular to the largest permeability and is called the minor coefficient of
permeability.

HETEROGENEOUS, ISOTROPIC STEADY-STATE SEEPAGE

Permeability conditions in unsaturated soils can be classified into three
groups, as illustrated in Figure 3.49.

This classification is based on the pattern of permeability variation. A
soil is called heterogeneous, isotropic if the coefficient of permeability in the
x-direction, kx, is equal to the coefficient of permeability in the y-direction,
ky, at any point in the soil mass (i.e. kx = ky at A and kx = ky at B). However
the magnitude of the coefficient of permeability can vary from point A to
point B, depending upon the matric suction in the soil.

HETEROGENEOUS, ANISOTROPIC STEADY-STATE SEEPAGE

The second case is that the ratio of the coefficient of permeability in the
x-direction, kx, to the coefficient of permeability in the y-direction, ky, is a
constant at any point (i.e. �kx/ky� at A = �kx/ky� at B = a constant not equal
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Figure 3.49 Coefficient of permeability variations in an unsaturated soil: (a) Hetero-
geneous, isotropic conditions; (b) heterogeneous, anisotropic conditions;
(c) continuous variation on permeability with space (after Fredlund and
Rahardjo, 1993).

to unity). The magnitude of the coefficients of permeability, kx and ky, can
also vary with matric suction from one location to another, but their ratio
is assumed to remain constant. Anisotropic conditional can also be oriented
in any two perpendicular directions. The general case of any orientation
for the major coefficient of permeability is not considered in the following
formulations.

The third case is where there is a continuous variation in the coefficient
of permeability. The permeability ratio �kx/ky� may not be a constant from
one location to another (i.e. �kx/ky� at A �= �kx/ky� at B), and different direc-
tions may have different permeability functions. The following steady-state
seepage formulations deal with the heterogeneous, isotropic and heteroge-
neous, anisotropic cases. The case where there is a continuous variation
in permeability with space requires further study and is not presented in
this lecture. All of the steady-state seepage analyses assume that the pore
air pressure has reached a constant equilibrium value. Where the equilib-
rium pore air pressure is atmospheric, the water coefficient of permeability
function with respect to matric suction, kw�ua − uw�, has the same abso-
lute value as the permeability function with respect to pore water pressure,
kw�−uw�.
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One-dimensional flow

There are numerous situations where the water flow is predominantly in
one direction. Let us consider a covered ground surface, with the water table
located at a specified depth as shown in Figure 3.50 in which the surface
cover prevents any vertical flow of water from the ground surface.

The pore water pressures are negative under static equilibrium conditions
with respect to the water table. The negative pore water pressure head
has a linear distribution with depth (i.e. line 1). Its magnitude is equal to
the gravitational head (i.e. elevation head) measured relative to the water
table. In other words, the hydraulic head (i.e. the gravitational head plus the
pore water pressure head) is zero throughout the soil profile. This means
that the change in head, and likewise the hydraulic gradient, is equal to
zero. Therefore, there can be no flow of water in the vertical direction
(i.e. qwy = 0).

If the cover were removed from the ground surface, the soil surface
would be exposed to the environment. Environmental changes could pro-
duce flow in a vertical direction, and subsequently alter the negative pore
water pressure head profile. Steady-state evaporation would cause the
pore water pressures to become more negative, as illustrated by line 2
in the figure. The hydraulic head changes to a negative value since the
gravitational head remains constant. The hydraulic head has a non-linear

3

1
2

Steady-state
evaporation

+ qwy

Steady-state
infiltration

– qwyCover
Ground
surface

Steady-state flow
downward

Steady-state
flow upward

qwy
(–)

qwy
(+)

x

y

z

Datum Water table

Pore water pressure head distribution

(–) 0 (+)

Gravitational headStatic equilibrium
with water table

(qwy = 0)

Figure 3.50 Static equilibrium and steady-state flow conditions in the zone of negative
pore water pressures (after Fredlund and Rahardjo, 1993).
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distribution from a zero value at the water table to a more negative value
at ground surface. An assumption is made that the water table remains
at a constant elevation. The non-linearity of the hydraulic head profile is
caused by the spatial variation in the coefficient of permeability. Water
flows in the direction of the decreasing hydraulic head. In other words,
water flows from the water table upward to the ground surface. The
upward constant flux of water is designated as positive for steady-state
evaporation.

Steady-state infiltration causes a downward water flow. The negative
pore water pressure increases from the static equilibrium condition. This
condition is indicated by line 3 in the figure. The hydraulic head profile
starts with a positive value at ground surface and decreases to zero at the
water table. Therefore, water flows downward with a constant, negative
flux for steady-state infiltration.

The above one-dimensional flow cases involve flux boundary conditions.
A steady rate of evaporation or infiltration can be used as the boundary
condition at ground surface. The water table acts as the lower boundary
condition, giving a fixed zero pore water pressure head.

The steady-state procedure for measuring the water coefficient of per-
meability in the laboratory is also a one-dimensional flow example. In the
laboratory measurement of the coefficient of permeability, however, the
hydraulic heads are controlled as boundary conditions at the top and bottom
of the soil specimen. Techniques to analyse both head and flux boundary
conditions are explained in the following sections.

FORMULATION FOR ONE-DIMENSIONAL FLOW

Consider an unsaturated soil element with one-dimensional water flow in
the y-direction, as shown in Figure 3.51.

 dvwy+   dy
 dy

Soil element of thickness, dz

y

z

x

dx

dy

vwy

vwy

Figure 3.51 One-dimensional water flow through an unsaturated soil element (after
Fredlund and Rahardjo, 1993).
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The element has infinitesimal dx, dy, and dz dimensions. The flow rate,
vwy, is assumed to be positive when water flows upward in the y-direction.
Continuity requires that the volume of water flowing in and out of the
element must be equal for steady-state conditions:

(
vwy + dvwy

dy
dy

)
dxdz−vwydx dz = 0 (3.48)

where
vwy = water flow rate across a unit area of the soil in the y-direction
dx, dy, dz = dimensions in the x-, y- and z-directions, respectively.

The net flow can be written as follows:
(

dvwy

dy

)
dx dy dz = 0 (3.49)

Substituting Darcy’s law into Equation (3.49) yields

⎛
⎜⎜⎝

d
{
−kwy

dhw

dy

}

dy

⎞
⎟⎟⎠dx dy dz = 0 (3.50)

where
kwy = water coefficient of permeability as a function of matric suction,
�ua −uw�, which varies with location in the y-direction
dhw/dy = hydraulic head gradient in the y-direction
hw = hydraulic head (i.e. gravitational head plus pore water pressure head).

Equation (3.50) can be used to solve for the hydraulic head distribution in
the y-direction through a soil mass. Since matric suction varies from one
location to another, the coefficient of permeability also varies. Rewriting
Equation (3.50) and considering the non-zero dimensions for dx, dy and dz
gives the following non-linear differential equation:

kwy

d2hw

dy2
+ dkwy

dy

dhw

dy
= 0 (3.51)

where dkwy/dy = change in water coefficient of permeability in the
y-direction due to a change in matric suction.

The non-linearity of Equation (3.51) is caused by its second term, which
accounts for the variation in permeability with respect to space.

When the soil becomes saturated, the water coefficient of permeability,
kwy, can be taken as being equal to a single-valued, saturated coefficient
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of permeability, ks. If the saturated soil is heterogeneous (e.g. layered soil),
the coefficient of permeability, ks, will again vary with respect to location.
In a saturated soil, the heterogeneous distribution of the soil solids is the
primary factor producing a varying coefficient of permeability. As a result,
the flow equation can be written as follows:

ks
d2hw

dy2
+ dks

dy

dhw

dy
= 0 (3.52)

where ks = saturated coefficient of permeability.

A comparison of the Equations (3.51) and (3.52) reveals a similar form.
In other words, the non-linearity in the unsaturated soil flow equation
produces the same form of equation as that required for a heteroge-
neous, saturated soil. In an unsaturated soil, the variation in the coef-
ficient of permeability is caused by the heterogeneous distribution of
the pore-fluid volume occurring as a result of different matric suction
values.

If a saturated soil is homogeneous, the coefficient of permeability is con-
stant for the soil mass. Substituting a non-zero, constant coefficient of
permeability into Equation (3.52) produces a linear differential equation:

d2hw

dy2
= 0 (3.53)

Equations similar to Equation (3.53) can also be derived for one-dimensional
flow in the x- and z-directions.

Two-dimensional flow

Seepage through an earth dam is a classical example of two-dimensional
flow. Water flow is in the cross-sectional plane of the dam, while flow
perpendicular to the plane is assumed to be negligible. Until recently, it has
been conventional practice to neglect the flow of water in the unsaturated
zone of the dam. The analysis presented herein assumes that water flows in
both the saturated and unsaturated zones in response to a hydraulic head
driving potential.

The following two-dimensional formulation is an expanded form of
the previous one-dimensional flow equation. The formulation is called an
uncoupled solution since it only satisfies continuity. For a rigorous formu-
lation of two-dimensional flow, continuity should be coupled with the force
equilibrium equations.
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FORMULATION FOR TWO-DIMENSIONAL FLOW

The following derivation is for the general case of a heterogeneous,
anisotropic, unsaturated soil. The coefficients of permeability in the x-
direction, kwx, and the y-direction, kwy, are assumed to be related to the
matric suction by the same permeability function, f�ua −uw�. The ratio of the
coefficients of permeability in the x- and y-directions, �kwx/kwy�, is assumed
to be constant at any point within the soil mass.

A soil element with infinitesimal dimensions of dx, dy and dz is consid-
ered, but flow is assumed to be two-dimensional, as shown in Figure 3.52.

TWO-DIMENSIONAL WATER FLOW THROUGH AN UNSATURATED

SOIL ELEMENT

The flow rate, vwx, is positive when water flows in the positive x-direction.
The flow rate, vwy, is positive for flow in the positive y-direction. Continuity
for two-dimensional, steady-state flow can be expressed as follows:

(
vwx + �vwx

�x
dx−vwx

)
dy dz+

(
vwy + �vwy

�y
dy −vwy

)
dx dz = 0 (3.54)

where vwx = water flow rate across a unit area of the soil in the x-direction.

Therefore, the net flux in the x- and y-directions is

(
�vwx

�x
+ �vwy

�y

)
dx dy dz = 0 (3.55)

 ∂vwy+   dy
 ∂y
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Figure 3.52 Two-dimensional water flow through an unsaturated soil element (after
Fredlund and Rahardjo, 1993).
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Substituting Darcy’s laws into Equation (3.55) results in a non-linear partial
differential equation:

�

�x

{
kwx

�hw

�x

}
+ �

�y

{
kwy

�hw

�y

}
= 0 (3.56)

where
kwx = water coefficients of permeability as a function of matric suction,
�ua −uw�; the permeability can vary with location in the x-direction.
�hw/�x = hydraulic head gradient in the x-direction.

Equation (3.56) describes the hydraulic head distribution in the x–y plane
for steady-state water flow. The non-linearity of the equation becomes more
obvious after an expansion of the equation:

kwx

�2hw

�x2
+kwy

�2hw

�y2
+ �kwx

�x

{
�hw

�x

}
+ �kwy

�y

{
�hw

�y

}
= 0 (3.57)

where �kwx/�x = change in water coefficient of permeability in the
x-direction.

The spatial variation of the coefficient of permeability given in the third
and fourth terms in Equation (3.57) produces non-linearity in the governing
flow equation.

For the heterogeneous, isotropic case, the coefficients of permeability in
the x- and y-directions are equal (i.e. kwx = kwy = kw�. Therefore, Equa-
tion (3.57) can be written as follows:

kw

(
�2hw

�x2
+ �2hw

�y2

)
+ �kw

�x

{
�hw

�x

}
+ �kw

�y

{
�hw

�y

}
= 0 (3.58)

where kw = water coefficient of permeability in the x- and y-directions.

Seepage through a dam involves flow through the unsaturated and saturated
zones. Flow through the saturated soil can be considered as a special case
of flow through an unsaturated soil. For the saturated portion, the water
coefficient of permeability becomes equal to the saturated coefficient of
permeability, ks. The saturated coefficients of permeability in the x- and
y-directions, ksx and ksy, respectively, may not be equal due to anisotropy.
The saturated coefficients of permeability may vary with respect to location
due to heterogeneity. A summary of steady-state equations for saturated
soils under different conditions is presented in the Table 3.11.

The equations listed in Table 3.11 are specialized forms that can be
derived from the steady-state flow equation for unsaturated soils, i.e. Equa-
tion (3.41). Therefore, steady-state seepage through saturated–unsaturated
soils can be analysed simultaneously using the same governing equation.



 

184 Physical and flow characteristics

Table 3.11 Two-dimensional steady-state equations for saturated
soils (Fredlund and Rahardjo, 1993)

Flow in an infinite slope (Fredlund and Rahardjo, 1993)

A slope of infinite length is illustrated in Figure 3.53. Let us consider the
case where steady-state water flow is established within the slope and the
phreatic line is parallel to the ground surface. Water flows through both
the saturated and unsaturated zones and is parallel to the phreatic line. The
direction of the water flow indicates that there is no flow perpendicular to
the phreatic line. In other words, the hydraulic head gradient is equal to
zero in a direction perpendicular to the phreatic line. In this case, the lines
drawn normal to the phreatic line are equipotential lines.

Isobars are parallel to the phreatic line. This is similar to the condition in
the central section of a homogeneous dam, as shown earlier. The coefficient
of permeability is essentially independent of the pore water pressure in the
saturated zone. Therefore, the saturated zone can be subdivided into several
flow channels of equal size. An equal amount of water (i.e. water flux, qw,)
flows through each channel. Lines separating the flow channels are referred
to as flow lines.

The water coefficient of permeability depends on the negative pore water
pressure or the matric suction in the unsaturated zone. The pore water
pressure decreases from zero at the phreatic line to some negative value at
ground surface. Similarly, the permeability decreases from the phreatic line
to ground surface. As a result, increasingly larger flow channels are required
in order to maintain the same quantity of water flow, qw, as ground surface
is approached.

The water flow in each channel is one-dimensional, in a direction parallel
to the phreatic line. The coefficient of permeability varies in the direction
perpendicular to flow. This condition can be compared to the previous
case of water flow through a vertical column. In the case of the vertical
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Figure 3.53 Steady-state water flow through an infinite slope (after Fredlund and
Rahardjo, 1993).

column, the coefficient of permeability varied in the flow direction, and the
equipotential lines were not equally distributed throughout the soil column.

The above examples illustrate that equipotential lines, and flow lines
intersect at right angles for unsaturated flow problems, as long as the soil
is isotropic. Heterogeneity with respect to the coefficient of permeability
results in varying distances between either the flow lines or the equipotential
lines; however, these lines cross at 90�.

The pore water pressure distribution in the unsaturated zone can be anal-
ysed by considering a horizontal datum through an arbitrary point (e.g. point
A in Figure 3.54) on the phreatic line. The pore water pressure distribution
in a direction perpendicular to the phreatic line (i.e. in the a-direction) is
first examined. The results are then used to analyse the pore water pres-
sure distribution in the y-direction (i.e. vertically). The gravitational head
distribution in the a-direction is zero at point A (i.e. datum) and increases
linearly to a gravitational head of �H cos2 �� at ground surface. The pore
water pressure head at a point in the a-direction must be negative and equal
in magnitude to its gravitational head because the hydraulic heads are zero
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Figure 3.54 Pore water pressure distributions in the undisturbed zone of an infinite slope
during steady-state seepage (after Fredlund and Rahardjo, 1993).

in the a-direction. Therefore, the pore water pressure head distribution in
the a-direction must start at zero at the datum (i.e. point A) and decrease
linearly to �−H cos2 �� at ground surface. A pore water pressure head of
�−H cos2 �� applies to any point along the ground surface since every line
parallel to the phreatic line is also an isobar.

The pore water pressure head distribution in a vertical direction also
commences with a zero value at point A, and decreases linearly to a head
of �−H cos2 �� at ground surface. However, the pore water pressure head is
distributed along a length, �H cos��, in the a-direction, while the head is
distributed along a length, H , in the vertical direction. The negative pore
water pressure head at a point on a vertical plane can therefore be expressed
as follows:

hpi = −y cos2 � (3.59)

where
hpi = negative pore water pressure head on a vertical plane (i.e. the
y-direction) for an infinite slope
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y = vertical distance from the point under consideration to the datum
(i.e. point A)
� = inclination angle of the slope and the phreatic line.

When the ground surface and the phreatic line are horizontal (i.e. � = 0 or
cos� = 1), the negative pore water pressure head at a point along a vertical
plane, hps, is equal to −y. This is the condition of static equilibrium above
and below a horizontal water table. The ratio between the pore water pres-
sure heads on a vertical plane through an infinite slope (i.e. hpi = −y cos2 �)
and the pore water pressure heads associated with a horizontal ground
surface (i.e. hps = −y) is plotted in Figure 3.55. This ratio indicates the
reduction in the pore water pressures on a vertical plane as the slope, �,
becomes steeper.

The gravitational head at a point along a vertical plane is equal to its
elevation from the datum, y (Figure 3.55). The hydraulic head is computed
as the sum of the gravitational and pore water pressure heads:

hwi = (1− cos2 �
)
y (3.60)

Equation (3.60) indicates that there is a decrease in the hydraulic head as
the datum is approached. In other words, there is a vertical downward
component of water flow.

The above analysis also applies to the pore water pressure conditions
below the phreatic line. Using the same horizontal line through point A,
positive pore water pressure heads along a vertical plane can be computed
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Figure 3.55 Effect of slope inclination on the pore water pressure distribution along
a vertical plane (after Fredlund and Rahardjo, 1993).
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in accordance with hpi = −y cos2 �. The hydraulic head �hwi = �1−cos2 ��y�
is zero at the phreatic line, and decreases linearly with depth along a
vertical plane.

Steady-state air flow (Fredlund and Rahardjo, 1993)

Introduction

The bulk flow of air can occur through an unsaturated soil when the air
phase is continuous. In many practical situations, the flow of air may not
be of concern. However, it is of value to understand the formulations for
compressible flow through porous media.

The air coefficient of transmission, D∗
a, or the air coefficient of perme-

ability, ka (i.e. D∗
ag�, is a function of the volume–mass properties or the

stress state of the soil. The relationships between the air coefficient of per-
meability, ka, and matric suction [i.e. ka�ua − uw�] or degree of saturation
[i.e. ka�Se�] are described above. The value of ka or D∗

a may vary with loca-
tion, depending upon the distribution of the pore air volume in the soil.
Possible variations in the air coefficient of permeability in an unsaturated
soil are described in the beginning of this lecture. The air coefficient of
permeability at a point can be assumed to be constant with respect to time
during steady-state air flow.

The section presents the steady-state formulations for one- and two-
dimensional air flow using Fick’s law. Heterogeneous, isotropic and
anisotropic situations are presented. Steady-state air flow is analysed by
assuming that the pore water pressure has reached equilibrium. The follow-
ing air flow equations can be solved using numerical methods such as the
finite difference or the finite element methods. The manner of solving the
equations is similar to that described in the previous sections.

One-dimensional flow of air

Consider an unsaturated (i.e. heterogeneous) soil element with one-
dimensional air flow in the y-direction, as shown in Figure 3.56.

The air flow has a mass rate of flow, Jay, under steady-state conditions.
The mass rate is assumed to be positive for an upward air flow. The principle
of continuity states that the mass of air flowing into the soil element must
be equal to the mass of air flowing out of the element:

(
Jay + dJay

dy
dy

)
dx dz− Jaydx dz = 0 (3.61)

where Jay = mass rate of air flow across a unit area of the soil in the
y-direction.



 

Flow laws, seepage and state-dependent soil–water characteristics 189

 dJay+   dy
 dy

Soil element of thickness, dz

y

z

x

dx

dy

Jay

Jay

Figure 3.56 One-dimensional steady-state air flow through an unsaturated soil ele-
ment (after Fredlund and Rahardjo, 1993).

Rearranging Equation (3.61) gives the net mass rate of air flow

(
dJay

dy

)
dx dy dz = 0 (3.62)

Substituting Fick’s law for the mass rate of flow into Equation (3.62) yields
a non-linear differential equation:

(
d
{
−D∗

ay

dua

dy

}
/dy

)
dx dy dz = 0 (3.63)

where
D∗

ay = air coefficient of transmission as a function of matric suction, �ua −uw�
dua/dy = pore air pressure gradient in the y-direction
ua = pore air pressure.

The spatial variation of D∗
ay causes non-linearity in Equation (3.63):

D∗
ay

d2ua

dy2
+ dD∗

ay

dy

dua

dy
= 0 (3.64)

where dD∗
ay/dy = change in the air coefficient of transmission in the

y-direction.
The above two equations describe the pore air pressure distribution in the
soil mass in the y-direction. The second term in the last equation accounts
for the spatial variation in the coefficient of transmission. The coefficient
of transmission is obtained by dividing the air coefficient of permeability,
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kay, by the gravitational acceleration (i.e. D∗
ay = kay/g�. In other words,

the coefficients D∗
ay and kay have similar functional relationships to matric

suction.
The measurement of the air coefficient of permeability using a triaxial

permeameter cell is an application involving one-dimensional, steady-state
air flow. In this case, however, the air coefficient of permeability is assumed
to be constant throughout the soil specimen. Neglecting the change in the
air coefficient of permeability with respect to location, Equation (3.64) is
reduced to a linear differential equation:

d2ua

dy2
= 0 (3.65)

The pore air pressure distribution in the y-direction is obtained by integrat-
ing Equation (3.65) twice:

ua = C1y +C2 (3.66)

where
C1� C2 = constants of integration related to the boundary conditions
y = distance in the y-direction.

The pore air pressure distribution within a soil specimen during an air
permeability test is illustrated in Figure 3.57.

The air pressures at both ends of the specimen (i.e. ua = uab at y = 0
0
and ua = uat = 0
0 at y = hs) are the boundary conditions. Substituting the
boundary conditions into the last equation results in a linear equation for
the pore air pressure along the soil specimen (i.e. ua = �1−y/hs� uab).

 y
ua = (1 –  )uab
 hs

Steady
state

uat = 0 uat = 0 (atmospheric)

Air flow

uab 0 uab

Unsaturated
soil specimen

Pore-air pressure
distribution

hs

y

Figure 3.57 Pore air pressure distribution during the measurement of the air coeffi-
cient permeability, ka (after Fredlund and Rahardjo, 1993).
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Two-dimensional flow of air

Two-dimensional, steady-state air flow is first formulated for the hetero-
geneous, anisotropic condition. The air coefficients of transmission in the
x- and y-directions, D∗

ax and D∗
ay, are related to matric suction using the

same transmission function, D∗
a = f �ua −uw�. The �D∗

ax/D∗
ay� ratio will be

assumed to be constant at any point within the soil mass.
An element of soil subjected to two-dimensional air flow is shown in the

Figure 3.58.
Satisfying continuity for steady-state flow yields the following equation:
(

Jax + �Jax

�x
dx− Jax

)
dy dz+

(
Jay + �Jay

�y
dy − Jay

)
dx dz = 0 (3.67)

where Jax = mass rate of air flowing across a unit area of the soil in the
x-direction.

Rearranging Equation (3.67) results in the following equation:
(

�Jax

�x
+ �Jay

�y

)
dx dy dz = 0 (3.68)

Substituting Fick’s law for the mass rates, Jax and Jay, into Equation (3.68)
gives the following non-linear partial differential equation:

�

�x

{
D∗

x

�ua

�x

}
+ �

�y

{
D∗

y

�ua

�y

}
= 0 (3.69)
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Figure 3.58 An element subjected to two-dimensional air flow (after Fredlund and
Rahardjo, 1993).
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where
D∗

ax = air coefficient of transmission as a function of matric suction, �ua −uw�
and �ua/�x = pore air pressure gradient in the x-direction.

The coefficient of transmission, D∗
ax, is related to the air coefficient of perme-

ability, k∗
ax, by the gravitational acceleration (i.e., D∗

ax = k∗
ax/g). Expanding

Equation (3.69) results in the following flow equation:
{

D∗
x

�2ua

�x2

}
+
{

D∗
y

�2ua

�y2

}
+ �D∗

ax

�x

{
�ua

�x

}
+ �D∗

ay

�y

{
�ua

�y

}
= 0 (3.70)

where �D∗
ax/�x = change in air coefficient of transmission in the

x-direction.

Spatial variations in the coefficients of transmission are accounted for by
the third and fourth terms in the last equation. These two terms produce the
non-linearity in the flow equation. When solved, the last equation describes
the pore air pressure distribution in the x–y plane of the soil mass during
two-dimensional, steady-state air flow.

For the heterogeneous, isotropic case, the coefficients of transmission in
the x- and y-directions are equal (i.e., D∗

ax = D∗
ay = D∗

a�, and Equation (3.70)
becomes

D∗
a

{
�2ua

�x2
+ �2ua

�y2

}
+ �D∗

a

�x

{
�ua

�x

}
+ �D∗

a

�y

{
�ua

�y

}
= 0 (3.71)

where D∗
a = air coefficient of transmission in the x- and y-directions.

These partial differential equations for air flow are similar in form to those
previously presented for water flow.

Two-dimensional transient flow of water (Fredlund and
Rahardjo, 1993)

Introduction

Unlike the steady-state water flow, transient flow alters the moisture content
or volumetric water content in an soil element as shown Figure 3.59.

The flow rate, vwx, is positive when water flows in the positive x-direction.
The flow rate, vwy, is positive for flow in the positive y-direction. For
unsteady-state flow (transient):

(
vwx + �vwx

�x
dx−vwx

)
dy dz+

(
vwy + �vwy

�y
dy −vwy

)
dx dz

+q�t�dx dy dz+ ��w

�t
dx dy dz = 0 (3.72)
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Figure 3.59 Two-dimensional transient water flow through an unsaturated soil
element. (after Fredlund and Rahardjo, 1993)

where
�w = volumetric water content, which is a function of matric suction,
�ua −uw�
vwx� vwy = water flow rate across a unit area of the soil in the x- and
y-direction, respectively
q�t� = applied boundary flux.

Therefore, the net flux in the x- and y-directions is

(
�vwx

�x
+ �vwy

�y
+ ��w

�t
+q�t�

)
dx dy dz = 0 (3.73)

Substituting Darcy’s laws into Equation (3.73) results in a non-linear partial
differential equation for transient water flow:

�

�x

{
kwx

�hw

�x

}
+ �

�y

{
kwy

�hw

�y

}
+q�t�+ ��w

�t
= 0 (3.74)

If it is assumed that no external loads are added to the soil mass during
the transient process and that the air phase is continuous in the unsatu-
rated zone,

d�w = m1d�ua −uw� (3.75)

where m1 is the slope of the �ua −uw� versus �w plot.
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For no external loads, ua = 0, therefore, the governing equation becomes

�

�x

{
kwx

�hw

�x

}
+ �

�y

{
kwy

�hw

�y

}
+q�t� = m1

�uw

�t
(3.76)

or

�

�x

{
kwx

�hw

�x

}
+ �

�y

{
kwy

�hw

�y

}
+q�t� = m1�wg

�hw

�t
(3.77)

Analytical analysis of rainfall infiltration mechanism
in unsaturated soils (Zhan and Ng, 2004)

Introduction

The distribution and variation of negative pore water pressure in unsat-
urated soils are governed by the water flow, which in turn is affected
by many intrinsic and external factors. The intrinsic factors are mainly
the hydraulic properties of the soils, including water retention character-
istics and water coefficient of permeability. The external factors mainly
refer to climatic conditions, such as rainfall intensity and duration, rainfall
pattern and evapotranspiration rate. The effects of these factors on rain-
fall infiltration and hence on the pore water pressure responses have been
partially investigated by several researchers as presented in the following
paragraphs.

The simple infiltration model proposed by Green and Ampt (1911) indi-
cates that the depth of the wetting front during rainfall infiltration is pro-
portional to the saturated permeability �ks� but inversely proportional to
the specific yield in the ground. The semi-empirical model developed by
Leach and Herbert (1982) suggests that the pore water pressure response
to rainfall in a given geometry is a function of the ratio ks/Ss (where, ks is
saturated permeability of a soil and Ss is specific storage of the soil). The
higher the value of the ratio �ks/Ss�, the faster the hydraulic heads will rise
as a result of rainfall infiltration, and the more rapid will be the pore water
pressure response to storm events. In this model, the dependence of water
coefficient of permeability on soil suction (or water content) was not taken
into account.

Kasim et al. (1998) performed a numerical simulation to investigate the
influence of the coefficient of permeability function on the steady-state
pore water pressure distributions in horizontal and inclined unsaturated soil
layer. The coefficient of permeability function is characterized by a saturated
permeability �ks�, an approximate air-entry value �a� and a desaturation rate
�n�. The study shows that the ratio of rainfall infiltration rate to saturated
permeability (i.e. qf/ks� and the air-entry value of the soil are the dominant
factors affecting the steady-state pore water pressure distributions. For a
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given qf/ks ratio, the computed steady-state suction values increase with
an air-entry value. For simplicity, the influence of air-entry value is not
considered again in this chapter.

Ng and Shi (1998) and Ng et al. (1999) accounted for more parameters
in their numerical studies on the effects of rain infiltration on pore water
pressure in unsaturated slopes and hence on slope stability. The parameters
considered in their study included intensity and duration of rainfall, sat-
urated permeability and its anisotropy, the presence of an impeding layer
and conditions of surface cover. They found that the response of negative
pore water pressure and the groundwater table is mainly governed by the
ratio of q/ks and ks/mw (where, q is the infiltration flux, ks is saturated
permeability and mw is the slope of the SWCC) as well as the initial and
boundary conditions. They also found that for a given slope, there existed a
critical saturated permeability and a critical rainfall duration with regards to
the effect of rainfall infiltration on slope stability. However, SWCC (i.e. the
relationship between water content and matric suction) was kept the same in
their studies, i.e. the effects of different SWCCs not investigated. In addition,
the relative sensitivity and combined effects of some relevant parameters
were not investigated.

Effects of hysteresis of a SWCC on unsaturated flows were studied by Ng
and Pang (2000b) and Rahardjo and Leong (1997). Ng and Pang (2000b)
showed that during a prolonged rainfall, the analysis using a wetting SWCC
would predict adverse pore water pressure distributions with depth than
those from an analysis using a drying SWCC. Rahardjo and Leong (1999)
demonstrated that the use of a drying SWCC with a higher permeability
function would result in a deeper infiltration depth. Both articles suggested
that it would be more appropriate to use a wetting SWCC for infiltration
problems.

In spite of all the valuable work reviewed above, effects of hydraulic
parameters and rainfall conditions on the infiltration into an unsaturated
ground, and hence on the pore water pressure responses, are still not fully
understood. The reasons for this may be (1) high non-linearity and vari-
ability of hydraulic parameters involved in the transient unsaturated flow
system; (2) spatial and temporal variations in the initial and boundary con-
ditions of the system.

Parametric studies of rainfall infiltration into an unsaturated ground can
be carried out either by using an analytical solution or by using numerical
simulations. Analytical solutions generally have advantages of explicitness
and simplicity over numerical simulations. Of course, because of the high
non-linearity of hydraulic parameters involved in the governing equation of
unsaturated flow, analytical solutions for the infiltration problem can only
be obtained by making some assumptions and under some given initial and
boundary conditions (Philip, 1957; Broadbridge and White, 1988; Pullan,
1990; Sander, 1991; Srivastava and Yeh, 1991; Boger, 1998). In here, an
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analytical solution for one-dimensional rainfall infiltration in homogeneous
and two-layer soils derived by Srivastava and Yeh (1991) was selected and
applied for parametric study. The reasons for this selection are (1) almost all
the key parameters involved in the infiltration system (i.e. saturated perme-
ability, desaturation rate, water storage capacity, antecedent and subsequent
rainfall infiltration rates) were taken into account in this analytical solution;
(2) the pore water pressure responses associated with rainfall infiltration
can be directly calculated by this solution.

Here, hydraulic properties of unsaturated soils are first discussed to clarify
the key hydraulic parameters controlling an unsaturated flow (i.e. satu-
rated permeability, desaturation rate and water storage capacity). Then,
the analytical solution for one-dimensional rainfall infiltration in homoge-
neous and two-layer soils derived by Srivastava and Yeh (1991) is reviewed.
Thereafter, parametric studies are carried out to investigate the influences
of the key parameters (i.e. saturated permeability, desaturation rate, water
storage capacity, antecedent and subsequent rainfall infiltration rates) on
the transient pore water responses in an infiltration system. The investiga-
tion includes the individual effect of each parameter, the possible combined
effects of some relevant parameters and a comparison of the effects among
the relevant parameters. Insights into the mechanism of the infiltration pro-
cess and the associated pore water pressure response in unsaturated soils
are discussed.

Hydraulic properties of unsaturated soils

Similar to the flow through a saturated soil, water flow through an unsat-
urated soil is generally governed by Darcy’s law (Fredlund and Rahardjo,
1993). However, comparing the water flow in an unsaturated soil with the
saturated flow, two major differences stand out (1) there exits a storage
term which represents the variation of water content with matric suction;
(2) the water coefficient of permeability depends strongly on matric suction.
It should be noted that no volume change in soil is considered during the
infiltration process. The storage term in unsaturated flow is not a constant
but dependent on the suction (or water content) in an unsaturated soil,
and it can be characterized by the SWCC. Therefore, SWCC and water
coefficient of permeability are the most important hydraulic properties for
unsaturated soils.

Figure 3.60 shows an idealized SWCC with two characteristic points, A∗

and B∗. Point A∗ corresponds to the air-entry value ��ua − uw�b�, and B∗

corresponds to the residual water content �wr�. As shown in Figure 3.60,
prior to A∗, the soil is saturated or nearly saturated, so it can be treated as a
saturated soil with a compressible fluid due to the existence of occluded air
bubbles. Beyond B∗, there is little water in the soil, so the effects of water
content or negative pore water pressure on soil behaviour may be negligible.



 

Flow laws, seepage and state-dependent soil–water characteristics 197

60

50

40

30

20

10

0

ua – uw (kPa)

A*

B*

(ua – uw)b

(ua – uw)r

θ 
(%

)

0.1 1 10 100 1,000 10,000 100,000 1,000,000

θr

θs

Figure 3.60 Idealized soil–water characteristic curve (Zhan and Ng, 2004).

Therefore, the soil at these two unsaturated stages is not the key focus of
unsaturated soil behaviour (Bao et al., 1998). What is of great concern in
unsaturated soils is the stage between A∗ and B∗ in which both air and water
phases are continuous or partially continuous, and hence the soil properties
are strongly related to its water content or negative pore water pressure. It
can be seen from Figure 3.60 that the SWCC between A∗ and B∗ is nearly
a straight line on a semi-logarithmic scale. The linear part of the SWCC
can be approximately represented with the air-entry value ��ua −uw�b�, the
saturated and residual volumetric water content and the desaturation rate
of the SWCC (i.e. the slope of the linear part).

For an unsaturated soil, the water coefficient of permeability depends
on the degree of saturation or negative pore water pressure of the soil.
Water flows only through the pore space filled with water (air-filled pores
is not conductive to water), so the percentage of the voids filled with water
(i.e. degree of saturation) is an important factor. The relationship of the
degree of saturation to negative pore water pressure can be represented by
a SWCC. Therefore the water coefficient of permeability for unsaturated
soils with respect to negative pore water pressure bears a relationship to
the SWCC, and it can be estimated from the saturated permeability and
the SWCC (Marshall, 1958; Brooks and Corey, 1964; Van Genuchten,
1980; Fredlund et al., 1994). Hence, a water permeability function of
unsaturated soils can be approximated in terms of saturated permeability,
air-entry value, desaturation rate, saturated and residual volumetric water
contents.
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Figure 3.61 Soil–water characteristic curves for different soils (based on Hillel, 1998;
Zhan and Ng, 2004).

Figure 3.61 illustrates the general trend of SWCCs for two different
types of soils (Hillel, 1998). It can be seen that the shape and magni-
tude of the SWCC depends strongly on soil type. The greater the clay
content, in general, the larger the air-entry value, the greater the water
retention ability at a given matric suction and the more gradual the slope
of the curve (i.e. the lower the desaturation rate). In a sandy soil, most
of the pores are relatively large, and once these larger pores are emptied
at a given negative pore water pressure, only a small amount of water
remains. In a clayey soil, the pore size is relatively small and the distribu-
tion of pores is more uniform, with more water being adsorbed, so that
the increase in matric suction causes a more gradual decrease in water
content.

Figure 3.62 shows the general trend of the water permeability curves for
different soils (Hillel, 1998). It is seen that, although the saturated perme-
ability of the sandy soil �ks1� is typically greater than that of the clayey soil
�ks2�, the unsaturated permeability of the sandy soil decreases more sharply
with the increasing matric suction (or negative pore water pressure) and
eventually becomes lower than that of the clayey soil. This is attributed to the
larger desaturation rate of the sandy soil than the clayey soil (Figure 3.61).
Since air-filled pores are non-conductive channels to the flow of water, a
sharp reduction in water content in sandy soil will result in a sharp decrease
of water coefficient of permeability with the increasing negative pore water
pressure.
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Figure 3.62 Relationships between water permeability and matric suction for different
soils (Hillel, 1998; from Zhan and Ng, 2004).

Analytical analysis for one-dimensional infiltration
in unsaturated soils

Review of analytical solution

The governing equation for one-dimensional vertical infiltration in unsatu-
rated soils is given by the following equation (Richards, 1931):

�

�z

[
k ���

� �� +z�

�z

]
= ��

�t
(3.78)

where, � is pore water pressure head (negative for unsaturated flow);
� is volumetric water content of a soil;
t is time;
z is elevation head.

The water coefficient of permeability �k� and the volumetric water content
��� in an unsaturated soil are non-linear functions of negative pressure head
���, which results in the non-linearity of this equation. To obtain a closed
form analytical solution, some simplifying assumptions are required. Over
the past decades, many researchers have made great efforts to obtain analyt-
ical solutions for the above equation (Philip, 1957; Broadbridge and White,
1988; Pullan, 1990; Sander, 1991). Most of them assumed an exponen-
tial relationship between water coefficient of permeability and the negative
pressure head ���. Srivastava and Yeh (1991) assumed that the relationship
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of the water coefficient of permeability �k� and that of volumetric water
content ��� to � are both exponential,

� = �r + ��s −�r� e�� (3.79a)

k = kse
�� (3.79b)

where
�s and �r are saturated and residual volumetric water content of the soil,
respectively;
ks is saturated permeability;
� is a coefficient representing the desaturation rate of the SWCC, defined
here as the desaturation coefficient.

For many soils, these two functions can be used to approximate their
hydraulic characteristics with the four parameters (i.e. �� �s� �r and ks) over
a wide range of negative pore water pressures (Philip, 1969). However, the
two functions do not account for the air-entry value of a SWCC probably
because of the ease of obtaining an analytical solution of Equation (3.61).
Since only wetting process is considered in here, wetting path of the SWCC
is investigated and hence hysteresis of the SWCC is not studied.

With these two functions, the Richards’s equation can be transformed to
the following linear equation:

�2k

�z2
+�

�k

�z
= ���s −�r�

ks

�k

�t
(3.80)

A one-dimensional transient infiltration problem generally involves one
initial and two boundary conditions. In the study by Srivastava and Yeh
(1991), the one-dimensional infiltration problem in homogeneous soil is
defined in Figure 3.63. The lower boundary is located at the stationary

L

z

O

qB

ψ = ψ0

Figure 3.63 Homogeneous soil profile for infiltration calculation (Zhan and Ng, 2004).
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groundwater table, where negative pore water pressure is equal to 0 (i.e. �0 =
0). Its boundary condition can be written as:

k �z=0 = ks (3.81)

The upper boundary at the ground surface is subjected to a rainfall infiltra-
tion �q�, which is kept constant throughout the duration of rainfall consid-
ered. Its boundary condition can be expressed as:

(
1
�

�k

�z
+k

)
z=L

= q (3.82)

Conventionally, the initial pore water pressure distribution (i.e. initial con-
dition) is obtained by performing a steady state analysis, in which the upper
boundary is subjected to a small infiltration rate. The small infiltration
rate is called antecedent infiltration rate �qA� in here. The thickness of the
unsaturated soil layer is L. For a two-layered soil system, the lower and
upper layers are Ll and Lu in thickness, respectively (see Figure 3.64). Its
boundary conditions and initial conditions remain the same as the case of
homogeneous soil layer. The analytical solution for these two kinds of soil
systems can be obtained through Laplace’s transformation (Srivastava and
Yeh, 1991). The solution for a homogeneous soil system is written as:

k∗ = q∗
B − [q∗

B − e��0
] · e−z∗ −4�q∗

B −q∗
A� · e�L∗−z∗�/2 · e−t∗/4

	∑
n=1

sin�	nz
∗� sing�	nL

∗� ·e−	2
nt∗

1+ �L∗/2�+2	2
nL

∗ (3.83)

z

Upper layer

Lower layer
O

Lu

Ll

qB

ψ = ψ0

Figure 3.64 Two-layer soil profile for infiltration calculation (Zhan and Ng, 2004).
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in which⎧⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎩

z∗ = �z�L∗ = �L
k∗ = k/ks

qA
∗ = qA/ks� qB

∗ = qB/ks

t∗ = �kst

�s −�r

	n is the nth root of the following characteristic equation

tan�	nL�+2	n = 0 (3.84)

The solution for a two-layered soil system is given as follows:

⎧⎪⎪⎪⎨
⎪⎪⎪⎩

k∗
l = q∗

Bl −
[
q∗

Bl − e��0
] · e−�Ll+z∗� −4�q∗

Bl −q∗
Al�·

e�L∗
u−z∗�/2 · �RAl + �RBl or RCl��

k∗
u = q∗

Bu − �q∗
Bu −q∗

Bl + �q∗
Bl − e��0 �e−L∗

l � · e−z∗

−4�q∗
Bl −q∗

Al� · e�L∗
u−z∗�/2 · �RAu + �RBu or RCu��

(3.85)

where⎧⎪⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎪⎩

z∗ = �lz for −L∗
l ≤ z∗ ≤ 0 so that L∗

l = �lLl

z∗ = �uz for 0 ≤ z∗ ≤ L∗
u so that L∗

u = �uLu

k∗
l = kl/ksl q∗

Al = qAl/ksl q∗
Bl = qBl/ksl

k∗
u = ku/ksu q∗

Au = qAu/ksu q∗
Bu = qBu/ksu

t∗ = �lkslt

�sl −�rl

(3.86)

RAl� RBl� RAu and RBu are functions of z∗ and t∗. The details of these
functions can be found in Srivastava and Yeh (1991).

Then, pore water pressure heads ��� in the ground can be calculated from
Equation (3.79b) as follows

� = lnk∗

�
(3.87)

Volumetric water contents ��� in the ground can be calculated from Equa-
tion (3.79a) as follows

� = �r + ��s −�r� e�� (3.88)

Introductory analysis for parametric studies

An introductory analysis which is helpful for understanding the results from
a parametric study is discussed here.
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The governing equation for one-dimensional vertical transient infiltra-
tion in unsaturated soils [Equation (3.78)] can be rewritten in terms of �
(Hillel, 1998),

�

�z

[
k ���

� �� +z�

�z

]
= ��

��

��

�t
(3.89)

where ��/�� is a storage term, representing the variation of volumetric water
content with respect to negative pore water pressure. It is also called the
specific moisture capacity in soil science (Hillel, 1998).

For steady-state infiltration, both the two variables (� and �) in Equa-
tions (3.87) and (3.88) are independent of time, then

�

�z

[
k ���

� �� +z�

�z

]
= 0� i
e
 k ���

� �� +z�

�z
= constant (3.90)

The analytical solution for the steady-state infiltration problem with the
upper flux boundary �q� can be obtained as,

��

�z
+1 = q

k���
� i
e
 � = −

∫ z

0

(
1− q

k ���

)
dz (3.91)

From Equations (3.88) and (3.89), it can be seen that the pore water pres-
sure response of a steady state infiltration system depends only on the water
coefficient of permeability �k���� and the applied infiltration rate �q�. As
shown in Equation (3.79b), k��� can be expressed in terms of ks and �.
Thus, the pore water pressure response of a steady-state infiltration system
is a function of ks� � and q. However, for a transient infiltration, apart
from k��� and q, the pore water pressure response also depends on the
storage term, ���/���, [see Equation (3.89)]. As shown in Equation (3.79a),
the storage term, ���/���, can be described in terms of � and ��s–�r�. Hence,
the transient pore water pressure response depends on ks� �� ��s–�r� and
q. For the infiltration rate �q� on the upper boundary, antecedent and sub-
sequent infiltrate rates (i.e. qA and qB) are considered in the initial and
subsequent stages, respectively. Therefore, the governing parameters of the
one-dimensional transient infiltration system are the five variables; namely
�� ks� ��s–�r�� qA and qB.

Analysis scheme and input

A homogeneous soil layer �L = 10m� and a two-layered soil system �Ll =
Lu = 5m� were chosen for this study (see Figures 3.63 and 3.64). The experi-
ments shown in Table 3.12 were run to investigate the influence of hydraulic
parameters and rainfall infiltration rates – namely �� ks� ��s–�r�� qA and
qB – on the pore water pressure profiles in unsaturated soil strata. Series
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Table 3.12 Analysis scheme for the parametric study of infiltration (Zhan and Ng, 2004)

1–3 are considered to investigate individual influences of the three hydraulic
parameters (�� ks and ��s–�r��, respectively. Series 4 and 5 are designed for
studying the relative sensitivity of the three hydraulic parameters, whereas
Series 6 and 7 are primarily for investigating the effects of qA and qB and the
last Series is for studying the effect of soil profile heterogeneity. To be simple,
a uniform rainfall infiltration lasting for 24 h was simulated for all the series.
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Infiltration: a parametric study

Influence of saturated permeability �ks�

Two extreme cases of the infiltration problem can be first considered: the
water coefficient of permeability tending to zero and that tending to infinity.
At the former extreme, there will be no infiltration of water into the soil
stratum, and hence little drop in the initial negative pore water pressure.
At the latter extreme, water will infiltrate into the soil stratum easily but
will immediately drain away through the boundaries, so again there is little
decrease in the initial negative pore water pressure. However, at intermediate
values of water coefficient of permeability, rainwater will infiltrate to a
certain degree and will not entirely drain away, resulting in a reduction of
the negative pore water pressure. This implies that there exists a critical
saturated permeability that may result in the greatest reduction of negative
pore water pressure (Ng and Shi, 1998).

Figure 3.65 shows a series of pore water pressure profiles with respect to
three different values of saturated permeability (i.e. ks = 3×10−7� 3×10−6

and 3 × 10−5 m/s�. The embedded small chart illustrates the relationship
between water coefficient of permeability �k� and negative pore water pres-
sure ��� for different values of ks [Equation (3.62b)]. As aforementioned, the
initial pore water pressure profile �t = 0� is deduced from the steady-state
flow analysis associated with the antecedent infiltration rate qA imposed
on the ground surface. If qA is zero, which means zero flux at the ground
surface, the hydrostatic condition is thus achieved. For the three cases of
Series 1, the antecedent infiltration rate remains zero, so the three initial
pore water pressure profiles are identical, regardless of the different values
of ks. Certainly, if the value of qA is larger than zero, the initial pore water
pressure profile will be affected by the ks value.

As shown in Figure 3.65, the saturated permeability has a significant
influence on the pore water pressure redistribution due to subsequent rainfall
infiltration. First, the greater the ks value, the deeper the wetting front. This
is consistent with Green and Ampt’s model (1911). On the other hand, if
the ks value is relatively small with respect to the applied infiltration rate,
the negative pore water pressure near the ground surface decreases greatly,
however the wetting front is relatively shallow after a certain duration of
rainfall (e.g. 24 h). This is because the infiltrated rainwater accumulates in
the sallow soil layer due to the low ks value, and then gradually wets the soil
below. When the ks value is smaller than the infiltration rate, i.e. qB/ks > 1
(as for the case with ks = 3 × 10−7 m/s), a positive pore water pressure
appears at the ground surface after a certain duration and the shallow soil
will become saturated. This is a result of the small ks, which prevents some
of the rainwater from infiltrating into the soil and results in the development
of ponding at the ground surface. On the contrast, for a relatively large
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Figure 3.65 Pore water pressure-depth profiles for different values of permeability, k
(Zhan and Ng, 2004).

value of ks, the downward flow will be easier, and hence the infiltrated water
are distributed more uniformly over the depth, so a smaller reduction in
negative pore water pressure will be observed in the shallow soil layer. This
result is similar to Pradel and Raad’s (1993) conclusion that the lower the
permeability of the soil the higher probability that saturation may develop
in the shallow soil of a slope.

As mentioned previously, there is a critical saturated permeability, which
leads to the greatest reduction in negative pore water pressure in an infil-
tration system. A further observation of Figure 3.65 indicates that the area
between the initial profile and the one at t = 24h tends be largest for
ks = 3
0×10−6 m/s, which means that this value brings about the greatest
total reduction in pore water pressure among the three cases considered.
This value is closest to the imposed rainfall infiltration rate. This indicates
that the critical value may be close to the saturated permeability. Kasim
et al. (1998) reported a similar result that the steady-state matric suctions
in a soil profile decrease with increasing q/ks ratio, and that the matric
suctions reduce to zero throughout the entire depth when the steady-state
rainfall infiltration rate approaches the value of the saturated permeability
of the soil.
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Influence of desaturation coefficient ���

The desaturation coefficient ��� governs the rate of decrease in water con-
tent or water coefficient of permeability with an increasing matric suction
or negative pore water pressure [see Equation (6.48b)]. The value of � is
related to the grain size distribution of a soil (Philip, 1969). Generally speak-
ing, the greater the clay content, the lower the desaturation rate [(i.e. the
smaller the value of �) (Figure 3.61)] and hence the more gradually the
water coefficient of permeability decreases with an increase in matric suc-
tion (Figure 3.62) (Hillel, 1998). In addition, for a given soil the � value
tends to increase with the uniformity of the grain sizes. Typically, � is about
0
1kPa−1, and the range of values 0
02–0
5kPa−1 seems likely to cover most
applications (Philip, 1969). According to Morrison and Szecsody (1985),
the range 0
01–10kPa−1 covers most of the published � values.

Figure 3.66 shows three pore water pressure profiles at t = 24h for differ-
ent values of � (i.e. 0.01, 0.05, and 0
1kPa−1, see Series 2a in Table 3.12).
A small chart is also embedded to illustrate the relationship between water
coefficient of permeability �k� and negative pore water pressure ��� for dif-
ferent values of � [Equation (3.62b)]. As shown in Figure 3.66, the initial
profiles are identical for the three cases due to zero value of qA. It can be
seen that the smaller the � value, the deeper the wetting front advances.
In addition, the three profiles intersect. In other words, the negative pore
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Figure 3.66 Pore water pressure-depth profiles for different values of � �qA = 0�
(Zhan and Ng, 2004).
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water pressure for a smaller � value is larger above but smaller below the
intersect point than that for a larger � value. This may be explained by
considering the embedded small chart: if the value of ks is kept constant,
a soil with a larger � value possesses a lower water coefficient of perme-
ability at a given negative pore water pressure than a soil with a smaller
�. Because of the lower water coefficient of permeability, more infiltrated
water tends to be retained in the shallow soil, resulting in a larger reduc-
tion in the negative pore water pressure near the ground surface but less
reduction in the deep soil layer. On the other hand, when the value of
� is small, the water coefficient of permeability of the soil is relatively
large with respect to the same negative pore water pressure, the downward
flow is easier and the infiltrated water is more uniformly distributed, so a
smaller reduction of negative pore water pressure is observed in the shallow
soil layer.

Figure 3.67 shows the results of Series 2b, in which the effect of antecedent
infiltration rate, qA = 3
0×10−7 m/s, is also included. First, it can be seen
that the three initial (steady-state) pore water pressure profiles �t = 0h�
differ significantly from one another. The greater the value of �, on the
whole, the lower the initial negative pore water pressure. Equation (3.73)
indicates that the larger the ratio of qA�/ks, the smaller the steady-state
negative pore water pressure will result, especially at shallow depths. It is
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Figure 3.67 Pore water pressure-depth profiles for different values of � �qA = 0�3×
10−6 m/s� (Zhan and Ng, 2004).
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logical that an unsaturated soil with smaller pore sizes (smaller �) tends
to possess higher negative pore water pressure under identical conditions
since negative pore water pressure (or matric suction) is inversely pro-
portional to the pore sizes. Because of the discrepancy in the initial pore
water pressure distributions, the dependency of the pore water pressure
profiles corresponding to 24 h on the value of � is a bit different from
Series 2a. On the whole, the smaller the � value, the larger the negative
pore water pressure at any depth, and the deeper the wetting front. How-
ever, the difference amongst three profiles is not so much as the result of
Series 2a.

Here the � value has a significant effect on the initial steady-state pore
water pressure distribution, which is apparently contradictory to the con-
clusion drawn by Kasim et al. (1998) – ‘the influence of desaturation rate
parameter �n� on the steady-state pore water pressure distributions is negli-
gible when compared with that of the air-entry value �a�.’ This inconsistent
conclusion seems to be caused by the narrow range of n value considered
in Kasim et al.’s study (i.e. from 1.5 to 2.5).

Ng and Pang (2000b) investigated the influence of state dependency on
SWCC (SDSWCC) on pore water pressure distributions in a slope subject
to rainfall infiltration. Their laboratory test results show that the higher the
applied stress on a soil sample, the smaller the desaturation coefficient of the
SDSWCC (i.e. �). However, it was found that a SDSWCC with a smaller �
value leads to a lower initial steady-state negative pore water pressure in the
slope. The difference in the computed results between Ng and Pang’s and
this study may be attributed to the different water permeability functions
adopted.

Influence of water storage capacity, ��s −�r�

Water storage capacity of a soil, ��s−�r�, is equal to the difference between
the saturated and residual volumetric water content. It is a measure-
ment of the maximum amount of water that can be absorped or des-
orped by capillary action. It is somewhat different from the soil’s water
retention ability. Generally, the value of ��s−�r� increases with pore sizes
(Vanapalli et al., 1998). To some extent, it is also related to the void
ratio.

Figure 3.68 shows three pore water pressure profiles at t = 24h for dif-
ferent ��s−�r� values (i.e. 0.2, 0.3 and 0.4, see Series 3 in Table 3.12). As
mentioned before, the initial pore water pressure profile, which is obtained
from steady state analysis, depend only on the parameters �� ks and qA. In
other words, the initial pore water pressure profile is independent of ��s−�r�.
Certainly, the value of ��s−�r� will affect the volumetric water content pro-
files because different values of ��s−�r� will lead to different relationships
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Figure 3.68 Pore water pressure-depth profiles for different values of ��s −�r� (Zhan
and Ng, 2004).

between negative pore water pressure and volumetric water content (see the
small chart embedded in Figure 3.68).

Figure 3.68 illustrates that ��s − �r� mainly affects the magnitude of the
negative pore water pressure but not the shape of the profiles. A larger value
of ��s − �r� represents a higher water storage capacity, which results in a
lower advance rate of the wetting front as indicated by Green and Ampt’s
model (1911). The lower advance rate of wetting front is not due to a low
water coefficient of permeability, but due to the storage requirement of the
shallow soil layer (Wilson, 1997). On the other hand, the larger the ��s −�r�
value, the less the reduction in negative pore water pressure is observed. As
shown in the small chart embedded in Figure 3.68, for a soil with a larger
��s − �r�, an identical amount of increase in volumetric water content will
result in a smaller reduction in negative pore water pressure with respect to
the same initial value. For this Series, �qB� remains the same for the three
cases, which means the amount of rainwater infiltrated into the soil profiles
is identical, so there is a smaller reduction in negative pore water pressure
for the soil profile with a larger ��s −�r�. In addition, the effect of ��s −�r�
appears to be not so great as the effects of � and ks on the pore water
pressure profile.



 

Flow laws, seepage and state-dependent soil–water characteristics 211

Relative sensitivity of three hydraulic parameters
(�� ks and ��s −�r��

The effects of the three hydraulic parameters have been investigated sep-
arately. For a more comprehensive understanding of their relative effects,
a sensitivity analysis is carried out to investigate which parameter is more
significant. To meet this objective, Series 4 and 5 were carried out.

In Series 4, the case with � = 0
01kPa−1
� ks = 1
5×10−5 m/s and ��s −

�r� = 0
5 was selected as a reference case. Then, each of the three parameters,
�� ks and ��s − �r� was altered five-fold with respect to their individual
reference value. For commonly encountered soils, ks and � can vary over one
or even several orders of magnitude, i.e. much larger than that of ��s −�r�,
which is generally confined to a small range, from 0.1 to 0.5.

Figure 3.69 shows the results of Series 4. As before, all the initial pore
water pressure profiles are identical due to the zero value of qA. Compar-
isons of the three pore water pressure profiles at 24 h show that the one
corresponding to a change in ��s −�r� is closest to the reference profile repre-
sented by the solid line. For the two profiles corresponding to changes in �
and ks, both their shape and magnitude are significantly different from the
reference profile, especially in the soil near the ground surface. If a wider
range of � and ks values than that of ��s −�r� is also considered, it is obvious
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Figure 3.69 Pore water pressure-depth profiles illustrating the relative sensitivity of
�� ks and ��s −�r� (Zhan and Ng, 2004).
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that the influence of � and ks on pore water pressure redistribution will be
much more significant than that of ��s −�r�.

To investigate the relative sensitivity of � and ks, Series 5 in Table 3.12,
in which the value of ks/� remains constant but different qB values are
adopted, was analysed. In this Series, two sets of hydraulic parameters were
used, as shown in the small chart embedded in Figure 3.70. One set is a
small � combined with a small ks, the other is a relatively large � and
ks. The former generally represents a clayey soil, the latter a sandy soil.
For each of these two sets, two different values of rainfall infiltration rate,
2
7×10−6 and 15
0×10−6 m/s, were selected for the analyses, representing
relatively gentle and intense rainfalls, respectively (as compared with the
adopted saturated permeability of the soil).

As shown in Figure 3.70, the initial pore water pressure profiles for all
the four cases are identical due to the zero value of qA. For the four profiles
at 24 h, it is logical that the two pore water pressure profiles corresponding
to a relatively small rainfall are located to the left of the other two, i.e. a
relatively small rainfall results in a less reduction of negative pore water
pressure.

For the two profiles corresponding to a small rainfall, the reduction of
negative pore water pressure in the sandy soil (with a relatively large � and
ks� is larger than that in the clayey soil (with a small � and ks). However, for
the other two profiles corresponding to the relatively intensive rainfall, the
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Figure 3.70 Pore water pressure-depth profiles illustrating the relative sensitivity
between � and ks (Zhan and Ng, 2004).
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result is different: in the upper part of the layer, the reduction of negative
pore water pressure in the clayey soil is significantly larger than that in
a sandy soil, and in the lower part, it is slightly smaller than that in the
sandy soil.

The above difference may indicate that � and ks dominate in different
situations. As stated above (see Figure 3.61 and the embedded small chart
in Figure 3.70), at high negative pore water pressures, a clayey soil possesses
a larger water coefficient of permeability than a sandy soil due to its lower
desaturation rate �. However, the case is opposite at low negative pore
water pressures due to the higher saturated permeability of a sandy soil.
Since rainfall infiltration is a wetting process, the soil initially is relatively
dry and possesses a relatively high negative pore water pressure. When the
rainfall infiltration rate is relatively small as compared with the saturated
permeability, the negative pore water pressure in the soil tends to be high,
so the clayey soil with a lower � possesses a larger water coefficient of
permeability. This leads to more rainwater moving down and draining out
of the system, and hence less reduction of negative pore water pressure in
the clayey soil than that in the sandy soil. On the other hand, when the
given rainfall infiltration rate is relatively large compared with the saturated
permeability, the negative pore water pressure in the soil tends to be low,
so less reduction of negative pore water pressure is observed in the sandy
soil with a larger ks. These results are similar to a phenomenon described by
Hillel (1998), namely that in the case of ponding infiltration due to intensive
rainfall, a sandy soil absorbs water more rapidly than a clayey soil due to
its larger water coefficient of permeability at or near saturation.

Therefore, within the high negative pore water pressure range, the water
coefficient of permeability is controlled primarily by �, and so is the response
of the infiltration system. However, at a lower negative pore water pressure,
it is primarily ks that controls the water coefficient of permeability of the soil
and hence dominates in the response of a groundwater system. From this
analysis, it can be imagined that, in the early period of rainfall infiltration
into an initially dry soil, the pore water pressure response is primarily
affected by �. Later, however, the saturated permeability tends to control the
pore water pressure response as the negative pore water pressure decreases
with the duration of rainfall.

Influences of antecedent and subsequent infiltration rate (qA and qB )

The rate of rainfall infiltration depends on rainfall intensity as well as the
water coefficient of permeability and the hydraulic gradient of the surficial
soil. Both the water coefficient of permeability and hydraulic gradient vary
throughout the infiltration process due to the variations of negative pore
water pressure in the soil, so the rate of infiltration may change with the
duration of rainfall even if the rainfall intensity remains constant. If the
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rainfall intensity is less than the minimum infiltrability (close to the saturated
permeability) of the surficial soil, the rate of infiltration is equal to the
rainfall intensity, which has been called non-ponding or supply-controlled
infiltration (Rubin and Steinhardt, 1963). In this case, if the rainfall intensity
is assumed to be constant, then the rate of infiltration will remain constant.
This case is for the parametric study in here, i.e. qA and qB were assumed
to be constant throughout the duration.

The initial pore water distribution is an essential input for transient flow
analyses in unsaturated soil. Previous studies indicate that qA has a signifi-
cant influence on the initial pore water distribution, and hence on the pore
water pressure redistribution as a result of subsequent rainfall infiltration
(Ng and Shi, 1998; Mein and Larson, 1973).

Variations in rainfall infiltration rate �qB� are often restricted by the
hydraulic properties of the soil and ground conditions (e.g. the initial pore
water pressure distribution). Measurements in initially dry soils show that
the infiltration rates vary over a much more narrow range than one might
assume in consideration of the wide range in water coefficient of permeabil-
ity and hydraulic gradient associated with the infiltration process (Houston
and Houston, 1995). This is because, though rainfall infiltration in initially
unsaturated soils results in an increase in the water coefficient of permeabil-
ity due to an increase of water content, it simultaneously leads to a decrease
of hydraulic gradient due to a decrease of negative pore water pressure.
Therefore, it is believed that the sensitivity of an infiltration system to rain-
fall intensity is not as great as its sensitivity to the initial negative pore water
pressure distribution and the hydraulic properties of the soil.

In order to investigate the influence of qA and qB and their relative sen-
sitivity, four cases were investigated in Series 6 (Table. 3.12). Case 1 �qA =
0
0m/s� qB = 2
4×10−6 m/s� is a reference case. In Cases 2 and 3, qA and
qB were increased by 10 per cent of the ks value �3
0×10−6 m/s� with respect
to the reference case, respectively. In Case 4, both qA and qB were increased
by 20 per cent of the ks value.

Figure 3.71 shows the results of Series 6. First, it can be seen that qA

affects the initial (steady-state) pore water pressure profile significantly. If qA

is zero, which represents a zero-flux boundary at the ground surface (e.g. the
infiltration rate equal to the evaporation rate), the hydrostatic condition
prevails. The initial negative pore water pressure profile for the hydrostatic
condition differs significantly from the other cases with non-zero qA. As
anticipated, a smaller qA value leads to a higher initial negative pore water
pressure in the soil (or lower water content).

It is easily imagined that, if all the other parameters are identical, the
larger the qB value, the more reduction of negative pore water pressure will
be caused by the qB. However, comparisons of the results for Case 2 (dashed
lines), Case 4 (double-dotted line) and the reference case (solid lines) show
that, in the case of different qA values, the influence of qB are different from
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Figure 3.71 Pore water pressure-depth profiles for different infiltration rates (Zhan
and Ng, 2004).

the anticipated: a smaller reduction of negative pore- pressure is observed in
the shallow soil layer for the case with a larger qA, regardless of the larger
qB value. This is because the higher antecedent infiltration rate leads to a
lower initial negative pore water pressure in the soil, and hence a higher
water coefficient of permeability, which facilitates the down-flow and out-
discharge of the infiltrated rainwater. This is consistent with the conclusions
by Ng and Shi (1998)

If the duration of antecedent rainfall is relatively short, a subsequent
heavy rainfall may greatly reduce the negative pore water pressure in the
slope and hence the factor of safety of the slope; however, if antecedent
rainfall duration is relatively long, the effect of the subsequent heavy
rainfall on the factor of safety is relatively insignificant.

On the other hand, when comparing both the results of Case 2 (dashed lines)
and Case 3 (dotted lines) with the results of the reference case, it is found
that an increase in qA has a much more significant effect on the pore water
pressure redistribution (24 h) than the same magnitude of increase in qB.

The discussions above demonstrate that the effect of the antecedent rain-
fall infiltration rate on pore water pressure redistribution is more significant
than the effects of the subsequent rainfall infiltration rate. The antecedent
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infiltration rate not only controls the initial pore water pressure or water
content distribution but also indirectly results in a change of the water coef-
ficient of permeability of the soil. However, as far as the authors are aware,
in most of the current analytical and numerical analyses, the determination
of the antecedent infiltration rate is largely empirical or semi-empirical, and
hence the determined value may not simulate the actual initial conditions
reasonably. Therefore, it is of much significance to study the methodology
for determining antecedent infiltration rate more realistically.

Certainly, as shown in Figure 3.71, if both the antecedent and subsequent
rainfall infiltration rates (qA and qB) are highest (Case 4), the change in
negative pore water pressure after the rainfall (e.g. 24 h) will be the lowest.
Therefore, it can be imagined that the negative pore water pressure in the soil
may be greatly reduced or even totally undermined if a prolonged antecedent
rainfall is combined with a heavy subsequent rainstorm.

Combined effect of ks and qA and qB

As stated above, the infiltration rate for a soil is strongly related to its
saturated permeability, so it is of significance to investigate the combined
effects of rainfall infiltration rate and the saturated permeability of the soil.

Figure 3.72 shows the results of Series 7 (in Table 3.12) in which both
qA�/ks and qB�/ks were held constant. Because of the identical values of
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Figure 3.72 Pore water pressure-depth profiles illustrating the combined effects of
ks� qA and qB (Zhan and Ng, 2004).
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qA�/ks, the initial pore water pressure profiles from the steady-state analyses
are the same for the three cases. However, in spite of the identical values of
qB�/ks during the subsequent rainfall, the three pore water pressure profiles
at 24 h are significantly different from one another. The depth of the wetting
front corresponding to a particular duration is proportional to the value of
ks/�. For a low value of ks/�, the reduction of negative pore water pressure
is confined within the shallow soil layer, and the magnitude of reduction
is limited. However, provided that the value of ks/� is relatively large, the
wetting front advances to a much greater depth and the negative pore water
pressure drops greatly with increasing depth. Therefore, when a relatively
permeable soil profile is confronted with a heavy rainfall, the negative pore
water pressure may drop significantly throughout the profile.

The comparison of these three cases demonstrates what was stated above:
For a steady state flow, the pore water pressure distribution depends only
on the value of q�/ks. However, in a transient flow, the pore water pressure
response not only depends on the value of q�/ks but also on the value of
ks/�. When the value of q�/ks is kept constant, the larger the value of ks/�,
the faster the wetting front advances downward, and the more the negative
pore water pressure decreases. This is similar to the conclusion reached by
Leach and Herbert (1982)who found that the higher the value of ks/�, the
faster the pressure heads will increase, and the shorter will be the response
time of the system to a rainfall event.

Effects of soil heterogeneity

Since the closed-form solution for a two-layer soil system can be obtained
only under the condition that the value of � should be identical for the two
layers (Srivastava and Yeh, 1991), only soil heterogeneity in terms of ks is
considered here. Two cases were carried out to investigate the effects of the
soil heterogeneity on pore water pressure (Series 8 in Table 3.12). In Case
1, the lower layer was relatively impermeable, but it was opposite in Case
2. Figures 3.72 and 3.73 illustrate the results of Cases 1 and 2, respectively.
The results show that soil-profile heterogeneity has a great influence on the
shape and magnitude of the negative pore water pressure profiles.

As shown in Figure 3.73, in which the saturated permeability of the upper
layer is relatively large, the rainwater infiltrates into the upper layer easily,
and consequently the negative pore water pressure there decreases quickly.
However, a certain negative pore water pressure remains in the soil near
the ground surface, because the saturated permeability of the upper soil is
greater than the infiltration rate. When the wetting front reaches the top
of the lower layer, most of water that has infiltrated tends to accumulate
due to the relatively low permeability of the lower layer. So the negative
pore water pressure at the interface of the two layers drops greatly. If the
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Figure 3.73 Pore water pressure-depth profiles in two layer strata �ksu > kst� (Zhan
and Ng, 2004).

duration and intensity of rainfall are large enough, positive pore water pres-
sure (a perched water table) can develop at the interface (Hillel, 1998).
With rainfall infiltration going on, the wetting front in the lower layer
advances downwards slowly. Therefore, during the early stage, the infiltra-
tion process is controlled by the upper layer (more conductive), while during
the late stage, the lower layer (less conductive) controls the infiltration
process.

An opposite case is shown in Figure 3.74, in which the upper layer is
less permeable. The entire process of infiltration appears to be controlled
primarily by this less permeable upper layer. The wetting front advances
downwards slowly in upper layer. In other words, most of rainwater that
has infiltrated tends to be retained in the upper layer, particularly in the
shallow soil layer. Hence the negative pore water pressure in the shallow
layer decreases greatly, even changing to a positive value if the rainfall
duration and intensity are large enough. However, little rainwater infil-
trates into the lower layer during the early stage of rainfall. Even if some
water infiltrates into the lower layer later on, the infiltrated water will
be quickly discharged away due to the relatively large water coefficient
of permeability of the lower soil layer. Therefore, the negative pore water
pressure basically remains at the initial value in the lower layer. In any
case, the lower layer cannot become saturated, since the restricted outflow
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Figure 3.74 Pore water pressure-depth profiles in two layer strata �ksu > ksl� (Zhan
and Ng, 2004).

from the upper less permeable layer cannot sustain flow in the lower layer
with a relatively large saturated permeability, except in the case in which
a large pond lies on the ground surface. These effects of a sandy sub-
layer have been demonstrated and researched by many others as capil-
lary barrier effect (Hillel, 1998). It may be worthwhile to refer to these
studies.

Summary

1. The SWCC and the water coefficient of permeability are two essen-
tial hydraulic properties for transient flow analyses. For engineering
applications, the SWCC can be expressed in terms of desaturation coef-
ficient ��� and water storage capacity ��s −�r�; the water coefficient of
permeability can be described in terms of the saturated permeability
�ks� and the desaturation coefficient ���. These three hydraulic param-
eters (�� ks and ��s − �r�), together with two parameters for specify-
ing the initial and boundary conditions (qA and qB), are the govern-
ing parameters for the one-dimensional infiltration system studied in
here.

2. Among the three hydraulic parameters, the effects of � and ks on pore
water pressure response are much more significant than that of ��s −�r�.
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Furthermore, � and ks not only affect the initial pore water pressure
profiles but also those during the subsequent rainfall. The relative sen-
sitivity of � and ks depends on the negative pore water pressure range
present in the soil. Within a high negative pore water pressure range
(relatively dry soils), water coefficient of permeability is primarily con-
trolled by �, and so is the negative pore water pressure response of
an infiltration system in initially unsaturated soils. However, within a
lower negative pore water pressure range, it is primarily ks that con-
trols the water coefficient of permeability and hence dominates in an
infiltration system.

3. For steady-state infiltration, the pore water pressure response is primar-
ily governed by q�/ks. However, the transient response of an infiltration
system not only depends on the value of q�/ks but also on the value of
ks/�. Generally speaking, the larger the value of q�/ks, the greater will
be the reduction of negative pore water pressure as a result of rainfall
infiltration. For a given value of �, when the ratio of q/ks approaches
1, the reduction of negative pore water pressure will be the largest. The
larger the value of ks/�, the faster the wetting front advances down-
ward, and the more the negative pore water pressure decreases.

4. Soil-profile heterogeneity influences the negative pore water pressure
profiles greatly. For the case of a relatively permeable layer overlying a
less permeable layer, the negative pore water pressure at the interface of
the two layers may drop greatly and even change to a positive pore water
pressure if the rainfall duration or intensity is large enough. For the
opposite case (i.e. a less permeable layer overlying a relatively permeable
layer), the upper less permeable layer can impede rainwater flow into
the lower layer so that the lower layer may remain unsaturated, and its
negative pore water pressure may drop only marginally.

5. For a given soil profile, the larger the antecedent infiltration rate �qA�
value, the lower the initial negative pore water pressure will be. When
both hydraulic properties and the initial condition are identical, the
larger the subsequent infiltration rate �qB�, the greater will be the reduc-
tion of negative pore water pressure due to the rainfall infiltration. The
effects of the antecedent infiltration rate on pore water pressure response
are more significant than that of the subsequent infiltration rate.

6. The combined effect of qB and ks is significant. When a relatively per-
meable soil profile is subjected to heavy rainfall, the negative pore water
pressure may drop greatly throughout the profile. The effect of com-
bining qA and qB is also important. When both qA and qB are large,
i.e. a relatively heavy or prolonged antecedent rain followed by a heavy
rainstorm, the negative pore water pressure may drop greatly or even
disappear.
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Chapter synopses

Chapter 4: Collapse and swelling caused by wetting

Collapsible and swelling soils are introduced and their common
characteristic of being unsaturated soils which react to wetting is explained
in terms of stable and meta-stable soil structures. Laboratory testing meth-
ods are reviewed. The concept of virgin and non-virgin fills is introduced
and their capacity for collapse studied. Mitigation measures against col-
lapsible soils are considered and the behaviour of compacted expansive soils
is reviewed along with the design of foundations on expansive swelling
soils. This approach based on accumulated experience allied with mod-
ern testing is the basis of up-to-date geotechnical design of structures
constructed in unsaturated soils as well as engineered unsaturated soil
slopes.

Chapter 5: Measurement of shear strength and shear
behaviour of unsaturated soils

Shear strength of unsaturated soils is introduced, and triaxial and direct
shear test methods of measurement are reviewed. The importance of total
volume change measurement (including pore air and pore water) in the
triaxial test is explained and a new method of measurement is described
in detail. The axis-translation and osmotic techniques for shear testing
are compared. The extended Mohr–Coulomb failure criterion is reviewed,
and various methods to estimate unsaturated soil shear strength from
a soil–water characteristic curve are introduced and explored. The engi-
neering behaviour of unsaturated soils is revealed by a series of test-
ing programmes simulating field stress paths in the laboratory and cov-
ering the effects of soil suction on dilatancy. Experimental data reveal-
ing the engineering performance of both a loosely compacted volcanic
soil and a loose saturated and unsaturated decomposed granitic soil are
interpreted and explained using critical state soil mechanics extended for
unsaturated soils. Key engineering results include suction-induced dila-
tancy plus the state-dependency of volume changes and stress–strain
responses.

Chapter 6: Measurement of shear stiffness

The engineering importance of small strain shear stiffness of soils is empha-
sized. The influence of confining pressure, void ratio, grain size distribution
and grain shape are explained. Testing equipment including triaxial and
resonant column apparatus are described and the role of bender elements
highlighted. Theoretical equations are derived to explain the influence of
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stress conditions and soil suction on stiffness anisotropy. The laboratory
measurement of anisotropic shear stiffness of a completely decomposed
tuff (CDT) is provided and explained. This combined approach of theory
and testing reveal the role of soil suction in both stress-induced stiffness
anisotropy as well as inherent stiffness anisotropy.
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Collapse and swelling caused
by wetting

Sources

This chapter is made up of verbatim extracts from the following sources
for which copyright permissions have been obtained as listed in the
Acknowledgements.

• Bell, F.G. and Culshaw, M.G. (2001). Problem soils: a review from a
British perspective. Proc. Symp. on Problematic Soils, Nottingham Trent
University, I. Jefferson, E.J. Murray, E. Faragher and P.R. Fleming, eds,
Thomas Telford, London, pp. 1–36.

• Fredlund, D.G. (1996). The Emergence of Unsaturated Soil Mechan-
ics. The Fourth Spencer J. Buchanan Lecture, College Station, Texas,
A & M University Press, p. 39.

• Houston, S.L. (1995). Foundations and pavements on unsaturated soils –
Part one: Collapsible soils. Proc. Conf. on Unsaturated Soils, Paris, E.E.
Alonso and P. Delage, eds, Balkema, Rotterdam, pp. 1421–1439.

• Jiménez-Salas, J.A. (1995). Foundations and pavements on unsaturated
soils – Part two: Expansive clays. Proc. Conf. on Unsaturated Soils,
Paris, Eds Alonso and Delage, Balkema, Rotterdam, pp. 1441–1464.

• Ng, C.W.W., Chiu, C.F. and Shen, C.K. (1998). Effects of wetting his-
tory on the volumetric deformations of unsaturated loose fill. Proc. 13th
Southeast Asian Geotech. Conf., Taipei, Taiwan, ROC, pp. 141–146.

• Tripathy, K.S., Subba Rao, K.S. and Fredlund, D.G. (2002). Water
content – void ratio swell-shrink paths of compacted expensive soils.
Can. Geotech. J., 39, 938–959.

Overview

A major consideration for the technical professional dealing with unsatu-
rated soils relates to the effect of wetting on engineering performance (Hous-
ton, 1995). In general, wetting results in volume change and reduction of
shear strength (refer to Chapter 5) and stiffness (see Chapter 6). Two often
cited unsaturated soil problems confronting the geotechnical and founda-
tion engineers, collapsible soils and expansive soils, are associated with
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wetting-induced volume change (Fookes and Parry, 1994; Bell and Culshaw,
2001). These problem soils are of greatest concern in arid regions; however,
soil collapse or expansion can be of concern in essentially any climate.

Naturally occurring deposits as well as compacted fills may exhibit
significant volume change in response to wetting. Generally, when any
soil is wetted it may decrease in volume, increase in volume or expe-
rience no significant volume change. The amount and type of vol-
ume change depend on the soil type and structure, the initial soil den-
sity, the imposed stress state and the degree of wetting. Soils that
exhibit significant compression or shrink/swell response to moisture con-
tent changes are often referred to as moisture-sensitive soils. There are
several challenging aspects of the moisture-sensitive soil condition to be
considered by the geotechnical engineer as listed as follows (Houston, 1995):

• Identification of moisture-sensitive soils.
• Identification of mechanisms involved in volume change.
• Identification of circumstances leading to building/foundation distress.
• Estimation of volume change and differential movements.
• Development of mitigation and foundation design alternatives.

The discussion on unsaturated soils in this chapter is divided into two dis-
tinct categories of volume moisture-sensitivity: part one, collapsible soils,
and part two, expansive soils. Although any given soil has the potential to
compress or swell when wetted, depending on the conditions at the time
of wetting, certain soils and conditions tend to be strongly associated with
collapse, and other soils and conditions tend to be strongly associated with
swell. Therefore, the subdivision into collapsible and expansive soils has been
adopted for the purpose of addressing geotechnical engineering problems in
terms of considerations of volume change resulting from wetting of unsatu-
rated soils. The approaches adopted are mainly empirical and semi-empirical
in nature. Much of research work is still needed to be done.

Collapsible soils (Bell and Culshaw, 2001; Houston,
1995; Fredlund, 1996)

Occurrence and microstructure of collapsible soils
(Fredlund, 1996)

Collapsible soils are often encountered in many parts of the world.
Although collapsible soils are often considered a natural hazard, man-made
compacted collapsible soil are also imposing challenges to engineers. Most
natural occurrence of collapsible soils is comprised primarily of silt and fine
sand-sized particles with small amounts of clay, and under some circum-
stances may contain gravel and cobbles. These natural soils are typically
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Figure 4.1 Loading and unloading constitutive surfaces for (a) a stable-structured,
unsaturated soil; (b) a metastable-structured, unsaturated soil (after
Fredlund, 1996).

lightly to heavily cemented by various salts, oxides, dried clay and soil suc-
tion, and exist in a loose, metastable condition at relatively low density.
Figure 4.1a and b show three-dimensional graphic representations of stable-
structured and metastable-structured unsaturated soils in three-dimensional
space of void ratio-matric suction-net vertical normal stress, respectively
(Fredlund, 1996). For stable-structured unsaturated soils (see Figure 4.1a),
a reduction of matric suction due to wetting will induce an increase in void
ratio. In contrast, a metastable-structured unsaturated soil will result in a
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reduction in void ratio (i.e. collapse) due to a decrease in suction from
wetting. These soils such as loess, brickearth and certain wind blown silts
generally consist of 50 to 90 per cent silt particles and sandy, silty and
clayey types have been recognized by Clevenger (1958), with most falling
into the silty category (Bell and Culshaw, 2001). They possess porous tex-
tures with high void ratios and relatively low densities and they often have
sufficient void space in their natural state to hold their liquid limit mois-
ture at saturation. At their natural low moisture content these soils possess
high apparent strength but they are susceptible to large reductions in void
ratio upon wetting. In other words, the metastable texture collapses as the
bonds between the grains break down when the soil is wetted. Hence, the
collapse process represents a rearrangement of soil particles into a denser
state of packing. Collapse on saturation normally only takes a short period
of time, although the more clay such a soil contains, the longer the period
tends to be (Bell and Culshaw, 2001). In terms of elasto-plastic constitutive
modelling, the collapse of an unsaturated soil may be described as reaching
the Loading–Collapse (LC) yield curve (Alonso et al., 1990; Chiu and Ng,
2003). More details are given in Chapter 7.

The fabric of collapsible soils generally takes the form of a loose skeleton
of grains (generally quartz) and microaggregates (assemblages of clay or clay
and silty clay particles). These tend to be separate from each other, being
connected by bonds and bridges, with uniformly distributed pores. The
bridges are formed of clay-sized minerals, consisting of clay minerals, fine
quartz, feldspar or calcite. Surface coatings of clay minerals may be present
on coarser grains. Silica and iron oxide may be concentrated as cement at
grain contacts and amorphous overgrowths of silica occur on grains. As
grains are not in contact, mechanical behaviour is governed by the structure
and quality of bonds and bridges. The structural stability of collapsible soils
is not only related to the origin of the material, to its mode of transport and
depositional environment but also to the amount of weathering undergone.

Collapsiblesoildepositsarecommoninaridregionswhereevaporationrates
exceed rainfall. Arid-region deposits often associated with collapsible soils
include alluvium, colluvium and loess (Liu, 1988; Beckwith, 1995; Zhang and
Zhang, 1995; Derbyshire et al., 1995; Jefferson et al., 2001). At their normal
in situ low moisture contents these soils may exhibit high apparent strength
and stiffness. However, collapsible soils densify significantly and quickly upon
wetting. Numerous studies have shown collapsible soil deposits to exhibit
a high degree of heterogeneity with respect to cementation, collapse poten-
tial and other engineering characteristics (Houston and EI-Ehwany, 1991;
Beckwith, 1995; Zhang and Zhang, 1995; El Nimr, et al., 1995).

Conditions leading to collapse

Under normal circumstances naturally occurring collapsible soils are not
wetted to significant depth by precipitation. Rainfall either runs off or infil-
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trates only a short distance and then evaporates to the surface, particularly
in arid regions. Problems with collapsible soils are almost always associated
with man-induced changes in the surface water and groundwater regime.
This is often coupled with a failure to identify the collapse condition before
construction and/or a lack of knowledge of potential wetting sources. Col-
lapse, triggered by increased water content, can typically be linked to engi-
neering modifications and alteration of natural flow patterns. In some cases
the overburden stresses alone are sufficient to drive the collapse process
when wetting occurs. When cementation is very strong or the collapsible
soils are very shallow, additional stress due to a structure or foundation
may be necessary for collapse to happen.

Often collapsible soils go undetected until a structure is already in place.
Even if collapsible soils are identified prior to construction, lack of knowl-
edge of potential sources of wetting can lead to incomplete mitigation of
the problem. For example, due consideration of rising groundwater table
may not be given, or infiltration may extend to greater depth than assumed.
Moderate-weight to light-weight structures are particularly vulnerable to
damage because funds for site exploration and pre-construction mitigation
are frequently limited due to highly competitive budget considerations.

Identification of collapsible soils

Geological reconnaissance

Geomorphological considerations are quite valuable as a first step towards
identification of a naturally occurring collapsible soil deposit. For exam-
ple, Beckwith (1995) recommends that Holocene alluvial fan deposits in
the southwestern regions of the United States should be assumed to be col-
lapsible unless a comprehensive testing program demonstrates otherwise.
Loessial deposits in northwestern China are known to exhibit significant
collapse potential. Chinese researchers have found that geographical and
geomorphological information is strongly correlated with collapsibility and
collapse potential (Liu, 1988; Lin, 1995). Thus, geological reconnaissance,
coupled with experience with similar depositional environments, forms an
important part of the process of collapsible soil identification.

Laboratory testing

COLLAPSE INDICATORS (BELL AND CULSHAW, 2001)

Several collapse criteria have been proposed for predicting whether a soil is
liable to collapse upon saturation. For instance, Clevenger (1958) suggested
a criterion for collapsibility based on dry density, that is, if the dry density
is less than 1�28Mg/m3, then the soil is liable to undergo significant set-
tlement. On the other hand, if the dry density is greater than 1�44Mg/m3,
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then the amount of collapse should be small, while at intermediate densities
the settlements are transitional. Gibbs and Bara (1962) suggested the use of
dry unit weight and liquid limit as criteria to distinguish between collapsible
and non-collapsible soil types. Their method is based on the premise that a
soil, which has enough void space to hold its liquid limit moisture content at
saturation, is susceptible to collapse on wetting. This criterion only applies
if the soil is uncemented and the liquid limit is above 20 per cent. When
the liquidity index in such soils approaches or exceeds unity, then collapse
may be imminent. As the clay content of a collapsible soil increases, the
saturation moisture content becomes less than the liquid limit so that such
deposits are relatively stable. However, Northmore et al. (1996) concluded
that this method did not provide a satisfactory means of identifying the
potential metastability of brickearth. More simply, Handy (1973) suggested
that collapsibility could be determined either by the percentage clay con-
tent or from the ratio of liquid limit to saturation moisture content. He
maintained that soils with a:

• clay content of less than 16 per cent had a high probability for collapse;
• clay content of between 16 and 24 per cent were probably collapsible;
• clay content between 25 and 32 per cent had a probability of collapse

of less than 50 per cent;
• clay content which exceeded 32 per cent were non-collapsible.

Soils in which the ratio of liquid limit to saturation moisture content was
less than unity were collapsible, while if it was greater than unity they were
safe. After an investigation of loess in Poland, Grabowska-Olszewsla (1988)
suggested that loess with a natural moisture content less than 6 per cent was
potentially unstable, that in which the natural moisture content exceeds 19
per cent could be regarded as stable, while that with values between these
two figures exhibited intermediate behaviour.

Although, empirical indices of collapse may provide a relatively rapid and
inexpensive means of determining collapsibility (Denisov, 1963; Feda, 1966;
Fookes and Best, 1969; Derbyshire and Mellors, 1988; Northmore et al.,
1996), it must be borne in mind that some of the parameters, which are used
for assessment are derived from remoulded soil samples. Such samples do
not take account of the initial soil fabric. Consequently, the results should
be regarded as only general indicators of collapsibility and indeed some
indices need to be used with caution.

THE DOUBLE OEDOMETER TEST ( JENNINGS AND KNIGHT, 1975)

Jennings and Knight (1975) developed the double oedometer test for assess-
ing the response of a soil to wetting and loading at different stress levels
(i.e. two oedometer tests are carried out on identical samples, one being
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tested at its natural moisture content, whilst the other is tested under satu-
rated conditions, the same loading sequence being used in both cases). They
subsequently modified the test so that it involved loading an undisturbed
specimen at natural moisture content in the oedometer up to a given load.
At this point the specimen is flooded and the resulting collapse strain, if any,
is recorded (Figure 4.2). Then the specimen is subjected to further loading.

Table 4.1 provides an indication of the potential severity of collapse. This
table indicates that those soils which undergo more than 1 per cent collapse
can be regarded as metastable. However, in China a figure of 1.5 per cent
is taken (Lin and Wang, 1988) and in the United States values exceeding
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Figure 4.2 Void ratio–log pressure curve of metastable brickearth from south Essex tested
in an oedometer (specimen flooded after 24 h loading at 429 kPa), (from North-
more et al., 1996; after Bell and Culshaw, 2001).
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2 per cent are regarded as indicative of soils susceptible to collapse (Luteneg-
ger and Hallberg, 1988).

There are other single specimen collapse tests as described by Houston
et al. (1988) and ASTM procedure D5333 (ASTM, 1993) and a single point,
multiple specimen test procedure (Noorany, 1992). The results of a simple
oedometer test will indicate whether a soil is collapsible and at the same
time give a direct measure of collapse strain potential (Houston, 1995).

Potential problems associated with the direct sampling method include
sample disturbance, field non-homogeneities, and the possibility that the
degree of saturation achieved in the field will be less than that achieved in
the laboratory. However, performance of laboratory response to wetting
tests on undisturbed specimens likely represents the most widely used and
economical method for identification of collapsible soils. Of course, the
quality of the nature specimen used in the laboratory oedometer test is of
concern in making quantitative estimates of collapse potential.

Compacted fills may exhibit moisture sensitivity depending on the soil
type, compactive effort, compaction water content and stress level at the time
of wetting. Identification of existing collapsible fills is best accomplished by
direct measurements of response to wetting, either in the laboratory or in the
field. However, the best engineering approach is to identify the conditions
leading to compacted collapsible fills through a laboratory testing program
before fill construction and then to avoid these conditions for fill placement
(Houston, 1995).

Interpretation of laboratory response to wetting tests
(Houston, 1995)

Effects of sampling, loading and wetting

The proper interpretation and use of the data from the laboratory oedometer
test depends on the history of the test specimen prior to wetting. Three fairly
common scenarios can be postulated as follows.

• Case I: A relatively undisturbed sample of naturally occurring collapsible
soil is taken from the field and prepared for testing in the laboratory. It
is loaded dry up to the overburden pressure in the field and the strain is
measured. Then it is wetted while under overburden pressure and this
strain is measured.

• Case II: Exactly the same as Case I except that the soil specimen is from
an existing compacted fill.

• Case III: A test specimen is compacted directly in the oedometer to
the density and water content at which a new fill is to be constructed
(Alternatively, the fill to be represented already exists and its density
and water content are known. A laboratory test specimen is prepared in
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the oedometer to match the fill material as it was first compacted, before
the weight of the overlying soil was imposed.) Then the laboratory
specimen is loaded to the expected overburden and wetted as in Cases
I and II.

A schematic representation of the laboratory test results for all three cases
can be constructed, as shown in Figure 4.3. In this figure, it is assumed that
the response to wetting for all three cases is collapse.

First, consider Case I which applies to a naturally occurring collapsible
soil. For the test result depicted in Figure 4.3, no significant swell would
occur for wetting at any confining stress. For more clayey soils more swell
might be observed for light confining pressure. The curves AC, AD and
AE represent dry loading of specimens with successively greater degrees of
sample disturbance. This dependence on sample disturbance is routinely
observed (Houston and El-Ehwany, 1991). Greater degrees of disturbance
break bonds between particles and decrease resistance to dry loading. Thus
more dry strain occurs. If a perfectly undisturbed sample were taken and its
density and structure were maintained by cementation and soil suction, it is
logical to assume that almost no strain would occur when the in situ overbur-
den stress was reapplied. This is supported by the fact that medium-to-large
model footings tests conducted on cemented collapsible soil deposits have
exhibited essentially no measurable settlement upon dry loading (Houston
et al., 1988, El-Ehwany and Houston, 1990; Mahmoud, 1992). Thus the
curve AB is representative of dry loading of truly undisturbed material.

For the curves AC, AD and AE, wetting under overburden stress results
in strain to point F. If the stress on the wetted specimen is increased, point
G is obtained. If wetting occurs at lower than overburden stress, say point

Wetted curve
(band)

Overburden stress

Swell

Collapse

0
A

B      
C

D
E

Wetting
F

G

Stress

H'

D'

Figure 4.3 Typical response curves of volume change with vertical stress to wetting
of a collapsible soil (after Houston, 1995).
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D′, then strain to H′ would occur. If a specimen at H′ is subjected to higher
stress, the wetted curve passes more or less through points F and G. The
important issue is that, regardless of sample disturbance, the specimen ends
up on essentially the same wetted curve, H′FG. The experimental data show
that the wetted curve is a band, as indicated in Figure 4.3. The width
of the band derives in part from sample heterogeneity and in part from
path dependency (stress at which wetting occurs). The data obtained to
date indicate that most of the width arises from heterogeneity, i.e. sample
variability from point to point in the soil profile. However, as a percentage
of the total strain ordinate, the width of the band is usually narrow enough
that it can be treated as an average wetted curve for engineering applications.

The consequence of this simplifying assumption is that one specimen can
be used to obtain the wetted curve, whether wetting occurs at point D′ or D,
for example. The greater the sample disturbance the greater is the dry strain
and the less is the strain upon wetting. However, an appropriate total of the
dry strain plus the wetting strain is always given by the wetted curve. For
application to the field the most reasonable interpretation is to use the strain
from the origin to the wetted curve as the expected strain upon wetting for
the field. This interpretation is based on the position that the particle bonds
which are broken by disturbance would have been broken by wetting under
load, had the wetting occurred without prior disturbance. This corresponds
to neglecting the small strain given by curve AB – the ideal perfect sample
curve. By using this interpretation it is possible to use one test specimen to
get the wetted curve and then estimate the strain for other points in the soil
deposit. Stresses due to structural loads may be added to the overburden
stress to obtain the total stress with which to enter Figure 4.3.

Even though a wetted curve can be obtained from only one test specimen,
it would not be good engineering practice to try to characterize a site with
just one test. In order to capture the effects of spatial variability it is necessary
to test several specimens. A band of finite width could then be constructed
to represent the wetted curve for the range of test results obtained for a
particular layer or zone.

An implied assumption in the foregoing discussion is that, when an ideal
perfect sample is unloaded from overburden stress, the strain which occurs
is negligible compared to the total strain from the origin to the wetted curve.
This assumption is believed to be generally valid for most collapsible soils. If
the soil is cemented then cementation helps to prevent volume change during
unloading (and reloading back to the same stress). Even if the soil is not
cemented, sands and silts exhibit negligible elastic strain upon unloading,
while saturated cohesive soil would be expected to exhibit no measurable
volume change upon removal and reapplication of overburden stress. If
the cohesive soil were unsaturated, however, it is possible that these elastic
strains would be measurable and perhaps not negligible. It is possible to
estimate these elastic strains as follows.
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The specimen should be loaded to overburden stress and then unloaded
to some small percentage of overburden and finally reloaded back to over-
burden. The slopes of the unload/reload curves compared to the primary
loading curve can be used to separate elastic and plastic strains. It is rea-
sonable to assume that the plastic strains were due to disturbance effects,
but the elastic strains were not. The slope of the unload/reload curve can
then be used to construct a curve from the origin out to the overburden
stress. This curve can be thought of as a ‘disturbance-free’ dry loading curve,
and corresponds to curve AB in Figure 4.3. If necessary, this curve can be
extrapolated a moderate distance beyond the overburden stress to represent
the effect of additional structural loads. If extrapolated, the slope should be
gradually steepened to account for the plastic strains associated with loading
beyond overburden stress. However, the slope of the primary loading curve
cited above probably represents a reasonable upper bound for the slope
of this extrapolated disturbance-free dry loading curve. By following this
procedure, an improved estimate of the dry loading curve is obtained. Then
a more nearly unbiased estimate of in situ wetting strain is obtained as the
difference in ordinate between the estimated disturbance-free dry loading
curve, AB, and the wetted curve H′FG. The refinement suggested above is
likely to be rarely justified. For most applications, a satisfactory estimate
of field wetting strain can be obtained by simply using the strain ordinate
from the origin to the wetted curve.

Consider Case II next, which is identical to Case I except that a sample
from an existing compacted fill is taken and tested. The recommended
interpretation for Case II is identical to that recommended above for Case
I. Although compacted fills that are collapsible may have somewhat less
chemical cementation on average than naturally occurring collapsing soils,
fill materials are typically cemented with at least some clay and always
by soil suction. Thus they are subject to weakening of particle bonds by
sampling. If somehow a perfect sample of the fill material were obtained for
testing and the overburden stresses were reapplied to it, the strains would
be negligible for most cases Therefore, if substantial strains are observed for
dry loading of a sample from a fill, these strains are very likely to result from
sample disturbance. It follows that the most appropriate test interpretation
for Case II is the interpretation recommended for Case I.

Case III differs from Cases I and II in that the soil specimen has been
compacted to the initial in situ density and water content but has never
experienced the overburden stress corresponding to the point in the field
being represented. Furthermore, it is assumed that the laboratory specimen
has been compacted in the oedometer similar to the corresponding field
element of soil. No sampling occurred, so sample disturbance is not an issue.
Therefore, strains which occur upon dry loading correspond to strains which
were probably experienced by the field element when the remainder of the
embankment was built above it. However, the strains and deformations up
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to overburden stress occurred in the prototype before infrastructure was
constructed on the surface of the fill. Therefore, the dry strains are not
particularly important and do not cause damage to structures. The strains
due to wetting under overburden (and weight of structures) are important
and do cause damage. Referring to Figure 4.3, the strain from the origin to
point D (assuming the dry loading curve is AD) can be neglected and the
strain from point D to F is the strain of importance. An equally acceptable
testing procedure is to re-zero the displacement gauges after the dry strain
has occurred and measure only the strain due to wetting, DF.

Summary of recommendations relative to Cases I, II and III (Houston,
1995)

In comparing Cases I, II and Ill, there is one common factor. In all three
cases the dry strain is not extremely important and is not used directly
in design exercises. However, in Cases I and II it is included in the total
collapse strain, which is taken as the ordinate from the origin to the wetted
curve in Figure 4.3. In Case III, however, the dry strain is not included in
the wetting under load strain postulated for the prototype. For Case III, the
wetting strain postulated for the field is the ordinate from point D to F in
Figure 4.3, for example.

Comparison of commonly used laboratory test methods
(Houston, 1995)

With the preceding discussion of Cases I, II and III as a context, it is now
possible to address the relative merits of three test procedures that have
been debated in the literature (Lawton et al., 1991; Noorany, 1992):

• single specimen test
• double oedometer test
• single point, multiple specimen test

The single specimen test is the test that was described under Cases I, II
and III above and depicted in Figure 4.3. It is called a single specimen test
because one specimen is used to get the wetted curve. The path to the wetted
curve is determined by the stress at which wetting occurs. Path dependency
refers to the extent to which the position of the wetted curve depends on
the path taken to get to it. Although numerous tests conducted as a part
of the author’s studies of collapsible soils indicate that path dependency
is moderately small, particularly for silty and sandy soils which exhibit
collapse, it is not zero. The path dependency is greatest when wetting occurs
at very low stress and the wetted curve is obtained by continued loading of
the wetted specimen. Therefore, this practice is not recommended. Instead
it is recommended that wetting occurs at a stress level at least 1/3 to 1/2 of



 

Collapse and swelling caused by wetting 239

the overburden stress and that the maximum stress expected in the field be
achieved in one or two additional load increments. The primary advantage
of the single specimen test is that the maximum possible amount of useful
data is obtained from one specimen and the remaining testing budget can
be used to perform more tests and help capture the spatial variability in the
natural deposits and compacted fills.

The double oedometer test (Jennings and Knight, 1956) involves preparing
two specimens, which are hopefully identical, for testing in the oedometer.
One is tested dry, tracing out the dry compression curve, and the other is
tested wet, tracing out the wetted curve. The collapse strain for the field
is taken as the ordinate between the wet and dry curves. Recent studies
indicate that most of the dry strain (particularly at stresses less than or equal
to overburden stress) is due to disturbance and would have occurred under
wetting if the disturbance had been absent Therefore, the best interpretation
for application to the field is to assume that strain due to wetting in the field
will be from the origin to the wetted curve. Using this interpretation, the
dry curve adds no useful information and the corresponding testing budget
should be used to test another specimen from a different location in the soil
profile or fill.

The single point, multiple specimen procedure provides one point on the
wetted curve for each specimen. This point is obtained by loading dry up to
a particular stress, then wetting. No additional load increments are added
after wetting. To obtain another point on the wetted curve, another specimen
must be prepared and loaded to a different stress, then wetted. Thus multiple
specimens are required. If this procedure is used, it is recommended that
the test interpretation advocated for Case I, II or III above be adopted,
depending on the actual scenario employed in bringing the test specimen to
the wetted curve.

The relative merits of the single point, multiple specimen procedure are as
follows (Houston, 1995). First, an advantage of the procedure is that it does
not suffer from path dependency. Whether or not path dependency is signif-
icant, the test specimen is made to follow the actual path postulated for the
field. Thus no error in the results arises from path dependency. Disadvan-
tages of the procedure include inefficiency and inadequate characterization
of spatial variability. If a whole suite of tests is performed for each point or
small zone within an embankment or soil profile, the test program would
be inefficient compared to the single specimen procedure. It should be noted
that the author does not advocate using a single specimen to trace out a
wetted curve that extends into the expansive region. If a curve covering the
full spectrum from expansion to collapse is required, then testing of at least
two or three specimens is recommended by the author. Nevertheless, the
general procedure associated with the single specimen test is inherently more
efficient than the single point, multiple specimen procedure. The price that
is paid for this efficiency is the introduction of some error in the position
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of the wetted curve due to path dependency. It is believed that this error is
typically fairly small and is more than compensated for by using the addi-
tional testing budget to more nearly capture spatial variability in natural soil
deposits and fills. Thus the practice of using the single specimen procedure
to trace out significant segments of the wetted curve is considered superior
to the single point, multiple specimen procedure, provided the savings in
testing budget is used to test more samples from different locations to more
fully capture spatial variability.

Field testing

In situ methods of testing for collapsible soils include shallow plate load tests
and down-hole plate load tests. In situ measurements appear promising for
identification of collapsible soils, particularly for difficult-to-sample mate-
rials (Rollins et al., 1994; Zhang and Zhang, 1995; El Nimr et al., 1995;
Houston et al., 1995; Souza et al., 1995). In general sample disturbance
may be greatly reduced, and a quantitative measure of collapse potential
can be obtained. A quantitative measure of collapse potential in terms of
strain is somewhat more difficult to obtain from in situ tests because the
degree and extent of wetting, and therefore the zone of influence, are not
routinely determined (Houston et al., 1995).

In spite of difficulties such as sample disturbance and soil heterogeneity
over very short distances, it is desirable to obtain some direct, quantitative
measure of the collapse potential. Ideally, an adequate number of points
within the profile can be tested so that a reasonable engineering estimate of
collapse settlement potential can be made. The cost of conducting laboratory
and/or in situ response to wetting tests should not be significantly greater
than the costs associated with less-quantitative identification methods.

Concept of virgin and non-virgin fills (Ng et al.,
1998)

Theoretical background

Experimental data demonstrate that wetting-induced collapse behaviour of
unsaturated soil is an irrecoverable process. This has led to develop elasto-
plastic models by some researchers for unsaturated soils. Alonso et al. (1990)
proposed an elasto-plastic model under the critical state framework for
unsaturated soils based on experimental data from suction-controlled tri-
axial tests on compacted clay. The model is defined in terms of four state
variables:

Mean net stress� p = 1
3

��1 +�2 +�3�−ua (4.1)
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Deviator stress� q = �1 −�3 (4.2)

Suction� s = ua −uw (4.3)

Specific volume� � = 1+e (4.4)

This model assumes elastic behaviour if the soil remains inside a yield
surface defined in q–p–s space, with plastic strains commencing once the
yield surface is reached. The general shape of the yield surface is shown
in Figure 4.4. For soil initially at a stress state A inside the yield surface,
elasticity is assumed. An increase of p (isotropic loading path AB) causes
elastic compression and a reduction of s (wetting path AF) causes elastic
swelling. As the stress state reaches the current position of the yield surface
(e.g. B, D or F), an increase of p (isotropic loading path BC), an increase of
q (shearing path DE) or a reduction of s (wetting path FG) can expand the
yield surface further. For isotropic stress states, Alonso et al. (1990) defines
a LC yield curve as the intersection of the yield surface with q = 0 plane
(see Figure 4.4). The existence of the LC yield curve is further supported by
experimental evidence provided by Wheeler and Sivakumar (1995) and Cui
and Delage (1996).

Testing program

An experimental program was carried out to study the effects of wetting
history on collapse potential of unsaturated and loosely compacted virgin
and non-virgin fills. In this chapter, collapse potential is defined as the ratio
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Figure 4.4 Yield surface in q–p–s space (after Alonso et al., 1990).
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between changes in specific volume and initial specific volume of soil sample.
Virgin fill is refers to a soil which has never been subjected to a suction
smaller than its current value, whereas non-virgin fill is defined as a soil
which has been subjected to a suction smaller than its current value. One-
dimensional wetting tests were conducted on statically compacted specimens
of completely decomposed volcanic taken from a slope in Shatin, Hong
Kong. The index properties of the soil are summarized in Table 4.2. All
the tests were performed in a modified oedometer ring, which is fitted with
a flexible tube type tensiometer to measure negative pore water pressure
simultaneously with vertical settlement during a wetting stage of tests. The
diameter and height of the soil sample are 25 and 100 mm, respectively. Only
soil particles passing through a 2 mm sieve were used for testing because of
the size limitations of the oedometer. Details of the testing conditions are
summarized in Table 4.3. The advantage of using an oedometer is that tests
can be conducted relatively quickly due to the short drainage path. During
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Figure 4.5 Load collapse yield surface (after Ng et al., 1998).

the tests soil specimens are subjected to one-dimensional stress conditions
with unknown horizontal stress. The deviator stress is likely non-zero for
most situations. The stress state of a virgin fill loaded in the oedometer may
be represented by D in Figure 4.4 which lies on its current yield surface. It
is most likely that the horizontal stress could increase during wetting and
DH is a possible wetting path under a constant vertical stress. Under these
stress conditions, it is expected that the form of yield curve in the space
of net vertical stress–matric suction stress is likely to be similar to the LC
yield curve shown in Figure 4.5. The concept of the proposed elasto-plastic
model may be used to explain the results of the oedometer tests.

Testing procedures

The soil specimens were statically compacted to various initial conditions
(moisture content and dry density) as summarized in Table 4.3. The dry
densities are expressed in terms of relative compaction which is the percent-
age of maximum dry density obtained from the standard Proctor test. A
tensiometer was installed into the soil specimen before application of ver-
tical loads. A 5.5-mm diameter hole was drilled into each compacted soil
sample through a circular opening provided in the mid-height of the modi-
fied oedometer ring. The drilled hole is slightly smaller than the tensiometer
tip (6.3 mm in diameter) to ensure a good contact between the tip and the
surrounding soils. The soil samples were subjected to different stress paths
after assembling into the oedometer.

A total of nine tests (T1–T9) were carried out for soil samples compacted
to different initial conditions but they all followed the same stress path as
illustrated in Figure 4.6. After assembling into the oedometer, soil sam-
ples were loaded to the stresses equal to those applied in compacting the
specimens previously (loading path IT). Then they were covered by plastic
wrap to minimize loss of moisture content and left them for approximately
24 h to make sure that 99 per cent of vertical settlement due to the applied
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Figure 4.6 Stress paths of repeated cycles of wetting (after Ng et al., 1998).

vertical load was reached. Subsequently, the soil samples were wetted with
distilled water from the bottom of the oedometer (wetting path J′C′). The
corresponding vertical settlements due to wetting were recorded by a dial
gauge and matric suction at the mid-height of the samples was measured
simultaneously by a tensiometer. After completing the first cycle of wetting,
water remained in the oedometer was drained away and plastic wrap on the
soil sample was taken away. Then the applied loads was removed (unload-
ing path C′A′) and the soil samples were left for drying until matric suction
returned to their initial values (drying path AT). During this stage, small
vertical movement was recorded. The soil samples were then reloaded to
the previous applied stress (reloading path IT), ready for the second cycle
of wetting (wetting path J′C′).

For studying the effects of different stress paths on the collapse behaviour
of virgin and non-virgin fills, two more tests were carried out. The soil
sample for test no. T10 was compacted to the same initial conditions of
test no. T4 and it followed the same stress path as test no. T4 to J′ (path
I′J′C′ATJ′). Instead of wetting, it was loaded to a higher vertical stress to K′

and then it was subjected to the second cycle of wetting (wetting path K′L′).
Similarly, the soil sample of test no. T11 was compacted to the same initial
conditions of test no. T4. After loading the sample to a higher vertical stress
than that used in compacting the specimen previously (loading path I′K′), it
was subsequently subjected to a wetting path K′L′.

Collapse behaviour of virgin fill

Typical results of a two-cycle wetting test are shown in Figure 4.7. It is
shown that there is a substantial amount of deformation when the soil
sample subjected to the first cycle of wetting (virgin fill). The behaviour of
the second wetting cycle is discussed later. Figure 4.8 shows the effect of
relative compaction on collapse potential for the virgin fill (i.e. results from
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Ng et al., 1998).
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Figure 4.8 Collapse potential relationship with relative compaction (after Ng
et al., 1998).

first wetting cycle only). For a given initial moisture content, the amount of
collapse caused by wetting decreases with an increase in relative compaction
or initial dry density. Similar relationship between relative compaction and
collapse potential was observed and reported by Chiu et al. (1998) on a
sandy silt compacted at moisture contents ranging from 5 to 30 per cent.
Tadepalli and Fredlund (1991) conducted some tests on Indian Head silt in
Canada at moisture contents ranging from 7 to 13 per cent and they reported
an inverse linear relationship between dry density and collapse potential.
It can also be seen from the figure that for a given compaction effort,
the collapse potential decreases as moisture content increases. Since matric
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Figure 4.9 Collapse potential relationship with matric suction (after Ng et al., 1998).

suction is related to moisture content, this observed collapse behaviour can
be regarded as controlled by matric suction. Conceptual explanation of this
observed collapse behaviour is given in the following paragraph.

Figure 4.9 shows the effect of initial matric suction (i.e. moisture con-
tent) on collapse potential for the virgin fill (i.e. results from first wetting
cycle only). For a given range of relative compaction, the amount of col-
lapse caused by wetting increases with an increase of initial matric suction
(i.e. a decrease in moisture content). As illustrated in Figure 4.4, the yield
surface can be expanded by an increase of p or q, or a reduction of s. DH
of Figure 4.4 is a possible stress path for wetting tests conducted in the
oedometer under constant vertical stress. The expansion of the yield curve
is mainly governed by the reduction of s. For soil samples of virgin fill com-
pacted to the same initial dry density, they would lie on the same yield curve.
The higher the initial suction of the sample is, the further away from zero
suction axis (see J, M and N in Figure 4.5). As the wetting process brings
the suction in the samples to zero, larger expansion of the yield surface is
expected from samples with higher suction and this means that change of
volume is greater.

The applied vertical stress also influences the collapse behaviour of virgin
fill. Samples of tests T7 and T11 were compacted to the same initial condi-
tions, but the sample of T11 was loaded to a higher vertical stress than that
of T4. Their stress states before wetting are shown in Figure 4.10. It is shown
in Table 4.4 that T11 has a larger collapse potential for first wetting cycle
than T4. Upon wetting, both samples exhibit the same amount of reduction
in matric suction, but they laid on different yield curves and followed dif-
ferent stress paths. Different amounts of plastic strains are expected in these
two samples.
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Figure 4.10 Stress states of tests T7 and T11 before first wetting cycle (after Ng
et al., 1998).

Collapse behaviour of non-virgin fill

The influence of wetting history on collapse potential of non-virgin fill can
be demonstrated by subjecting the soil sample to two cycles of wetting and
drying under constant vertical load (see Figure 4.7). The soil sample was
initially compacted at a moisture content of 22.5 per cent with relative
compaction of 65 per cent. The initial matric suction was 77 kPa. The test
results indicate a large collapse potential during the first cycle of wetting,
however, a significant reduction of collapse potential during the second cycle
of wetting. The observed collapse potentials at the first and second cycles
are 16.2 and 0.22 per cent, respectively. It is important to distinguish the
nature of a virgin fill and a non-virgin fill as both of them exhibit significant
difference in response to wetting. The volumetric deformation induced by
first cycle of wetting can be explained by the yield curve shown in Figure 4.4.
After application of the vertical load, the stress state of virgin fill lies on the
yield curve at point J in Figure 4.4. The first wetting path JC takes place
in the plastic region and causes expansion of the yield curve to point C.
Large amount of collapse is therefore expected from the first wetting path.
However, the results observed from the second cycle of wetting are different
from those would be predicted by an elasto-plastic model (Alonso et al.,
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1990). Before the commencement of second wetting cycle, the stress state
of non-virgin fill would return to point J in Figure 4.4 and lies inside the
expanded yield curve (according to the model). The second wetting path JC
takes place within the elastic region. Elastic swelling would be predicted by
Alonso’s model. However, a relatively small amount of elastic compression
instead of swelling is observed in Figure 4.4. The wetting paths conducted
in the oedometer were not under the conditions of constant mean stress and
zero deviator stress. These conditions may influence the amount of elastic
strains recorded during the wetting tests. Further experiments are required
to study the behaviour of soil inside the yield curve.

The applied vertical stress also affects the amount of collapse exhibited
by the non-virgin fill. Samples of tests T4 and T10 were compacted to the
same initial conditions and they followed the same stress path for the first
wetting–drying cycle. Before the commencement of second wetting cycle,
T10 was reloaded to a higher vertical stress than T4 (i.e. T10′ in Figure 4.11).
The collapse potentials of second wetting cycle for no and T4 are 6.9 and
0.3 per cent, respectively (see Table 4.4). This significant difference in the
observed collapse potential could be explained by the model proposed by
Alonso et al. (1990). The stress states of the two samples just before the
second wetting cycle are shown in Figure 4.11. T4 lies inside the yield curve,
while T10′ lies on the yield curve due to the additional applied stress. The
substantial amount of collapse observed for T10′ during the second wetting
cycle is the result of expansion of the yield curve caused by reduction of
matric suction.

Summary

1. Unsaturated virgin fill is referred to a soil which has never been subjected
to a suction smaller than its current value. For virgin fill, the collapse
potential decreases with an increase in initial dry density but increases
with an increase in initial matric suction.

p

s
Yield curves

Wetting path
Wetting path

T4, T10 T10'

Figure 4.11 Stress states of tests T4 and T10 before second wetting cycle (after Ng
et al., 1998).
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2. While substantial amount of collapse is observed for virgin fill, a signifi-
cant reduction of collapse is recorded for non-virgin fill, which is defined
as a soil which has been subjected to a suction smaller than its current
value. It is important to distinguish the nature of a virgin fill and a non-
virgin fill as both of them exhibit significant difference in response to
wetting.

3. Existing elasto-plastic models may be used to predict the collapse
behaviour of virgin fill subjected to wetting. However, these models do
not seems to be able to predict further collapse of non-virgin fill during
repeated wetting and drying cycles. On the contrary, they would predict
swelling.

Estimations of foundation settlements (Houston,
1995)

Although lateral strains and two- or three-dimensional deformations
induced by wetting can be very important for certain field geometries such
as slopes, estimating the collapse settlement potential using one-dimensional
test results and one-dimensional analyses may be adequate for making
engineering design and mitigation decisions (Houston, 1995). The general
procedure followed for estimating potential collapse settlements involves
evaluation, at a series of representative points of:

(1) the vertical stress state,
(2) the change in stress,
(3) the probable degree of wetting and
(4) the probable strain due to wetting.

A laboratory technique for estimating strain in the field due to thor-
ough wetting was described in previous sections. The collapse settlement is
computed by integration of a strain profile over the depth of anticipated
wetting.

Difficulties associated with estimating collapse settlement include the typ-
ical existence of variable cementation and gradation leading to soil non-
homogeneities over distances of only a few centimetres both laterally and
vertically, and lack of knowledge of sources of water (Beckwith, 1995;
Zhang and Zhang, 1995). The greatest uncertainty in estimating collapse
settlement is linked to the uncertainty of the extent and degree of wetting
(Houston et al., 1993; Andrei and Manea, 1995). In fact, numerous studies
have shown that when the extent and degree of wetting is known, the simple
procedure for computing collapse settlement outlined above can result in
very good agreement between observed and computed settlements (Houston
et al., 1988; Walsh et al., 1993).
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Figure 4.12 Partial collapse due to partial wetting curves for three ML soils (after
Houston, 1995).

The degree of saturation achieved during the conduct of conventional
laboratory response to wetting tests is quite high, typically 85 to 95 per cent.
Estimated collapse settlements based on fun-wetting collapse potential may
not be realized in-situ. The experience in China reported by Zhang and
Zhang (1995) is that actual field collapse settlements are commonly only
about one- seventh of estimated full-wetting collapse settlements. Walsh
et al. (1993) report a case history for which collapse settlements for the
prototype were only about one-tenth (1/10) of collapse settlements esti-
mated from full-wetting laboratory response to wetting tests. The most likely
explanation for the common occurrence of lesser field collapse settlement
compared to estimated collapse settlement potential is that when a soil is
only partially wetted, only a portion of the full collapse potential is real-
ized. Further, there are many field situations for which only partial wetting
occurs. Results of partial-wetting tests on several collapsible silts from the
Phoenix, Arizona, USA, area are depicted in Figure 4.12. Partial-wetting
collapse curves such as those in this figure have been used to make correc-
tions to collapse settlement estimates based on full-wetting response to wet-
ting tests, leading to very good agreement between observed and estimated
wetting-induced settlements (Mahmoud, 1992, Walsh et al., 1993). Partial
wetting considerations are particularly helpful for forensic studies and for
assessment of pre-wetting and controlled wetting mitigation alternatives.

Mitigation measures against collapsible soils
(Houston, 1995)

Several mitigation alternatives are available for dealing with collapse
phenomena (Turnbull, 1968; Clemence and Finbarr, 1981; Houston
and Houston, 1989; Rollins and Rogers, 1994; Beckwith, 1995;
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Evstatiev, 1995). Mitigation measures which have been used in the past
can generally be fit into one of the categories listed below:

1. Removal of volume moisture-sensitive soil (Anayev and Volyanick, 1986)
2. Removal and replacement or compaction (Abelev, 1975; Souza

et al., 1995)
3. Avoidance of wetting (Royster and Rowan, 1968)
4. Chemical stabilization or grouting (Sokolovich and Semkin, 1984)
5. Pre-wetting (Holtz and Hilf, 1961)
6. Controlled wetting (Bally and Oltulescu, 1980)
7. Dynamic compaction (Lutenegger, 1986)
8. Pile or pier foundations (Gao and Wu, 1995)
9. Differential settlement resistant foundations (Cintra et al., 1986).

The most appropriate mitigation method or combination of methods for
a given collapsible soil site depends on several factors. The bases upon
which the decision is made should include (1) the time at which the soil
collapsibility is discovered, (2) the geometry and source of stress and (3)
the source (type) of wetting. The collapse problem is often not detected
until after the structure is built or the embankment or fill is placed. In
this case the choices for mitigation become more limited and typically
more expensive. The maximum flexibility for selection of mitigation and
foundation options exists when a thorough site investigation has been
performed and the regions of potential wetting-induced volume change
have been identified prior to construction.

It is common practice to distinguish between shallow and deep deposits
of collapsible soils. However, there is more than one basis for choosing
between shallow and deep as a description. For example, one basis is the
absolute depth to which significantly collapsible soils exist. If the collapsible
soils extend to a few metres only, most engineers would classify the deposit
as shallow. If the absolute depth of collapsible soils is a few tens of metres,
most engineers would select deep as the descriptor. It is also useful to relate
the depth classification to the percentage of the vertical stress on the soil
due to overburden. Depth classification might also take into consideration
the anticipated sources of wetting and the expected extent of wetting. For
example, a site wetted by rising groundwater table might tend to be classified
as deep, whereas the same site might be classified as shallow if the wetting is
expected to extend only a few metres and to come from surface infiltration.
For deep collapsible soil deposits the overburden stress is typically large
compared to the stress generated by a structure. By contrast, for shallow
deposits the stress from the structure can be quite significant.

Development of profiles of the percent vertical stress due to overbur-
den, such as that shown in Figure 4.13, can be very useful in selection of
appropriate mitigation measures. The example shown in the figure is a mat
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foundation on a collapsible soil deposit. The overburden stress is at least
80 percent of the total stress for depths greater than 12 m. Mitigation alter-
natives which are effective for deep collapsible soil deposits would likely be
appropriate for this situation for mitigation of collapse strains below a depth
of about 12 m. It is unlikely that the stresses due to structural load will have
a significant influence on the total collapse strain if they only contribute
15–25 per cent of the total stress. With respect to mitigation methods, soil
layers for which the overburden stress contributes most significantly might
be termed deep, whereas soil layers for which structural loads are quite
significant would be termed shallow. For many situations the collapsible
soil deposit will consist of both shallow and deep collapsible soil layers. In
these cases, it is often appropriate to select a combination of at least one
mitigation alternative directed towards resolving the shallow collapsible soil
problems and one directed towards the deep layers.

Expansive soils (Bell and Culshaw, 2001;
Tripathy et al., 2002)

Introduction (Tripathy et al., 2002)

Engineering problems related to expansive soils have been reported in
many countries of the world (e.g. Bao and Ng, 2000) but are generally
most serious in arid and semi-arid regions. As a result, highly reactive
soils undergo substantial volume changes associated with the shrinkage and
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swelling processes. Consequently, many engineered structures suffer severe
distress and damage. The swelling potential of an expansive soil is commonly
assessed in the laboratory by utilizing a conventional oedometer apparatus.
The specimens are generally allowed to swell under an arbitrary surcharge
pressure for one cycle to determine the total magnitude of swell.

Laboratory cyclic swell–shrink tests on expansive soils have shown that
vertical swell potential may reduce or even increase by a factor of two
when compared with the first cycle of swelling. Therefore, the assessment
of expansive soil behaviour without considering cyclic seasonal fluctuations
may underestimate the swelling potential of the soil.

A number of research studies are available on laboratory cyclic swell–
shrink tests on compacted–remoulded expansive soils. The studies have
shown that after about 3–5 swell–shrink cycles, the soils reach an equilib-
rium condition, where the vertical deformations during swelling and shrink-
age are the same (Warkentin and Bozozuk, 1961; Popescu, 1986; Subba
Rao and Satyadas, 1987; Day, 1994; Al-Homoud et al., 1995; Songyu et al.,
1998). This reversible volume change between fixed limits has been observed
for surface horizons of agricultural soils that have undergone numerous
drying and wetting cycles (Yong and Warkentin, 1975).

The nature of expansive soils (Bell and Culshaw, 2001)

Some clayey soils undergo slow volume changes that occur independently of
loading and are attributable to swelling or shrinkage. These volume changes
can give rise to ground movements which can cause damage to buildings.
Low-rise buildings are particularly vulnerable to such ground movements
since they generally do not have sufficient weight or strength to resist. In
addition, shrinkage settlement of embankments can lead to cracking and
break up of the roads they support.

The principal cause of expansive clays is the presence of swelling clay
minerals such as montmorillonite. Differences in the period and amount of
precipitation and evapotranspiration are the principal factors influencing the
swell–shrink response of a clay soil beneath a building. Poor surface drainage
or leakage from underground pipes also can produce concentrations of
moisture in clay. Trees with high water demand and uninsulated hot process
foundations may dry out clay causing shrinkage.

The depth of the active zone in expansive clays (i.e. the zone in which
swelling and shrinkage occurs in wet and dry seasons, respectively) varies.
Many soils in temperate regions such as Britain, especially in the south, south-
east and south Midlands of England, possess the potential for significant
volume change due to changes in moisture content. However, owing to the
damp climate in most years volume changes are restricted to the upper 1.0 to
1.5 m in clay soils. The susceptible soils include most of the clay formations
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of Mesozoic and Tertiary age such as the Edwalton Formation of the Mer-
cia Mudstone, Lias Clay, Oxford Clay, Kimmeridge Clay, Weald Clay, Gault
Clay, clays of the Lambeth Group. Generally speaking, the older formations
are less susceptible than the younger ones (Bell and Culshaw, 2001).

The potential for volume change in clay soil is governed by its initial
moisture content, initial density or void ratio, its microstructure and the
vertical stress, as well as the type and amount of clay minerals present. These
clay minerals are responsible primarily for the intrinsic expansiveness, whilst
the change in moisture content or suction (where the pore water pressure
in the soil is negative, that is, there is a water deficit in the soil) controls
the actual amount of volume change, which a soil undergoes at a given
applied pressure. The rate of heave depends upon the rate of accumulation
of moisture in the soil.

Grim (1962) distinguished two modes of swelling in clay soils, namely
inter-crystalline and intra-crystalline swelling. Inter-particle swelling takes
place in any type of clay deposit irrespective of its mineralogical composi-
tion, and the process is reversible. In relatively dry clays the particles are
held together by relict water under tension from capillary forces. On wet-
ting, the capillary force is relaxed and the clay expands. In other words,
intercrystalline swelling takes place when the uptake of moisture is restricted
to the external crystal surfaces and the void spaces between the crystals.
Intracrystalline swelling, on the other hand, is characteristic of the smectite
family of clay minerals, and montmorillonite in particular. The individual
molecular layers, which make up a crystal of montmorillonite are weakly
bonded so that on wetting water enters not only between the crystals but
also between the unit layers which comprise the crystals. Generally kaolinite
has the smallest swelling capacity of the clay minerals and nearly all of its
swelling is of the interparticle type. Illite may swell by up to 15 per cent but
intermixed illite and montmorillonite may swell some 60 to 100 per cent.
Swelling in calcium montmorillonite is very much less than in the sodium
variety, ranging from about 50 to 100 per cent. Swelling in sodium mont-
morillonite can amount to 2000 per cent of the original volume, the clay
then having formed a gel (Bell and Culshaw, 2001).

Cemented and undisturbed expansive clay soils often have a high resis-
tance to deformation and may be able to absorb significant amounts of
swelling pressure. Therefore, remoulded expansive clays tend to swell more
than their undisturbed counterparts. In less-dense soils expansion initially
takes place into zones of looser soil before volume increase occurs. However,
in densely packed soil with low void space, the soil mass has to swell more or
less immediately to accommodate the volume change. Therefore, clay soils
with a flocculated fabric swell more than those that possess a preferred orien-
tation. In the latter, the maximum swelling occurs normal to the direction of
clay particle orientation. Because expansive clays normally possess extremely
low permeabilities, moisture movement is slow and a significant period of
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time may be involved in the swelling–shrinking process. Accordingly, mod-
erately expansive clays with a smaller potential to swell but with higher per-
meabilities than clays having a greater swell potential may swell more during
a single wet season than more expansive clays (Bell and Culshaw, 2001).

Determinations of potential swell (Bell and Culshaw, 2001)

The swell–shrink behaviour of a clay soil under a given state of applied
stress in the ground is controlled by changes in soil suction. The relation-
ship between soil suction and water content depends on the proportion and
type of clay minerals present, their microstructural arrangement and the
chemistry of the pore water. Changes in soil suction are brought about by
moisture movement through the soil due to evaporation from its surface
in dry weather, by transpiration from plants or alternatively by recharge
consequent upon precipitation. The climate governs the amount of moisture
available to counteract that which is removed by evapotranspiration (i.e. the
soil moisture deficit). The volume changes that occur due to evapotranspi-
ration from clay soils can be conservatively predicted by assuming the lower
limit of the soil moisture content to be the shrinkage limit. Desiccation
beyond this value cannot bring about further volume change.

Methods of predicting volume changes in soils can be grouped into empir-
ical methods, soil suction methods and oedometer methods (Bell and Maud,
1995; Bell and Culshaw, 2001). Empirical methods make use of the swelling
potential as determined from void ratio, natural moisture content, liquid
and plastic limits, and activity. For example, Driscoll (1983) proposed that
the moisture content, In, at the onset of desiccation �pF = 2� and when it
becomes significant �pF = 3� could be approximately related to the liquid
limit, LL, in the first instance m = Q�5LL and in the second m = 0�4LL.
The Building Research Establishment (BRE) (Anon, 1980) suggested that
the plasticity index provided an indication of volume change potential as
shown in Table 4.5. A degree of overlap was allowed. The activity chart,
proposed by Van Der Merwe (1964), frequently has been used to assess the
expansiveness of clay soils (Figure 4.14).

However, because the determination of plasticity is carried out on
remoulded soil, it does not consider the influence of soil texture, moisture
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Figure 4.14 Activity chart of Van Der Merwe (1964) for estimation of the degree of
expansiveness of clay soil. Some expansive clays from Natal, South Africa,
are shown (from Bell and Maud, 1995; after Bell and Culshaw, 2001).

content, soil suction or pore water chemistry, which are important factors in
relation to volume change potential. Therefore, over-reliance on the results
of such tests must be avoided. Consequently, empirical methods should be
regarded as simple swelling indicator methods and nothing more. As such,
it is wise to carry out another type of test and to compare the results before
drawing any conclusions.

Soil suction methods use the change in suction from initial to final con-
ditions to obtain the degree of volume change. Soil suction is the stress
which, when removed allows the soil to swell, so that the value of soil
suction in a saturated fully swollen soil is zero. O’Neill and Poorymoayed
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(1980) quoted the United States Army Engineers Waterways Experi-
mental Station (USAEWES) classification of potential swell (Table 4.6)
which is based on the liquid limit, plasticity index and initial (in situ)
suction. The latter is measured in the field by a psychrometer. Soil suc-
tion is not easy to measure accurately. Filter paper has been used for
this purpose (McQueen and Miller, 1968). According to Chandler et al.
(1992), measurements of soil suction obtained by the filter paper method
compare favourably with measurements obtained using psychrometers or
pressure plates.

The oedometer methods of determining the potential expansiveness of
clay soils represent more direct methods (Jennings and Knight, 1957).
In the oedometer methods, natural (undisturbed) samples are placed in
the oedometer and a wide range of testing procedures are used to estimate the
likely vertical strain due to wetting under vertical applied pressures. The lat-
ter may be equated to overburden pressure plus that of the structure which
is to be erected. In reality most expansive clays are fissured, which means
that lateral and vertical strains develop locally within the ground. Even
when the soil is intact, swelling or shrinkage is not truly one-dimensional.
The effect of imposing zero lateral strain in the oedometer is likely to give
rise to overpredictions of heave and the greater the degree of fissuring, the
greater the overprediction. The values of heave predicted using oedometer
methods correspond to specific values of natural moisture content and void
ratio of the sample. Therefore, any change in these affects the amount of
heave predicted. Gourley et al. (1994) mentioned the use of a stress path
oedometer to determine volume change characteristics of expansive soils.
Such a method provides data on vertical and radial total stresses, suction
and void ratio.

Water content-void ratio swell–shrink paths of compacted
expansive soils (Tripathy et al., 2002)

Overview

The swelling of desiccated soils occurs in three different phases (Day, 1994),
namely primary swelling, secondary swelling and no swelling. During pri-
mary swelling, the cracks developed during drying close. Primary swelling
occurs at a very rapid rate. Secondary swelling includes closure of micro-
cracks and reduction of entrapped air. During the third phase (i.e. no
swelling), no further void ratio changes occur. The three phases of swelling
of desiccated Otay Mesa clay from Day (1999) are shown in Figure 4.15b.

Hanafy (1991) proposed a characteristic S-shaped curve to describe the
potential volume change of an expansive clayey soil for the change in void
ratio relative to changes in water content resulting from desiccation and
water absorption. The S-shaped curve (Figure 4.16) can be determined in
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Figure 4.15 Different phases of (a) shrinkage and (b) swelling for a compacted expan-
sive soil where e0 is the initial void ratio, H0 is the initial height of the
test specimen (after Tripathy et al., 2002).

the laboratory using conventional consolidation test equipment by carrying
out one complete swelling–shrinkage test with two additional partial tests.
Expansive soil specimens, desiccated or partially desiccated with an initial
water content, wn, and a corresponding natural void ratio, eo, are used to
trace the path during testing. The S-shaped curve can be used to classify the
swelling potential of desiccated expansive clayey soils.
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Soils used and testing procedures

Two expansive soils collected from the Northern Karnataka State of India
were selected for the study. The natural soils were processed to be finer
than 425�m with resulting liquid limits of 100 and 74 per cent. These
soils are called soils A and B, respectively. The properties of the soils are
presented in Table 4.7. Laboratory test procedures, following ASTM stan-
dards, were performed to evaluate the physical properties of the soils. The
free swell properties of the soils were determined as per the procedure
given by Holtz and Gibbs (1956). Figure 4.17 shows the standard Proctor
(ASTM test method D698; ASTM, 1998b) and modified Proctor (ASTM
test method D1557; ASTM, 1998a) compaction curves for the soils. The
shrinkage limit and liquid limit of the soils indicate that both soils are highly
plastic and have high moisture absorption capacities. X-ray diffraction pat-
terns of magnesium-saturated and glycerol-solvated specimens of soils A
and B show the existence of montmorillonite as the dominating clay mineral
(Figure 4.18). The Indian standard classification system (IS 1498, Bureau of
Indian Standards, 1970) classifies the ‘degree of expansion’ and ‘danger of
severity’ of both the soils as very high and severe, respectively. The classi-
fication is based on the liquid limit �wl�, plasticity index �Ip = wl −wp� and
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shrinkage index �Is = wl − ws� values, where wp is the plastic limit of the
soil, and ws is the shrinkage limit of the soil.

The specimen conditions selected for the study are marked on the com-
paction curves for both soils (Figure 4.17). Specimens were selected such that
the dry density could be varied while the water content remained constant
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Figure 4.18 X-ray diffraction patterns of the soils used in the study of swell–shrink paths
of expansive soils (after Tripathy et al., 2002).

(specimens A1 and A11 for soil A, and specimens B1 and B11 for soil B)
and the dry density was maintained constant while the water content was
varied (specimens A1 and A6 for soil A, and specimens B1 and B6 for
soil B). In addition, specimens A3 for soil A and B3 for soil B were cho-
sen to represent the standard Proctor optimum conditions of the respective
soils. Several mixes were prepared using the air-dried soil mixed with pre-
determined quantities of water. The mixes were kept in closed plastic bags
and cured for 7 days. After ensuring the desired water content for the mix,
the moist soil was compacted to a height of 13 ± 0�5mm directly into a
stainless steel oedometer ring, 76.2 mm in diameter and 38 mm in height.
Laboratory static compaction was used to achieve the desired dry densities.

Cyclic swell–shrink tests

Cyclic swell–shrink tests were conducted in a fixed-ring oedometer with a
modification to shrink the specimens under a controlled surcharge pressure
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and temperature (i.e. 40±5 �C). A schematic diagram of the set-up is shown
in Figure 4.19. The set-up consists of a fixed-ring oedometer cell placed
inside a stainless steel container (outer jacket). The outer face of the outer
jacket holds a 1 kW capacity coil tightly sandwiched between two flexible
asbestos sheets. The flexible asbestos sheets serve as an insulator. The two
ends of the coil were connected to porcelain connectors to which power was
provided through a temperature controller. A known surcharge pressure
was applied to each specimen by means of the lever arm of action of the
oedometer frame. The specimens were then allowed to swell after being
inundated with water under an ambient temperature. After completion of
the full swelling process, the process of shrinkage was commenced. To start
the shrinkage process, water was removed from the inner cell (i.e. water
jacket) and then the temperature controller was switched on to maintain a
constant temperature throughout the shrinkage process.

Observation of vertical movements of the specimens during swelling and
shrinkage was made by using a dial gauge with a minimum reading of
±0�002mm and a travel of 25 mm. The combination of one swelling and
shrinkage cycle is designated as one swell–shrink cycle. At the end of each
cycle, the temperature controller was switched off and the specimen temper-
ature was returned to room temperature in about 2–3 h. The specimen was
again inundated with water for the next swelling and then shrinkage process
to complete the second cycle. Thus, several cycles of swelling and shrinkage
were performed until the specimen reached equilibrium conditions. Equi-
librium was defined as the condition where swelling and shrinkage were of
constant magnitude for each cycle. In the case of full swelling followed by
full shrinkage tests, specimens in each cycle were allowed to fully swell and
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then shrink to a stage where there was no further change in height. The time
allowed for each swelling process was about 3 days, and the full shrinkage
process required about 6 days to complete at a temperature of 40 �C. In the
case of full swelling followed by partial shrinkage, specimens in each cycle
were allowed to fully swell and then shrink to a height corresponding to 50
per cent of the first swollen height in each cycle. The time taken for partial
shrinkage was about 2 days.

The vertical deformation of the specimens was represented as the change
in height �	H� of the specimen (during either swelling or shrinkage) and is
expressed as a percentage of the initial height of the specimen �Hi� at the
beginning of the first swell–shrink process. By plotting the vertical defor-
mations of a specimen for several swell–shrink cycles, the per cent change
in height of the specimen during any of the swelling or shrinkage cycles can
be observed.

Table 4.8 shows the number of specimens used to trace the swell–shrink
path under each surcharge pressure for soils A and B. The surcharge pres-
sures applied to the specimens were 6.25, 50.00 and 100.00 kPa for specimen
A3 of soil A and 6.25 and 50.00 kPa for specimen B3 of soil B. The effect
of initial placement conditions on the equilibrium swell–shrink path was
studied under a surcharge pressure of 6.25 kPa. The effect of full swelling–
partial shrinkage was studied for specimen A3 of soil A under a surcharge
pressure of 6.25 kPa.

WATER CONTENT–VOID RATIO PATHS

The void ratio changes for changes in water content in specimen A3 under
surcharge pressures of 6.25 and 50.00 kPa and specimen B3 under a sur-
charge pressure of 6.25 kPa from the as-compacted state to the fourth cycle
are shown in Figures 4.20–4.22, respectively, for swelling and shrinkage.
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Test results for specimen B3 under a surcharge pressure of 50.00 kPa and
A3 under a surcharge pressure of 100.00 kPa exhibited similar trends.

In Figure 4.20, points 0, 1, 2, 3 and 4 represent the positions of specimens
at full shrinkage stages in different cycles, and points B, C, D and E represent
the positions of the specimen at full swelling for different cycles. The initial
void ratio and water content of the specimens are e0 and w0 (i.e. point A).
The sequence of wetting and drying of specimen A3 in Figure 4.20 is as
follows: (i) swelling took place from point A to point B and shrinkage from
point B to point 1 (Figure 4.20a), (ii) swelling took place from point 1 to
point C and shrinkage from point C to point 2 (Figure 4.20b), (iii) swelling
took place from point 2 to point D and shrinkage from point D to point
3 (Figure 4.20e) and (iv) swelling took place from point 3 to point E and
shrinkage from point E to point 4. Point 4 becomes the same as point 3 as
shown in Figure 4.20d. The shrinkage curve of the specimen from position
A was also traced (i.e. A to 0 in Figure 10a). Similar explanations hold for
Figures 4.21 and 4.22. In Figure 4.22, the specimen showed compression
from A to A′ after being loaded. The swell–shrink cycle in this case started
from A′.

Figures 4.20–4.22 show that, subsequent to swelling, all specimens
attained almost full saturation. All swelling curves, except curve AB
(i.e. specimen subjected to swelling after application of surcharge pressure),
and all shrinkage curves, except curve AO [i.e. specimen shrunk from point
A (A′ in Figure 4.22)], are S-shaped. This indicates that the paths from the
end of the shrinkage to the end of the swelling and from the end of the
swelling to the end of the shrinkage consist of two curvilinear portions and a
linear portion. It can also be seen that for a change in water content, the void
ratio changes are insignificant at the top and bottom curvilinear portions
of the S-shaped curves. Except for the second swelling path (i.e. curve 1C),
the linear portions of all other swelling and shrinkage paths are essentially
parallel to the 100 per cent saturation line. The slope of the linear portion
of the second swelling curve is slightly steeper. This indicates that a large
volume change occurred in the second swelling cycle as compared with any
other swelling cycle.

The shrinkage paths shifted away from the saturation line and the spec-
imens became more unsaturated with minimal changes in void ratio for a
decrease in water content. This tendency essentially ends at a water content
corresponding to a degree of saturation, Sr, of 80 per cent in cycles 3 and 4.
In earlier cycles, the transition from full saturation to unsaturated conditions
occurred at still higher degrees of saturation, indicating that the distance
from the shrinkage curve to the saturation line increased with an increase in
the number of swell–shrink cycles. Subsequently, the shrinkage curves took
on a slope of about 45� until the specimen approached the shrinkage limit
water content (i.e. Ws = 10�6 per cent for soil A and Ws = 13�5 per cent
for soil B). Similar trends can be seen in Figures 4.21 and 4.22.
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The three phases of shrinkage can be identified in the entire shrinkage
curves (i.e. structural shrinkage, normal shrinkage and residual shrinkage).
Similarly, in all the swelling curves traced from the full shrinkage stage,
the phases can be identified as primary, secondary and no swelling. The
shrinkage curves obtained by drying the specimen from position A (A′ in
Figure 4.22) showed only the normal and residual shrinkage phases. The
trends are similar to those observed by Ho et al. (1992) and Sitharam et al.
(1995) for compacted specimens subjected to one cycle of shrinkage.

The void ratios and water contents attained by the specimens were at a
minimum at the end of the first shrinkage cycle. At the end of other cycles,
however, higher void ratio and water content were observed. Similarly, the
void ratio and water content attained by the specimen at the end of the
first swelling cycle were lower than the corresponding values at all other
swelling cycles. The water content and void ratio at the end of the second
swelling cycle were higher than at any other cycle. Beyond the second cycle,
the water content and void ratio decreased slightly and then stabilized.

Hysteresis in swelling and shrinkage paths was observed for the first three
cycles. When each specimen was allowed to shrink, the void ratio at the
end of the cycle changed. Similarly, the void ratio and water content of
the specimen at the end of the swelling cycle changed when the specimen
was rewetted. This occurred until about the third cycle. In the fourth swell–
shrink cycle, the path traced by the specimen during both swelling and
shrinkage was found to be the same, signifying reversibility in the swelling
and shrinkage paths and the elimination of hysteresis.

The results indicate that hysteresis in the wetting–drying path of the soil–
water characteristic curves (i.e. matric suction versus water content curves)
of clayey soils is due to changes in both void ratio and water content during
the initial cycles but is due to changes in water content alone with an
increasing number of cycles.

EFFECT OF INITIAL PLACEMENT CONDITIONS

Specimens A1, A6 and A11 for soil A and B1, B6 and B11 for soil B were
subjected to swell–shrink cycles under a surcharge pressure of 6.25 kPa. The
water content and void ratio of specimens A1, A3, A6 and A11 for soil A
and B1, B3, B6 and B11 for soil B at the end of the fourth swelling and fourth
shrinkage cycles are shown in Table 4.9. The values are nearly the same for
all the specimens at the respective full swelling and full shrinkage states.

Furthermore, a few of the specimens corresponding to placement condi-
tions A1, A3, A6 and A11 for soil A and B1, B3, B6 and B11 for soil B were
run for five swell–shrink cycles under a surcharge pressure of 6.25 kPa. The
water content versus void ratio paths during swelling and shrinkage were
traced. An S-shaped curve was established for all the specimens of each soil
as shown in Figure 4.23 (curve XYX1) and 14 (curve X′Y′X′

1). The range
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of void ratio and water content over which the swell–shrink path occurred
remained almost the same as that observed for specimens A3 and B3 in the
fourth swell–shrink cycle (Figures 4.20d, 4.21d).

The range of water content and void ratio over which the swelling and
shrinkage occurred is less for soil B. This can be attributed to the lower
liquid limit of soil B. The water content variation in the fifth cycle was from
6.5 to 63.0 per cent for soil A and 6.5 to 44.0 per cent for soil B.

EFFECT OF SURCHARGE PRESSURES

Figures 4.23 and 4.24 show the equilibrium swell–shrink paths traced at
the fifth swell–shrink cycle for specimen A3 under surcharge pressures of
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50.00 kPa (curve MNM1) and 100.00 kPa (curve PQP1) and for specimen
B3 under a surcharge pressure of 50.00 kPa �M′N′M′

1�. All the equilibrium
swell–shrink curves have a similar S shape. However, the range of water
content and void ratio change over which the curves occurred becomes less
with an increase in surcharge pressure.

It is evident from the results that the central straight-line portions of
all the equilibrium swell–shrink curves are within the degree of saturation
range from about 50 to 80 per cent and are almost parallel to the 100
per cent saturation line. As the surcharge pressure increases, the curves are
shifted towards the 100 per cent saturation line. The equilibrium swell–
shrink curves are also similar to the characteristic volume change S-shaped
curve proposed by Hanafy (1991), as shown in Figure 4.16.

The ratio of the change in void ratio to the change in water content
(i.e. 	e/	w) in the range of degrees of saturation from 50 to 80 per cent
is about 0.025 for soil A and about 0.020 for soil B. This is true for
all equilibrium swell–shrink paths studied. Although these ratios are not
strictly comparable with CLOD index values, the values are of similar
magnitude.

The plastic limit, wp, and shrinkage limit, ws, of the soils are also indi-
cated in Figures 4.23 and 4.24. It can be noted that wp and ws, which
have a specific meaning for an initially slurried soil subjected to shrinkage,
have no specific meaning for the volume change of a compacted expansive
soil. The water contents at the end of all the swelling cycles were well below
the liquid limit of the soils and fall below or above the plastic limit of
the soils.

VOLUMETRIC CHANGE AND VERTICAL DEFORMATION AT EQUILIBRIUM CYCLE

The volumetric change and vertical deformation for changes in degree of
saturation during equilibrium swell–shrink cycles for the full swelling–full
shrinkage tests for both soils are shown in Figure 4.25. These plots also show
three distinct phases. The plots indicate that at any degree of saturation,
as the surcharge pressure increases, the volumetric and vertical deformation
decrease. Similarly, at any deformation, the degree of saturation increases
for the specimens with a higher surcharge pressure.

An attempt was made to distinguish the three phases and find the per-
centage of the changes (i.e. both volumetric and vertical) that occurred in
each phase. The first phase of swelling or the last phase of shrinkage is
designated as phase I (Sr < 50 per cent), the last phase of swelling or first
phase of shrinkage as phase III (Sr > 80 per cent) and the middle phase as
phase II (Sr = 50–80 per cent).

Table 4.10 shows the changes that occurred in each phase for both soils.
About 80–90 per cent of the total volumetric change for soil A and about
70–80 per cent of the total volumetric change for soil B occurred in phase
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Figure 4.25 Volumetric change and vertical deformation at equilibrium swell–shrink
cycle (after Tripathy et al., 2002).

II. This indicates that for a change in degree of saturation of about 30
per cent, most of the volume change occurred in phase II. Similarly, about
50–60 per cent of the total vertical deformation for soil A and about 50–55
per cent for soil B occurred in the same phase.

Figure 4.26 shows the vertical deformation versus volumetric change
plots for soils A and B under the surcharge pressures studied at the fifth
swell–shrink cycle. The relationship between volumetric change and vertical
deformation is linear in the three different phases. In phase II, where most of
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the deformation occurred, the slope is steeper than those for the other two
phases. The average ratios of the volumetric change to vertical deformation
in phase II are presented in Table 4.11. The ratio decreases with an increase
in surcharge pressure and varies from about 3.9 to 4.5 for soil A and
from 3.8 to 5.2 for soil B for the surcharge pressures considered in the
investigations.

Design of foundations on expansive swelling soils
(Jimenez-Salas, 1995)

Design philosophy

The design of foundations on expansive clays takes two approaches as
follows:

• By action on the ground by substitution or by stabilization, or
• By action on the supported structure which may be flexible, rigid or

isolated (‘palaphite’).



 

274 Collapse, swelling, strength and stiffness

Sr = 80%

Sr = 80%

Sr = 80%

Full swelling–full shrinkage

6.25 kPa
50 kPa
100 kPa

Vertical deformation (%)

V
ol

um
et

ric
 c

ha
ng

e 
(%

)

0 5 10 15 20 25

70

60

50

40

30

20

10

0

Range of Sr = 50% to 80%

Soil A (a)

Sr = 50%

S
r =

 5
0%

Sr = 80%

Sr = 80%

Full swelling–full shrinkage

6.25 kPa
50 kPa

Vertical deformation (%)

0 5 10 15 20 25

70

60

50

40

30

20

10

0

Range of Sr = 50% to 80%

Soil B (b)
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shrink cycle (after Tripathy et al., 2002).

Substitution of the ground

In some cases, the active depth is only 1 or 2 m. This could be due, for
instance, to the relative proximity of the phreatic table. The removal of the
active material and substitution by an inert one will eliminate the problem.

More delicate is the case in which a certain thickness of active clay is
found over an inactive shale, according to a very usual disposition in the
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south of Spain. The active clay is a residual soil or a vertisol coming from the
gentle slopes, in any case consisting of the same formation. The weathered
material has characteristics which are related to the black cotton soils, and
also with the North African tirs.

It is then necessary to take into account that, if the substituted material is
more permeable than the clay, an underground reservoir for the rain water
has been prepared. Formerly, the shale was protected by the clay, but it
should be recalled (Morgenstern, 1979; Morgenstern and Balasubramanian,
1980) that some shales or heavily overconsolidated clays are inert if in
contact with pore water with a salt content similar to that of their own
pores, but they become expansive if in contact with pure water (rain water
for example) with a much lower osmotic potential.

In India, and after research carried out over several years (Katti, 1987),
it has been found that many of the problems of the expansive black cotton
soils can be solved if these clays are covered with a layer of cohesive non-
swelling soil (CNSS). This must be some inert material, but with enough
clay content to give it a low permeability and significant cohesion. In the
referenced research it has been found that a modest thickness of this kind of
material produces a great improvement on the behaviour of the remaining
expansive material. This is attributed to the fact that the cohesive non-
swelling material impedes the initiation of cracks, ‘welding’ them together.
Without cracks, the vertical diffusivity is much lower, and the same is true
of active depth.

Mechanical stabilization of the ground

The term ‘stabilization’ can have many different meanings. Stabilization of
the material can be by mechanical means or by use of chemical additives
like, mainly, lime.

Mechanical stabilization is the mixing of the active soil with a coarser
material. This concept can be extrapolated to other processes, including
those of reinforcement with membranes or geogrids.

Portland cement has also been used, but the most interesting method is,
without doubt, lime stabilization. Its use is well known as a constructive
aid in the case of ponded areas on clayey or silty soils, providing a stable
surface for the traffic of the equipment. But in the case of a permanent
stabilization of an active clay, its action is complicated and still not well
understood. Many of the most active clays have sodium as the exchangeable
base, and in these cases it is clear that their saturation with calcium must
produce a reduction in their plasticity indexes, volume change, etc. But this
cannot be the explanation of its beneficial effect on some of the already
calcium-saturated clays.

Several mechanisms of action have been invoked, such as lime carbona-
tion, pozzolanic reaction, cementation, flocculation, etc.
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Lime carbonation must have a place, as it has one in the lime mortars of so
many old buildings, but it cannot explain the short-term effects. Probably,
there are some pozzolanic effects in clays with alophane, so frequently found
in tropical environments. But in the black earths of the Spanish south,
the examination of lime-stabilized soil over more than 5 years found only
very light signs of attack on the borders of the clay platelets. Cementation
must also have an effect for medium or long-term periods. Flocculation can
explain the observed effects, at least in an important proportion of cases,
but not in all of them, as there are many soils that are already heavily
flocculated.

These and other causes, some of them of a purely technological character,
in many circumstances make the use of lime stabilization impractical, and
it is necessary to consider the probabilities of success before undertaking it.
Some laboratory tests have been proposed to check the ‘reactivity’ of the
clay, and to estimate the proportion of lime necessary for the object.

Nelson and Miller (1992) present a very good summary of these tests.
These authors also describe the different modalities of the technological
processes. They classified the lime stabilization procedures in three groups:

1. Mixed in place and recompacted
2. Drill hole lime
3. Pressure injected lime

Mixing in place procedures have been used mainly for areas to be paved.
The soil must be previously prepared by ploughing, harrowing, etc. breaking
it into clods of small size.

For greater depths the drill hole method has been employed. It consists
of pouring quicklime or hydrated lime slurry into holes of 150–300 mm
diameter. The holes are distributed in a net of 1.2–1.5 m of mesh size.

The last group of procedures quoted by Nelson and Miller involves pres-
sure injected lime (Cothren, 1984). It is essentially similar to the preceding
one, but the slurry is injected with a pressure up to 0.6 MPa. This does
not improve the penetration of the liquid into the fine pores, but opens
the cracks and fissures, even creating many new ones. The data about the
efficiency of this method presents contradictions, but it has proved to be
beneficial in many cases. Local experience in a particular formation and
circumstances must be taken into account before making a decision.

Stabilization of the moisture content

Stabilization of the moisture content can take place by passive means such
as protection and encapsulation, or by active means such as pre-heaving or
by controlled water injection.
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There are two ways of avoiding the changes of moisture content, which in
turn, are the origin of volume change. First, it is possible to establish barriers
against the moisture transfer or even to encapsulate soil masses, and in this
manner preserve their volumetric stability (Ramaswany and Aziz, 1987).

Second, one can avoid the desiccation of the soil by introducing water at
the points and in the quantities required to prevent drying. There seems to
be no record of active stabilization forcing the drying of the soil.

Passive stabilization

Passive stabilization has been the usual practice in most cases. The beneficial
effect of an ample sidewalk has been known for a long time, but sidewalks
usually crack, allowing some infiltration. Today, they have been advanta-
geously substituted by membranes. The sidewalk constituted a horizontal
barrier, and its breadth is determined by the extent of the possible edge
effect. The membranes can also be arranged horizontally, with 200–400 mm
of earth cover, either just for mechanical protection or sometimes to allow
some seeding of the cover.

Active defence against the moisture changes

In arid climates, the problem is the progressive increase in water content
under the building, due to its protective effect against the intense potential
evaporation. An obvious idea is to moisten initially the soil until it reaches
its final equilibrium water content.

This ideal is difficult to achieve. Aside from the uncertainties relating to
the final equilibrium moisture content, it is nearly impossible to produce in
a reasonable time a moisture pattern similar to the equilibrium one, since
the expansive clay has a low coefficient of permeability.

The previous flooding of foundation areas is used from time to time, with
variable results (Blight et al., 1992).

Another technique of active moisture stabilization is the controlled addi-
tion of water, generally by means of conveniently distributed borings.
Another method is by conventional irrigation, by sprinklers or by any other
means, of which an important case can be found in (Williams, 1980).

Measures on the structure

Flexible structures

There are extensive areas of swelling clays where the problem is not felt, as
the traditional architecture uses wood or bamboo providing enough flexibil-
ity to absorb the swelling without sensible damage. But the same principle
can be applied in many other constructions, especially of the industrial type,
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and this can be particularly useful when the movements to be expected
are only of a few centimetres. Isostatic trusses for the cover and walls of
pre-fabricated plates are able to follow those deformations.

Rigid structures

The attention of authors dealing with the problems of swelling clays has
been caught, primarily, by solutions consisting of rigid structures, capable
of ‘floating’ over the deformed soil without experiencing damage.

The pioneers in this line were the South Africans. Dealing with economical
houses for the workers in the new mining districts, they found it possible to
construct houses rigid enough to resist the expected bending moments, using
the walls as beams of great height. To obtain these results, the walls were
composed of reinforced brick masonry, with sometimes reinforced concrete
frames around the openings (Rosenhaupt and Mueller, 1963).

The problem that has retained the attention of the authors has been the
estimation of the forces to be resisted by the structure, and it is convenient to
make the point in today’s somewhat confusing panorama (Pidgeon, 1980).

Deep foundations

The last group of solutions for swelling clay problems includes methods of
making the structures independent from the expansive layers. The typical
features of these solutions are those of a ‘palaphite’ which is a structure
resting on piles going down until they reach deep and stable layers. A gap is
provided between the structure and the swelling surface of the soil. Usually
the piles are bored and cast in place, as the consistency of these clays makes
the driving difficult.

The piles pass across the expansive layers, which produces a negative
side resistance which tends to raise the piles (Blight, 1984), annulling the
desired soil-structure independence. Two different procedures exist against
this possibility: the first one is to make the piles also independent from the
raising layers, which can be made with several different kinds of shuttering,
leaving a gap between pile and the ground in the upper part of the shaft.
Although this seems to be a very rational solution, the fact is that today the
second possibility is preferred, which is to anchor the piles into the deep
stable layers and to reinforce the shaft to resist the tensile forces which are
produced in it.

There are, in turn, two different ways of forming the anchorage: boring a
supplementary length of pile, or under-reaming the base to form an enlarged
end of the pile shaft. It is difficult to decide between the two possibilities,
and it is necessary to consider many aspects, chief among them, of course,
being cost.
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Introduction to shear strength (Fredlund and
Rahardjo, 1993)

Overview

Many geotechnical problems such as bearing capacity, lateral earth pres-
sures, and slope stability are related to the shear strength of a soil. The shear
strength of a soil can be related to the stress state in the soil. The stress state
variables generally used for an unsaturated soil are the net normal stress,
�� −ua�, and the matric suction, �ua −uw�.

The two commonly performed shear strength tests are the triaxial test and
the direct shear test. The theory associated with various types of triaxial tests
and direct shear tests for unsaturated soils are compared and discussed here.

Soil specimens which are ‘identical’ in their initial conditions are required
for the determination of the shear strength parameters in the laboratory. If
the strength parameters of natural soil are to be measured, the tests should be
performed on specimens with the same geological and stress history. On the
other hand, if strength parameters for a compacted soil are being measured,
the specimens should be compacted at the same initial water content and
with the same compactive effort. The soil can then be allowed to equalize
under a wide range of applied stress conditions. It is most important to
realize that soils compacted at different water contents, to different densities,
are ‘different’ soils. In addition, the laboratory test should closely simulate
the loading conditions that are likely to occur in the field.

Unsaturated soil specimens are sometimes prepared by compaction. In
this case, the soil specimens must be compacted at the same initial water
content to produce the same dry density in order to qualify as an ‘identical’
soil. Specimens compacted at the same water content but at different dry
densities, or vice versa, cannot be considered as ‘identical’ soils, even though
their classification properties are the same. Soils with differing density and
water content conditions can yield different shear strength parameters, and
should be considered as different soils as illustrated in Figure 5.1.

Triaxial tests on unsaturated soils

One of the most common tests used to measure the shear strength of a soil
in the laboratory is the triaxial test. The theoretical concepts behind the
measurement of shear strength are outlined in this section. There are various
procedures available for triaxial testing, and these methods are explained
and compared in this section. However, there are basic principles used in the
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Figure 5.1 The particle structure of clay specimens compacted at various dry
densities and water contents (from Lambe, 1958; after Fredlund and
Rahardjo, 1993).

triaxial test that are common to all test procedures. The triaxial test is usually
performed on a cylindrical soil specimen enclosed in a rubber membrane,
placed in the triaxial cell. The cell is filled with water or other suitable
fluids and pressurized in order to apply a constant all-around pressure or
confining pressure. The soil specimen can be subjected to an axial stress
through a loading ram in contact with the top of the specimen.

Stage one

The application of the confining pressure is considered as the first stage in
a triaxial test. The soil specimen can either be allowed to drain (i.e. consol-
idate) during the application of the confining pressure or drainage can be
prevented. The term consolidation is used to describe the process whereby
excess pore pressures due to the applied stress are allowed to dissipate,
resulting in volume change. The consolidation process occurs subsequent
to the application of the confining pressure if the pore fluids are allowed
to drain. On the other hand, the consolidation process will not occur if
the pore fluids are maintained in an undrained condition. The consolidated
and unconsolidated conditions are used as the first criterion in categorizing
triaxial tests.

Stage two

The application of the axial stress is considered as the second stage or the
shearing stage in the triaxial test. In a conventional triaxial test, the soil
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specimen is sheared by applying a compressive stress. The total confining
pressure generally remains constant during shear. The axial stress is continu-
ously increased until a failure condition is reached. The axial stress generally
acts as the total major principal stress, �1, in the axial direction, while the
isotropic confining pressure acts as the total minor principal stress, �3, in
the lateral direction. The total intermediate principal stress, �2, is equal
to the total minor principal stress, �3 (i.e. �2 = �3). The stress conditions
associated with a consolidated drained triaxial test at pre-failure and failure
are illustrated in Figure 5.2.

The pore fluid drainage conditions during the shearing process are used
as the second criterion in categorizing triaxial tests. When the pore fluid
is allowed to flow in and out of the soil specimen during shear, the test is
referred to as a drained test. On the other hand, a test is called an undrained
test if the flow of pore fluid is prevented. The pore air and pore water phases
can have different drainage conditions during shear.

The shear strength test is performed by loading a soil specimen with
increasing applied loads until a condition of failure is reached. There are
several ways to perform the test, and there are several criteria for defining
failure. Consider a consolidated drained triaxial compression test where the
pore pressures in the soil specimen are maintained constant (Figure 5.3a).
The soil specimen is subjected to constant matric suction and is surrounded
by a constant net confining pressure, i.e. the net minor normal stress is
��3 −ua�. The specimen is failed by increasing the net axial pressure (i.e. the
net major normal stress), ��1 −ua�. The difference between the major and
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Figure 5.2 Stress conditions during a consolidated drained triaxial compression test (after
Fredlund and Rahardjo, 1993).
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Figure 5.3 Consolidated-drained triaxial compression test. (a) Applied stresses; (b)
Mohr’s circles for changes in stress state during shear (after Fredlund and
Rahardjo, 1993).

minor normal stresses, commonly referred to as the deviator stress, ��1 −�3�,
is a measure of the shear stress developed in the soil (see Figure 5.3b). As the
soil is compressed, the deviator stress increases gradually until a maximum
value is obtained, as illustrated in Figure 5.3b.

The maximum deviator stress ��1 − �3�max is an indicator of the shear
strength of the soil and has been used as a failure criterion. The net principal
stresses corresponding to failure conditions are called the net major and net
minor normal stresses at failure (i.e. ��1 −ua�f and ��3 −ua�f , respectively,
as indicated in Figure 5.3b.
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Types of tests

Various triaxial test procedures are used for unsaturated soils based upon
the drainage conditions adhered to during the first and second stages of
the triaxial test. The triaxial test methods are usually given a two-word
designation or abbreviated to a two-letter symbol. The designations are

1) consolidated drained or CD test,
2) constant water content or CW test,
3) consolidated undrained or CU test with pore pressure measurements,
4) unconsolidated undrained or UU test, and
5) unconfined compression or UC test.

In the case of CD and CU tests, the first letter refers to the drainage condi-
tion prior to shear, while the second letter refers to the drainage condition
during shear. The constant water content test is a special case where only
the pore air is kept in a drained mode, while the pore water phases is kept
undrained during shear (i.e. constant water content). The pore air and pore
water are not allowed to drain throughout the test for the undrained triax-
ial test. The unconfined compression test is a special loading condition of the
undrained triaxial test. These five testing procedures are explained in the fol-
lowing sections. The air, water, or total volume changes may or may not be
measured during shear. A summary of conventional triaxial testing conditions
used, together with the measurements performed, is given in Table 5.1.

The shear strength data obtained from triaxial tests can be analysed using
the stress state variables at failure or using the total stresses at failure
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when the pore pressures are not known. This concept is similar to the
effective stress approach and the total stress approach used in saturated soil
mechanics. In a drained test, the pore pressure is controlled at a desired
value during shear. Any excess pore pressures caused by the applied load are
dissipated by allowing the pore fluids to flow in or out of the soil specimen.
The pore pressure at failure is known since it is controlled, and the stress
state variables at failure can be used to analyse the shear strength data.
In an undrained test, the excess pore pressure due to the applied load can
build up because pore fluid flow is prevented during shear. If the changing
pore pressures during shear are measured, the pore pressures at failure are
known, and the stress state variables can be computed. However, if pore
pressure measurements are not made during undrained shear, the stress state
variables are unknown. In this case, the shear strength can only be related
to the total stress at failure.

The total stress approach should be applied in the field only for the case
where it can be assumed that the strength measured in the laboratory has rel-
evance to the drainage conditions being simulated in the field. In other words,
the applied total stress that causes failure in the soil specimen is assumed
to be the same as the applied total stress that will cause failure in the field.
The above simulation basically assumes that the stress state variables con-
trol the shear strength of the soil; however, it is possible to perform the
analysis using total stresses. It is difficult, however, to closely simulate field
loading conditions with an undrained test in the laboratory. Rapid loading
of a fine-grained soil may be assumed to be an undrained loading condition.
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Figure 5.4 Stress conditions during a consolidated-drained direct shear test (after Fredlund
and Rahardjo, 1993).



 

286 Collapse, swelling, strength and stiffness

Direct shear tests on unsaturated soils

A direct shear test apparatus basically consists of a split box, with a top
and bottom portion. The test is generally performed using a consolidated
drained procedure, as shown in Figure 5.4.

A soil specimen is placed in the direct shear box and consolidated under
a vertical normal stress, �. During consolidation, the pore air and pore
water pressures must be controlled at selected pressures. The axis-translation
technique can be used to impose a matric suction greater than 1 atm. The
direct shear test can be conducted in an air-pressurized chamber in order
to elevate the pore air pressure to a magnitude above atmospheric pressure
(i.e. 101.3 kPa). The pore water pressure can be controlled below the soil
specimen using a high air-entry disk. At the end of the consolidation process,
the soil specimen has a net vertical normal stress of ��n −ua� and a matric
suction of �ua −uw�. Shearing is achieved by horizontally displacing the top
half of the direct shear box relative to the bottom half. The soil specimen is
sheared along a horizontal plane between the top and bottom halves of the
direct shear box. The horizontal load required to shear the specimen, divided
by the nominal area of the specimen, gives the shear stress on the shear
plane. During shear, the pore air and pore water pressures are controlled
at constant values. Shear stress is increased until the soil specimen fails.
The failure plane has a shear stress designated as �f , corresponding to a net
vertical normal stress of ��f − ua�f [i.e. equal to �� − ua� at failure] and a
matric suction of �ua −uw�f [i.e. equal to �ua −uw� at failure], as illustrated
in Figure 5.4. A typical plot of shear stress versus horizontal displacement
for a direct shear test is shown in Figure 5.5.

The failure envelope can be obtained from the results of direct shear
tests without constructing the Mohr circles. The shear stress at failure, �ff ,
is plotted as the ordinate, and ��f − ua�f and �ua − uw�f are plotted as the
abscissas to give a point on the failure envelope, as shown in Figure 5.6.
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Figure 5.5 A typical shear stress versus displacement curve from a direct shear test
(from Gan, 1986; after Fredlund and Rahardjo, 1993).



 

Measurement of shear strength and shear behaviour 287

Net normal stress, (σ – ua)

c'

0 (σf – ua)f

A1
A2

A

B

C

S
he

ar
 s

tr
es

s,
 τ

Failure envelope

φb

c' + (σf – ua)f tan φ'

φ'

φ'

τff at B = c' + (σf – ua)f tan φ'
 + (ua – uw)fB  tan φb

M
at

ric
 su

cti
on

, (
u a 

– u w
)

~~

(u a
 – u w

) fC
 

(u a
 – u w

) fB

(u a 
– u w

) fA

φb
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A line joining points of equal magnitude of ��f −ua�f determines the �b

angle (e.g. a line joining points A, B and C in Figure 5.6). Similarly, a
line can be drawn through the points of equal �ua −uw�f to give the angle
of internal friction, �′ (e.g. a line drawn through points A1� A2 and A).
Details of the extended Mohr–Coulomb failure theory [see Equation (5.1)]
will be discussed later.

The direct shear test is particularly useful for testing unsaturated soils due
to the short drainage path in the specimen. The low coefficient of perme-
ability of unsaturated soils results in ‘times to failure’ in triaxial tests which
can be excessive. Other problems associated with testing unsaturated soils
in a direct shear apparatus are similar to those common to saturated soils
(e.g. stress concentrations, definition of the failure plane, and the rotation
of principal stresses).

A new simple system for measuring volume
changes of unsaturated soils in the triaxial cell
(Ng et al., 2002a)

Introduction

Accurate measurement of total volume changes in an unsaturated soil
specimen is vital but it is much more difficult and complicated than
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the same measurement on a saturated soil specimen. In a saturated soil,
the total volume change of the soil specimen is generally assumed to be
equal to the change in the water volume (assuming water is incompress-
ible), and it can be relatively easy to measure with a volume gauge. In
an unsaturated soil, however, the total volume change generally com-
prises two components: changes in the volume of the air and changes
in the volume of the water in the void spaces. Geiser et al. (2000)
summarized some existing methods for measuring volume change in
unsaturated soil specimens and classified them into the following three
broad categories:

1. measurement of the cell fluid,
2. measurement of the air and water volumes separately, and
3. direct measurement of the soil specimen.

For the first category, a volume change in a soil specimen is recorded by
measuring the volume change in the confining cell fluid. This method is
simple to set up and use. A standard triaxial apparatus can be used if it
is carefully calibrated. However, several problems are usually encountered
using this method such as expansion–contraction of the cell wall, connecting
tubes, and cell fluid because of pressure and temperature variations, creep
under pressure, and possible water leakage. The accuracy of the cell fluid
measuring method depends on the quality of the calibrations, which are
extremely difficult to perform accurately for this category of the measuring
method.

To minimize the effects of expansion–compression of the cell and volume
change in the cell fluid, Bishop and Donald (1961) developed a modified
triaxial cell, which included an additional inner cylindrical cell sealed to the
outer cell base (i.e. a double cell). Mercury was used as the cell fluid in the
lower part of the inner cell.

Another double-wall triaxial apparatus developed by Wheeler (1986) dif-
fered from the set-up of Bishop and Donald (1961) in that the inner cell
was sealed at both ends and both the inner and outer cells were filled
completely with water. Equal cell pressures were applied to the inner and
outer cells to avoid expansion of inner acrylic cells. The volume change
in the soil specimen was measured by monitoring the flow of the water
into or out of the inner cell with a burette system connected to a differ-
ential pressure transducer (DPT) or a volume-change device. The electrical
readouts of the volume change were transformed for automatic data acqui-
sition and feedback. Careful calibrations were carried out to correct any
apparent volume change caused by cell pressure application (as a result of
compression of the cell fluid, slight flexure of the top plate, and expan-
sion of the connecting tubes), water absorption by the acrylic cell wall, and
ram displacement (Sivakumar, 1993). This system has been used in many
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triaxial tests of unsaturated soils. There are some limitations of this method,
however, caused by:

• possible time delay between the application of pressure to the inner and
outer cell,

• slight flexure in the top plate of the inner cell that is not completely
surrounded by the outer cell, and

• the inner cell has to be assembled in a large water reservoir to ensure
complete de-airing of the cell.

For the second category of measuring systems, it is generally accepted that
accurate measurement of air volume change is rather difficult because the
volume of air is very sensitive to variations in the atmospheric pressure
and ambient temperature, and undetectable air leakage through the tubes
and connections and air diffusion through the rubber membrane cannot be
avoided (Geiser, 1999). Therefore, the second method classified by Geiser
et al. (2000) (i.e. direct measurement of air and water volume changes)
would be troublesome and impractical in the triaxial testing of unsatu-
rated soils.

In the third category of measuring systems is the measurement of the
total volume change using local displacement transducers, which are directly
mounted on the specimen (Chiu, 2001; Ng and Chiu, 2001), to measure the
local vertical and radial deformations of soil specimens. This approach is
best suited to small deformation tests and requires a fairly rigid specimen.

In this section, a new simple, open-ended, bottle-shaped inner cell is
introduced, explained, and calibrated for measuring total volume changes in
unsaturated soil specimens. Various measures have been taken to improve
the accuracy of the system. The calibrated results of this system are compared
with those of other existing devices and discussed.

The design of a total volume change measuring system

The basic principle of the measuring system introduced in this paper is that
the overall volume change in an unsaturated–saturated specimen is measured
by recording the differential pressures between the water inside the open-
ended, bottle-shaped inner cell and the water inside a reference tube using a
high-accuracy DPT. Details of the measuring system are shown in Figures 5.7
and 5.8. In the outer cell of the triaxial apparatus, the aluminum inner
cell is sealed onto a pedestal. The high-accuracy DPT is connected to the
inner cell and to a reference tube to record changes in differential pressures
between the water-pressure change inside the inner cell due to a volume
change in the specimen and the constant water pressure in the reference
tube. The system is developed in a large Bishop and Wesley (1975) type
triaxial stress-path cell, which normally accommodates 100-mm diameter
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Figure 5.7 A new total volume measuring system for triaxial testing of unsaturated
soils (after Ng et al., 2002a).

specimens, so that enough space is provided for the inner cell and reference
tube. After the installation of the inner cell and the reference tube, the
triaxial apparatus can accommodate only 38-mm diameter specimens.

The system has been licensed by Hong Kong University of Science and
Technology (HKUST) to GDS Instruments Ltd. This commercially available
system is shown in Figure 5.9.

To improve the accuracy and sensitivity of the total volume change mea-
suring system, the following important steps were taken:
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Figure 5.8 Calibration system for the volume change measuring system. All dimensions
are in millimetres. DPT is the differential pressure transducer (after Ng et al.,
2002a).

Figure 5.9 (a) The HKUST volume change system fitted to a stress path cell, (b) inner
cell machined from a single block of acrylic polymer (permission of GDS
Instruments Ltd).
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(1) The inner cell is designed to be open-ended and bottle-shaped. At the
bottle neck, the inner diameter is slightly (10 mm) larger than the diame-
ter of the loading ram. During a test, a change in water level take places
only within the bottle neck. Thus, the measurement of the water level
inside the inner cell due to any volume change in the specimen becomes
more sensitive because of its small cross-sectional area �314mm2� at the
bottle neck.

(2) The open-ended design at the top of the inner cell ensures that
an identical pressure can be applied to both the inner and outer
cells, hence eliminating any expansion–compression of the inner cell
caused by pressure differences between the inner and outer cells.
This is different from the system described by Wheeler (1986) and
Sivakumar (1993).

(3) The material used in the inner cell wall is aluminum, which generally
exhibits relatively negligible creep and hysteretic effects compared with
acrylic materials. It is also generally recognized that water absorption
by an aluminum cell wall is much less than that of an acrylic cell wall.

(4) A high-accuracy DPT (Druck LPM9381) is adopted. This DPT gives
bidirectional measurements ranging from −1 to 1 kPa (−100 to 100 mm
of water head at 20 �C), an accuracy (including non-linearity, hysteresis,
and repeatability) better than 0.1 per cent full-scale (i.e. readable to
0.1 mm), and a long-term stability of less than 0.1 per cent full-scale
per annum. Therefore, the estimated accuracy of the volume change
measuring system is on the order of 31	4mm3 (i.e. 314mm2 ×0	1mm) if
other potential errors are not accounted for (discussed later in the paper).
For a specimen 38 mm in diameter and 76 mm in height, this estimated
accuracy is equivalent to 0.04 per cent of the volumetric strain.

(5) To minimize the potential expansion–compression of various connecting
tubes due to application of cell pressure, bronze tubes are used.

(6) De-aired water is used inside the inner cell and the reference tube and a
thin layer of paraffin is added to the surface of both the inner cell and
the reference tube to minimize evaporation of the water and slow down
the rate of air diffusion into the water as suggested by Sivakumar (1993).

(7) To reduce diffusion, two layers of membrane sandwiching a layer of
greased tin foil are used to seal the specimen. A number of slots are cut
in the foil to reduce any reinforcing effects on the soil specimen.

(8) The reference tube is fixed onto the inner cell wall so that the tube
moves together with the inner cell, which is fixed on the bottom pedestal,
during tests. Thus, no calibration is needed for the effects of the pedestal
movement on the volume-change measurement. Of course, the apparent
volume change due to the relative movement of the loading ram inside
the inner cell is calibrated.

(9) The internal diameter of the reference tube is enlarged at the top so that
its cross-sectional area becomes the same as that at the neck part of the
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inner cell, thus the evaporation from the water in the reference tube is
identical to that in the inner cell. Also, the enlarged area can reduce
the change in the reference water level resulting from a change of cell
pressure.

Calibration of the volume change measuring system

Calibration for the differential pressure transducer

The DPT in the system can detect only changes in water level (i.e. water
pressure) inside the inner cell relative to the reference water level. A calibra-
tion factor (CF) is needed to relate the measured differential water pressure
by the DPT to the overall volume change in the specimen. This calibrated
factor is associated only with the cross-sectional area at the bottle neck of
the inner cell and thus it can be calibrated directly in conjunction with the
entire system.

Calibration for apparent volume change

Regardless of how precise the design of the total volume change measuring
system, several practical issues remain problematic, such as changes in cell
pressure, fluctuations in the ambient temperature, possible creep in the inner
cell wall, the hysteresis effect of water flow and possible water leakage
through the membranes. All these issues could result in the measurement of
an apparent volume change rather than of the actual volume change in a
specimen. Therefore, calibrations were performed to investigate any possible
apparent volume change of a specimen.

Calibration for relative movement of the loading ram in the inner cell

Since the inner cell is fixed onto the bottom pedestal (see Figure 5.7), the
inner cell moves up vertically together with the bottom pedestal during
a shearing test. Thus, a relative movement occurs between the inner cell
and the fixed upper loading ram. Since the loading ram is partially sub-
merged in the inner cell water, any relative movement between the inner
cell and the loading ram will displace cell water and hence result in a rise
of water level in the inner cell, which is not caused by the actual vol-
ume change in a specimen and must be accounted for in the total volume
measurements.

Summary and conclusions

(1) A new and simple total volume measuring system was developed for
triaxial tests on unsaturated and saturated soils. The overall volume
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change of a specimen is measured by recording the change of differential
pressures between the pressure inside an open-ended, bottle-shaped inner
cell and a constant pressure inside a reference tube using a high-accuracy
differential pressure transducer. Any volume change in a soil specimen
will result in a change in the water level inside the inner cell.

(2) To improve the accuracy of the measuring system, an open-ended inner
cell was designed to ensure that identical pressure can be applied to
both the outer and the inner cells and hence to eliminate expansion–
compression of the inner cell caused by pressure differences between the
outer and inner cells.

(3) To increase the sensitivity of the measuring system, a bottle-shaped
inner cell was designed. At the bottle neck, the inner diameter is only a
slightly (10 mm) larger than the diameter of the loading ram. This greatly
increases the sensitivity of the system because of the small cross-sectional
area �314mm2� at the bottle neck.

(4) In the newly developed system, all the apparent volumetric strains due
to changes in the cell pressure, fluctuations in the ambient temperature,
and creep of the membranes and the inner cell wall are smaller than
those in other similar measuring systems described in the literature.

(5) It has been verified that the CF of the system is fairly linear, reversible,
and slightly dependent on the cell pressures once the apparent volume
changes due to changes in cell pressure, fluctuations in the ambient
temperature, creep of membranes and inner cell wall, and relative move-
ments of the loading ram and the inner cell are properly calibrated and
corrected. It is believed that the estimated resolution of the measuring
system is on the order of 32mm3 (or 0.04 per cent volumetric strain for
a triaxial specimen 38 mm in diameter and 76 mm in height).

Comparisons of axis-translation and osmotic
techniques for shear testing of unsaturated soils
(Ng et al., 2007)

Introduction

Suction plays a significant role in unsaturated soils. To study unsaturated
soil behaviour in laboratory and field tests, suction control or measurement
is an essential issue. Generally suction in unsaturated soils can be divided
into matric suction and osmotic suction. The matric suction, �ua − uw�, is
defined as the difference between pore air pressure, ua, and pore water
pressure, uw. The effect of matric suction on unsaturated soil behaviour is
mostly concerned. Therefore, the term ‘suction’ is simply taken to mean
matric suction henceforth. The axis-translation technique (Hilf, 1956) and
the osmotic technique (Zur, 1966) are generally used to control suction in
laboratory testing of unsaturated soils.
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Hilf (1956) introduced the axis-translation technique of elevating values
of total stress and pore air pressure to increase pore water pressure in
order to prevent cavitation in drainage system. This technique provides a
method of measuring pore water pressure in laboratory without altering soil
structure. Subsequently, this method has been widely used to measure or
control matric suction in unsaturated soil testing.

The majority of experimental results about unsaturated soils have been
obtained by the application of axis-translation technique. The validity of
axis-translation technique lays on an assumption of two independent stress
state variables for unsaturated soils (Fredlund and Morgenstern, 1977),
whereas only limited experimental evidence in literature is available to sup-
port this validity. Bishop and Blight (1963) investigated the effect of axis-
translation technique on measured shear strength by conducting unconfined
triaxial compression tests on a compacted Selset clay and a compacted Taly-
bont clay. The experiments showed that the measured shear strength was
not affected by the application of axis-translation technique. However, the
authors did not provide complete information about the specimen char-
acteristics, especially about degree of saturation, which is regarded as an
indicator of continuity of air phase in unsaturated soils. Therefore, consid-
eration should be given to the state of air phase in unsaturated soils when
using these experiments to verify the axis-translation technique. The null
tests of Tarantino and Mongiovi (2000a) verified the axis-translation tech-
nique for the case where air phase is continuous. The null tests of Fredlund
and Morgenstern (1977) confirmed the validity of axis-translation tech-
nique at high degree of saturation (the range from 0.833 to 0.95 with one
exception of 0.759), where air phase is believed to be occluded (Juca and
Frydman, 1995). The analysis of Bocking and Fredlund (1980), however,
suggested that the axis-translation technique is no longer valid when air
phase in unsaturated soil is occluded. Thus, the validity of axis-translation
technique is controversial for the case where air phase is occluded. Fur-
thermore, since cavitation of pore water is hindered in the axis-translation
technique, elevation of pore air pressure may alter desaturation mechanism
of soils (Dineen and Burland, 1995). It is then fundamental to understand
whether experimental results obtained by using the axis-translation tech-
nique can be extrapolated to unsaturated soils under atmospheric conditions
in the field.

An alternative suction control method is the osmotic technique. Delage
et al. (1998) reported that this technique was initially developed by biologists
(Lagerwerff et al., 1961) and then adopted by soil scientists (Zur, 1966). In
geotechnical testing, this application was successfully adapted in oedometer
(Kassif and Ben Shalom, 1971; Dineen and Burland, 1995), hollow cylinder
triaxial apparatus (Komornik et al., 1980), and standard triaxial apparatus
(Cui and Delage, 1996).
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In the osmotic technique, suction in an unsaturated soil specimen is con-
trolled by a difference of solute concentration between the specimen and
an osmotic solution, which are separated by a semi-permeable membrane.
The membrane is permeable to water and ions in the soil but impermeable
to large solute molecules and soil particles (Zur, 1966). Energy analysis of
water on both sides of the membrane by Zur (1966) indicated that matric
suction in the soil specimen should be equal to osmotic pressure of the
solution. Polyethylene glycol (PEG) is the most commonly used solute in
biological, agricultural, and geotechnical testing for its safety and simplicity.
The value of osmotic pressure depends on the concentration of solution:
the higher the concentration, the higher is the osmotic pressure. The maxi-
mum value of osmotic pressure for PEG solution was reported to be above
10 MPa (Delage et al., 1998).

Tarantino and Mongiovi (2000a) believed that osmotic technique is more
suitable for investigating the behaviour of clays and silty clays especially in
the range of transition from saturation to the state where air and water are
both continuous. In addition, the air pressure around the sample remains
atmospheric, similar to actual conditions in the field.

Since the applied suction in osmotic technique is equal to osmotic pressure
of PEG solution, calibration between osmotic pressure and concentration
of PEG solution is essential. However, the relationship between osmotic
pressure and concentration of PEG solution is founded to be affected sig-
nificantly by calibration method (Dineen and Burland, 1995; Slatter et al.,
2000). Thus, Dineen and Burland (1995) suggested the need for direct mea-
suring negative pore water pressure in soil specimen when using osmotic
technique. Furthermore, an evaluation on the performance of three different
semi-permeable membranes by Tarantino and Mongiovi (2000b) indicated
that all membranes experienced a chemical breakdown as the osmotic pres-
sure of PEG solution exceeded a threshold value, which was found to depend
on the type of membrane. Beyond this value, solute molecules were no
longer retained by the semi-permeable membrane and passed into the soil
specimen, with a reduction of concentration gradient and resulting decay of
soil suction.

If unsaturated soil behaviour is governed by two independent stress vari-
ables, i.e. net normal stress �� −ua� and suction �ua −uw�, not by component
stresses, there should be no difference in test results obtained by using
axis-translation and osmotic techniques when the applied net stress and
suction are the same. However, sparse experimental comparison between
these two techniques is available especially in terms of shear testing. Zur
(1966) found that for a sandy loam, gravimetric soil–water characteris-
tic curve (SWCC) obtained by using these two techniques showed a good
agreement, however for a clay, equilibrium water content obtained by using
axis-translation technique was higher than that obtained by using osmotic
technique under the same applied nominal suction. Zur (1966) related this
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observed difference to test period, suggesting that 2 days were not suffi-
cient for suction equilibrium in axis-translation technique. When the test
period for suction equilibrium was extended to 3 days, better agreement
was achieved. However, Williams and Shaykewich (1969) found that even
when the suction equilibrium period was extended to more than 10 days
in axis-translation technique, equilibrium water content obtained by using
axis-translation technique was still slightly higher than that obtained by
using osmotic technique for a clay. As far as the authors are aware, the com-
parison between these two techniques in terms of shear testing has not been
investigated, despite the importance of shear strength in engineering prac-
tice. Therefore, it is necessary to investigate any difference in axis-translation
and osmotic techniques for shear testing of unsaturated soils.

To investigate any difference in axis-translation and osmotic techniques
for testing of unsaturated soils, a collaborative research was carried out
at the HKUST and the Ecole Nationale des Ponts et Chaussees (ENPC).
In this research, three series of unsaturated triaxial shear tests were con-
ducted on a recompacted expansive soil with an initial degree of saturation
of 82 per cent. Two of these series were performed at HKUST using the
axis-translation technique and the osmotic technique. Another series was
performed at ENPC using the osmotic technique and the results were firstly
presented by Mao et al. (2002). In the series using the axis-translation
technique at HKUST, single-stage testing procedure and multi-stage testing
procedure were compared to investigate the influence of these two testing
methods on shear testing. In both series using osmotic technique at HKUST
and ENPC, test results were compared to study the reliability of osmotic
technique. The test results using axis-translation technique and osmotic
technique were compared in an attempt to investigate any difference in
axis-translation and osmotic techniques for shear testing of the expansive
soil at high degree of saturation. It should be noted that the test results
were interpreted by using the extended Mohr–Coulomb failure theory [see
Equation (5.1)] which will be discussed later.

Testing equipment

At HKUST, two different testing systems with the application of axis-
translation technique and osmotic technique were used to conduct triaxial
shear tests on the unsaturated expansive soil sample.

In the system using axis-translation technique, a triaxial apparatus
equipped with two water pressure controllers and two pneumatic controllers
was used. Suction was applied to a specimen through one water pressure
controller and one air pressure controller. Pore water pressure was applied
at the base of the specimen through a ceramic disc with an air-entry value of
500 kPa. Pore air pressure was applied at the top of the specimen through a
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sintered copper filter. A double-cell measurement system was used to mea-
sure total volume change of the specimen. Details of this testing system are
described by Ng et al. (2002a).

The system using the osmotic technique at HKUST is similar to that
used at ENPC except that there was no direct measurement of total volume
changes for specimens at HKUST during testing. However, dimensions of
the specimens tested at HKUST were measured after shearing and then
volume changes were back-calculated. In the osmotic technique at HKUST
and ENPC, suction was applied to specimens through two pieces of semi-
permeable membrane, which were kept in contact with the top and bottom
surfaces of the specimens. Details of the triaxial testing system using the
osmotic technique are described by Cui and Delage (1996).

Osmotic technique in this study involved a Spectra/Por@ 2 Regenerated
Cellulose dialysis membrane with a value of 12,000–14,000 Da MWCO
(Molecular Weight Cut Off). The corresponding PEG has a value of
20,000 Da MWCO.

Testing material and specimen preparation

An expansive soil from Zao-Yang (ZY) at about 400 km far from Wuhan
in China was used in this study. It is composed of 49 per cent clay, 44
per cent silt and 7 per cent sand. It has a liquid limit of 68 per cent and
a plastic limit of 29 per cent. The clay fraction is of 60 per cent kaolinite,
20–30 per cent montmorillonite and 10–20 per cent illite. According to the
USCS classification, the soil can be described as a clay of high plasticity
(Wang, 2000).

A drying SWCC of this expansive clay is shown in Figure 5.10, which
was obtained from four identical specimens under zero vertical stress in a
volumetric pressure plate extractor (Wang, 2000). The details about these
specimens can be found in Table 5.2. As the solid line in Figure 5.10, the
equation of Fredlund and Xing (1994) is used to fit the measured data.
The air-entry value is obtained by extending the constant slope portion of
the curve to intersect suction axis at saturated state. The corresponding
value of suction is taken as the air-entry suction value of this soil. This
estimated air entry value is 60 kPa. The gentle gradient of the SWCC implies
a high water storage potential of this expansive soil, which enables the soil
to maintain a high degree of saturation within a large range of suction.

For triaxial tests, the soil was first dried in an oven of a temperature
about 40–50 �C, then ground in a mortar with a pestle and passed through
a 2-mm sieve. De-aired water was carefully sprayed layer by layer to reach
a final water content of 30.3 per cent. After keeping the soil–water mixture
in a sealed plastic bag for moisture equalization for 24 h, the soil was static
ally recompacted in a cylindrical mould of 38 mm in diameter and 76 mm in
height. Compaction was performed at a rate of 0.3 mm/min in three layers
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Figure 5.10 SWCC of recompacted ZY expansive soil (after Wang, 2000; Ng et al., 2007).

of 25.3 mm high to ensure good homogeneity (Cui and Delage, 1996). The
final dry density was about 1	36g/cm3. Soil suction was measured by a
tensiometer on an identical specimen, showing that the initial suction of
these specimens was 62 kPa. The initial characteristics of the specimens are

Table 5.2 The testing conditions for the soil test specimens using
the AS technique (Ng et al., 2007)
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Table 5.3 The testing conditions for the soil test specimens using
the OS technique (Ng et al., 2007)

presented in Tables 5.2 and 5.3 for the triaxial tests using axis-translation
technique and osmotic technique, respectively.

Testing programme

All triaxial shear tests were consolidated type under a constant applied
suction. The test series using the axis-translation technique include five
single-stage tests and two multi-stage tests (refer to Table 5.2). For spec-
imen identification used in Table 5.2, letter ‘A’ denotes axis-translation
technique, ‘S’ denotes single-stage test, and ‘M’ denotes multi-stage test. The
applied suction ranged from 0 to 100 kPa and net confining pressure ranged
from 25 to 100 kPa. The multi-stage tests can maximize shear strength
information from one specimen and assist in eliminating the effect of soil
variability between specimens (Ho and Fredlund, 1982). Both series using
the osmotic technique at HKUST and ENPC are single-stage tests, and the
testing conditions are presented in Table 5.3. For specimen identification
used in Table 5.3, letter ‘o’ denotes osmotic technique, ‘H’ denotes tests per-
formed at HKUST, and ‘E’ denotes tests performed at ENPC. The applied
suction ranged from 0 to 165 kPa and net confining pressure ranged from
25 to 100 kPa.

Testing procedures

In the test series using the axis-translation technique, a specimen was firstly
equalized at a desired suction under a mean net stress of 10 kPa. Suction
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equalization was terminated when the variation of water content was within
0.05 per cent/day. The duration for this suction equilibrium procedure
ranged from 4 to 9 days while the applied suction ranged from 0 to 100 kPa
(Table 5.2). Thereafter, the specimen was subjected to isotropic consoli-
dation at the constant suction. This stage of consolidation was terminated
when the rate of change of water content was less than 0.05 per cent/day.
This stage lasted from 3 to 9 days while the net confining pressure ranged
from 25 to 100 kPa. After consolidation, the specimen was sheared at a
constant rate under the constant net confining pressure and suction. Two
types of shearing procedures, i.e. single-stage shearing and multi-stage shear-
ing, were carried out. In a single-stage shearing procedure, the specimen
was sheared directly to failure after initial consolidation. The multi-stage
shearing procedure consisted of three stages. The net confining pressure
was varied from one stage to another while the suction was maintained
constant. In each stage of the multi-stage shearing procedure, each loading
stage commenced from a condition of zero deviator stress, which is called
cyclic loading procedure (Ho and Fredlund, 1982). To ensure drained con-
dition, shearing was performed at a constant rate of 3	07×10−5 per cent/s.
This rate was lower than the shearing rate of 4	39×10−5 per cent/s used at
ENPC (Mao et al., 2002), considering that longer drainage path (Le. single
drainage) was used in the application of axis-translation technique. For the
single-stage shearing, the duration was about 8 days and for multi-stage
shearing, the duration was about 16 days.

In the series using the osmotic technique at HKUST, suction was equal-
ized by water interchange between the specimen and a PEG solution with
a desired concentration under a mean net stress of 10 kPa. After suction
equalization, the specimen was consolidated under a constant net confining
pressure. The criteria to terminate suction equalization and consolidation
were the same with those adopted in the series using axis-translation tech-
nique. The duration for suction equilibrium ranged from 5 to 11 days
for suction range from 0 to 165 kPa, whereas duration for consolidation
ranged from 3 to 7 days for net confining pressure range from 25 to
100 kPa (Table 5.3). When the consolidation stage was completed, the speci-
men was sheared to failure at a constant rate of 3	07 × 10−5 per cent/s
under the same constant net confining pressure and suction. The shear-
ing rate was the same as the one adopted in the tests using the axis-
translation technique but it was slower than that adopted in the series
using osmotic technique in ENPC (Mao et al., 2002). In the application
of osmotic technique, pore air pressure was maintained at the atmos-
pheric pressure during the whole triaxial testing. To ensure performance of
the semi-permeable membrane, inspections of the membrane were carried
out before and after test following a method described by Tarantino and
Mongiovi (2000a). In the inspections, the semi-permeable membranes were
first clamped on top cap and base in triaxial apparatus, and then a negative
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water pressure was applied below the membranes. Therefore, possible
breaks in the membranes can be detected by ingress of air through the mem-
branes. All the triaxial tests performed at HKUST were under a temperature
of 20±1�C.

In the test series using the osmotic technique at ENPC, specimens were
first wrapped by a semi-permeable membrane and kept in a PEG solutions
for 5–6 days to reach desired suctions. Then they were put in triaxial cell for
3 days to reach equilibrium under desired suctions and confining pressures.
Shearing was performed at a constant rate of 4	39×10−5 per cent/s. Details
of the test procedures are described by Mao et al. (2002).

Test results from using axis-translation technique

Although multi-stage tests can maximize shear strength information from
one specimen, it may be useful to verify this shearing method with a single-
stage test result. Figure 5.11 presents the relationships between deviator
stress, q = ��1 − �3�, and axial strain, 
a, during shearing for one multi-
stage test (AM1) and two single-stage tests (AS2 and AS3). These three tests
were performed under a suctions of 100 kPa. For the multi-stage test AM1
in three stages, net confining pressures, p′, were 25, 50 and 100 kPa. For
single-stage tests AS2 and AS3, the net confining pressures were 50 and
100 kPa.

As shown in Figure 5.11, the first stage of test AM1 shows a stiffer
behaviour than tests AS2 and AS3 at the start of shearing. However, stress–
train relationship at the second stage of test AMI is consistent with that of
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Figure 5.11 Stress–strain relationships of multi-stage and single-stage triaxial tests using
the axis-translation technique with s = 100 kPa (Ng et al., 2007).
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the single-stage test AS2, which is under the same net confining pressure of
50 kPa. The stress–strain relationship at the third stage of multi-stage test
is almost identical to that of the single-stage test AS3, which is under the
same net confining pressure of 100 kPa. This comparison illustrates that the
stress–strain relationships for multi-stage tests at different stages coincide
to those of the corresponding single-stage tests, which are under the same
suction and net confining pressure.

The stress points at failure are plotted in Figure 5.12 where

s′ =
(

�1 +�3

2

)
−ua and t =

(�1 −�3

2

)
�

This figure shows that the shear strengths obtained from single-stage tests
are consistent with those obtained from multi-stage tests under the same
suction and net confining pressure (e.g. the variations of shear strength for
the specimens AS1, AS2 and AS3 are 2.6, 4 and 2.2 per cent respectively,
as compared with the corresponding multi-stage tests).

For this triaxial test series, the internal friction angle, �′, ranges from 19.3
to 20	8� for suction range from 0 to 100 kPa, and the average value is 20	0�.
By assuming a constant friction angle of 20�, the failure lines for this series
fit well with the test results (see Figure 5.12). The increasing intercepts on
the t axis indicate that apparent cohesion increases with suction.
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Figure 5.12 Comparison of strength between multi-stage and single-stage triaxial tests
using the axis-translation technique (Ng et al., 2007).
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At saturated state (i.e. zero suction), there appears to be a small intercept
of 19.6 kPa on the t axis when the failure envelop is extended linearly to
zero value of s. To demonstrate whether this apparent intercept is attributed
to a true cohesion, a soaking test without any stress applied was performed
on a specimen compacted to the same initial state as the specimens used
in the triaxial tests. It was found that the specimen collapsed completely
while assessing to water. It indicates that no true cohesion is present in
the recompacted specimen. Hence, the apparent intercept is likely due to
experimental error or the failure envelope is curved within the range of
small stress (see Figure 5.12).

Test results from using osmotic technique

The stress points at failure from using the osmotic technique at HKUST and
ENPC are plotted in Figure 5.13. Under the same net confining pressure and
suction, tests OH4 and OE3 exhibit similar shear strength. The comparison
between tests OHS and OE6 shows the same conclusion. The consistency
of the results from HKUST and ENPC confirms the reliability of osmotic
technique. The tests at HKUST and ENPC are regarded as one test series
using the osmotic technique henceforth.

For this test series, the internal friction angle, �′, ranges from 19	5�

to 20	8� for suction ranges from 0 to 165 kPa, and the average value is
20	2�. Again, by assuming a constant friction angle of 20�, the failure lines
for this series fit well with the test results, as shown in Figure 5.13. The
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Figure 5.13 Comparison of strength of the triaxial tests performed at ENPC and HKUST
using the osmotic technique (Ng et al., 2007).
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increasing intercepts on the t axis indicate that apparent cohesion increases
with suction. Similar to the results from using the axis-translation technique,
at saturated state, there also appears a small intercept of 19.4 kPa on the t
axis when the failure envelop is extended linearly to zero value of s. Previous
analysis exhibited that this apparent intercept is likely due to experimental
error or the failure envelope is curved within the range of small stress (see
Figure 5.13).

Comparison between test results from axis-translation
and osmotic techniques

Both test series using the axis-translation and osmotic techniques can be
approximated by an internal friction angle of 20�. It indicates that there
is no difference in determining internal friction angle when using the axis-
translation technique and the osmotic technique for testing this material.

In the view of the results of soaking test, it is believed that no true cohesion
is present in the recompacted specimens. Thus, apparent cohesions due to
suction can be calculated from intersects on the t axis at different suctions
subtracting the intersect at saturated state. The data of apparent cohesion
at different suctions are plotted in Figure 5.14a. For the test series using
the axis-translation technique, the relation curve shows a linear increase of
shear strength with suction within the suction range from 0 to 100 kPa.
For the test series using the osmotic technique, a non-linear increase of
shear strength with suction is observed within the suction range from 0 to
165 kPa. In the test series using the axis-translation technique, apparent
cohesion due to suction is consistently larger than that in the test series
using the osmotic technique. The value of �b at different suctions can be
calculated from the cohesion versus suction curve in Figure 5.14a and its
variation with suction is shown in Figure 5.14b. At zero suction, �b may
be assumed equal to the saturated friction angle, �′ (i.e. 20�) (Gan and
Fredlund, 1996). As shown in Figure 5.14b, in the test series using the
axis-translation technique, �b is slightly larger than that in the test series
using the osmotic technique by 2�–3� when suction is larger than zero. The
larger �b indicates that the tests using the axis-translation technique exhibit
a larger suction effect on shear strength as compared with that using the
osmotic technique. Inspecting specific volume at failure in the tests under
net confining pressure of 100 kPa (refer to Figure 5.15), it is found that the
specimens in the test series using the axis-translation technique have lower
values than those using the osmotic technique at different suctions. Perhaps
the smaller specific volume at failure induced a larger shear strength and
then the tests using the axis-translation technique exhibited a larger values
of �b. However, reason for smaller specific volume in the tests using the
axis-translation technique is not clear yet.
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variation in �b angle with suction (Ng et al., 2007).

Summary

In the application of osmotic technique, relationship between osmotic pres-
sure and concentration of PEG solution is of importance. Different cali-
bration methods lead to different calibrated relationships between osmotic
pressure and concentration of PEG solution. The main difference comes
from whether a semi-permeable membrane is used in calibration.



 

Measurement of shear strength and shear behaviour 307

Axis-translation technique
Osmotic technique

S
pe

ci
fic

 v
ol

um
e

2.00

1.90

1.80

1.70

1.60

1.50
0 50 100 150 200

Matric suction (kPa)

OE2
OH2 OH4

OE3
OH5AM1

AM2
AS5 AS1

AS3

Figure 5.15 Specific volume at failure in the tests with a net confining pressure of
100 kPa (Ng et al., 2007).

For the recompacted expansive clay used in this research, comparison
of the results of single-stage and multi-stage tests indicated that these two
testing methods provide consistent shear strength information. The consis-
tency of the results from using the osmotic technique at HKUST and ENPC
showed the reliability of osmotic technique.

Based on the extended Mohr–Coulomb shear strength formulation, com-
parison of the results using the axis-translation technique and the osmotic
technique showed that there is no difference in determining internal fric-
tion angle �′. However, the values of �b in the test series using the axis-
translation technique are slightly larger than those in the test series using
the osmotic technique by 2�–3�. Perhaps the larger values of �b are due
to smaller values of specific volume at failure in the tests using the axis-
translation technique. However, reason for the smaller specific volume in
the tests using the axis-translation technique is not clear yet.

Extended Mohr–Coulomb failure criterion
(Fredlund and Rahardjo, 1993)

Introduction

The shear strength of an unsaturated soil can be formulated in terms of inde-
pendent stress state variables (Fredlund et al., 1978). Any two of the three
possible stress state variables can be used for the shear strength equation.
The stress state variables, �� −ua� and �ua −uw�, have been shown to be the
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most advantageous combination for practice. Using these stress variables,
the shear strength equation is written as follows:

�f = c′ + �� −ua�f tan �′ + �ua −uw�f tan �b (5.1)

where
c′ = intercept of the ‘extended’ Mohr–Coulomb failure envelope on the
shear stress axis where the net normal stress and the matric suction at failure
are equal to zero; it is also referred to as ‘effective cohesion’
�� −ua�f = net normal stress
ua = pore air pressure
uw = pore water pressure
� = normal total stress
�′ = angle of internal friction associated with the net normal stress state
variable, �� −ua�f
�ua −uw�f = matric suction at failure
�b = angle indicating the rate of increase in shear strength relative to the
matric suction, �ua −uw�f .

The shear strength equation for an unsaturated soil exhibits a smooth
transition to the shear strength equation for a saturated soil. As the soil
approaches saturation, the pore water pressure, uw, approaches the pore
air pressure, ua, and the matric suction, �ua −uw�, goes to zero. The matric
suction component vanishes, and Equation (5.1) reverts to the equation for
a saturated soil:

�f = c′ + �� −uw�f tan �′ (5.2)

The failure envelope for a saturated soil is obtained by plotting a series of
Mohr circles corresponding to failure conditions on a two-dimensional plot,
as shown previously. The line tangent to the Mohr circles is called the failure
envelope, as described by Equation (5.2). In the case of an unsaturated soil,
the Mohr circles corresponding to failure conditions can be plotted in a
three-dimensional manner, as illustrated in Figure 5.16.

The three-dimensional plot has the shear stress, �, as the ordinate and the
two stress state variables, �� −ua� and �ua −uw�, as abscissas. The frontal
plane represents a saturated soil where the matric suction is zero. On the
frontal plane, the �� − ua� axis reverts to the �� − uw� axis since the pore
air pressure becomes equal to the pore water pressure at saturation. Thus it
can be seen that a saturated soil is just a special case of an unsaturated soil.

The Mohr circles for an unsaturated soil are plotted with respect to the
net normal stress axis, �� − ua�, in the same manner as the Mohr circles
are plotted for saturated soils with respect to effective stress axis, �� −uw�.
However, the location of the Mohr circle plot in the third dimension



 

Measurement of shear strength and shear behaviour 309

Net normal stress, (σ – ua)0

S
he

ar
 s

tr
es

s,
 τ

c'

c'

Extended Mohr–Coulomb
failure envelope

(ua – uw)f  tan φb

M
at

ric
 su

cti
on

 (u
a 
– u w

)

~

φb

φ'

φb

φ'

Figure 5.16 Extended Mohr–Coulomb failure envelope for unsaturated soils (after Fred-
lund and Rahardjo, 1993).

is a function of the matric suction (Figure 5.16). The surface tangent to
the Mohr circles at failure is referred to as the extended Mohr–Coulomb
failure envelope for unsaturated soils. The extended Mohr–Coulomb failure
envelope defines the shear strength of an unsaturated soil. The intersection
line between the extended Mohr–Coulomb failure envelope and the frontal
plane is the failure envelope for the saturated condition.

The inclination of the theoretical failure plane is defined by joining the
tangent point on the Mohr circle to the pole point. The tangent point on
the Mohr circle at failure represents the stress state on the failure plane at
failure.

Clearly, the extended Mohr–Coulomb failure envelope is idealized as a
planar surface. In reality, the failure envelope is somewhat curved (Gan and
Fredlund, 1996).

Figure 5.16 shows a planar failure envelope that intersects the shear stress
axis, giving a cohesion intercept, c′. The envelope has slope angles of �′ and
�b with respect to the �� −ua� and �ua −uw� axes, respectively. Both angles
are assumed to be constants. The cohesion intercept, c′, and the slope angles,
�′ and �b, are the strength parameters used to relate the shear strength to the
stress state variables. The shear strength parameters represent many factors
are density, void ratio, degree of saturation, mineral composition, stress
history and strain rate. In other words, these factors have been combined
and expressed mathematically in the strength parameters.
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The mechanical behaviour of an unsaturated soil is affected differently
by changes in net normal stress than by changes in matric suction (Jennings
and Burland, 1962). The increase in shear strength due to an increase in
net normal stress is characterized by the friction angle, �′. On the other
hand, the increase in shear strength caused by an increase in matric suction
is described by the angle, �b. The value of �b is consistently equal to or less
than �′, as indicated for soils from various geographic locations as shown
in Table 5.4.

The failure envelope intersects the shear stress versus matric suction plane
along a line of intercepts, as illustrated in Figure 5.17.

The line of intercepts indicates an increase in strength as matric suction
increases. In other words, the shear strength increase with respect to an
increase in matric suction is defined by the angle, �b. The equation for the
line of intercepts is as follows:

c = c′ + �ua −uw�f tan �b (5.3)
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where
c′ = intercept of the extended Mohr–Coulomb failure envelope with the
shear stress axis at a specific matric suction, �ua −uw�f , and zero net normal
stress; it can be referred to as the ‘total cohesion intercept’.

Relationships between �b and �

Bishop (1959) proposed a shear strength equation for unsaturated soils
which had the following form:

�f = c′ + ��� −ua�f −� �ua −uw�f tan�′ (5.4)

where
� = a parameter related to the degree of saturation of the soil.

Let us assume that the shear strength computed using Equation (5.1) can
be made to be equal to the shear strength given by Equation (5.4). Then it
is possible to illustrate the relationship between tan�b and � as:

�ua −uw�f tan �b = � �ua −uw�f tan �′ (5.5)
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It is then possible to solve for the parameter, � as follows:

� = tan �b

tan �′ (5.6)

A graphical comparison between the �b representation of strength and the
� representation of strength [i.e. Equation (5.4)] is shown in Figure 5.18.

Using the �b method, the increase in shear strength due to matric suction
is represented as an upward translation from the saturated failure envelope.
The magnitude of the upward translation is equal to

[
�ua −uw�f tan�b

]
f

(i.e. point A in Figure 5.18). In this case, the failure envelope for the unsat-
urated soil is viewed as a third-dimension extension of the failure envelope
for the saturated soil. On the other hand, the � parameter method uses
the same failure envelope for saturated and unsaturated conditions. Matric
suction is assumed to produce an increase in the net normal stress. This
increase is a fraction of the matric suction at failure (i.e. � �ua −uw�f�. The
shear strength at point A using the �b method is equivalent to the shear
strength at point A′ in the � parameter method, as depicted in Figure 5.18.

Theoretically, only one � value is obtained from Equation (5.6) for a
particular soil when the failure envelope is planar. A planar failure envelope
uses one value of �′ and one value of �b. If the failure envelope is bilinear
with respect to the �b, there will be two values for �. A � value equal to
1.0 corresponds to the condition where �b is equal to �′. A � value less
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Figure 5.18 Comparisons of the �b and � methods of designating shear strength
(after Fredlund and Rahardjo, 1993).
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than 1.0 corresponds to the condition when �b is less than �′. For envelopes
which are highly curved with respect to matric suction, there will be various
� values corresponding to different matric suctions.

The � parameter has commonly been correlated with the degree of satu-
ration of the soil. Unfortunately, the � value has sometimes been obtained
from shear strength tests on soil specimens compacted at different water
contents. The different initial compacted water contents may have been
used to give varying initial matric suctions. However, the soil specimens
compacted at different water contents do not represent an ‘identical’ soil.
As a result, the � values obtained from specimens compacted at different
water contents are essentially obtained from different soils. The �b and �
relationship in Equation (5.6) applies only to initially ‘identical’ soils. These
may be soils compacted at the same water content to the same dry density.
The � parameter need not be unique for both shear strength and volume
change problems. The � relationship given in Equation (5.6) is only appli-
cable to the evaluation of the shear strength of the soil. From a practical
engineering standpoint, it would appear to be better to use the �� −ua� and
�ua −uw� stress state variables in an independent manner for designating the
shear strength of an unsaturated soil.

The relationship of the unsaturated soil shear
strength to the soil–water characteristic curve
(Fredlund et al., 1996)

Introduction

Laboratory studies have shown that there is a relationship between the
soil–water characteristic curve and the unsaturated soil properties (Fredlund
and Rahardjo, 1993). Several models have been proposed to empirically
predict the permeability function for an unsaturated soil from the soil–water
characteristic curve by using the saturated coefficient of permeability as the
starting value (Fredlund et al., 1994). The following provides engineers with
a means of estimating the shear strength function for an unsaturated soil
from a soil–water characteristic curve by using the saturated shear strength
parameters as the starting values.

Soil–water characteristic curve

The soil–water characteristic curve for a soil is defined as the relationship
between water content and suction. The water content variable (i.e. vol-
umetric water content, gravimetric water content, or degree of satura-
tion) defines the amount of water contained in the pores of the soil. The
variable has often been used in a dimensionless form where the water
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content is referenced to a residual or zero water content and is defined as
follows:

� = � −�r

�s −�r
(5.7)

where
� = volumetric water content at any suction (or ��ua −uw�),
�s = volumetric water content at saturation,
�r = volumetric water content at residual conditions, and
� = normalized volumetric water content. When the reference volumetric
water content, �r is taken as being zero, � = �/�s.

The suction may be either the matric suction, �ua − uw�, or total suction
(matric plus osmotic suction) of the soil. At high suctions (e.g. > 3�000kPa),
matric suction and total suction are generally assumed to be essentially
the same.

The total suction corresponding to zero water content appears to be essen-
tially the same for all type of soils. A value slightly below 1,000,000 kPa
has been experimentally supported for a variety of soils (Croney and
Coleman, 1961; Russam and Coleman, 1961; Fredlund, 1964). The value
is also supported by thermodynamic considerations (Richards, 1965). In
other words, there is a maximum total suction value corresponding to
a zero relative humidity in any porous medium. A general equation
describing the soil–water characteristic curve over the entire suction range
(i.e. 0–1,000,000 kPa) is given by Fredlund and Xing (1994):

� = �s

⎡
⎢⎢⎣1−

ln
(

1+ �

�r

)

ln
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1+ 1�000�000
�r

)
⎤
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⎪⎪⎩

1

ln
[
e+

(
�

a

)n]
⎫⎪⎪⎬
⎪⎪⎭

m

(5.8)

where
� = total soil suction (kPa),
e = natural number, 2.71825..,
�r = total suction (kPa) corresponding to the residual water content, �r,
a = a soil parameter that is related to the air-entry value of the soil (kPa),
n = a soil parameter that controls the slope at the inflection point in the
soil–water characteristic curve, and
m = a soil parameter that is related to the residual water content of the soil.

The parameters, a, n and m, in Equation (5.8) can be determined using a
non-linear regression procedure outlined by Fredlund and Xing (1994). The
residual water content, �r, is assumed to be zero. The normalized (volumetric
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or gravimetric) water content when referenced to zero water content is equal
to the degree of saturation, S, provided the total volume change is negligible
(Fredlund et al., 1994).

The shear strength of a soil is a function of matric suction, as it goes
from the saturated condition to an unsaturated condition. In turn, the water
content is a function of matric suction. Equation (5.8) can be expressed in
terms of the matric suction of the soil:

� = �s

⎧⎪⎪⎨
⎪⎪⎩

1−
ln
[
1+ �ua −uw�

�ua −uw�r

]

ln
[
1+ 1�000�000

�ua −uw�r

]
⎫⎪⎪⎬
⎪⎪⎭

×

⎧⎪⎪⎨
⎪⎪⎩

1

ln
[
e+

(
�ua −uw�

a

)n]
⎫⎪⎪⎬
⎪⎪⎭

m

(5.9)

where �ua −uw�r = matric suction corresponding to the residual water con-
tent, �r.

A model for the shear strength function for
unsaturated soils

The contribution of matric suction to the shear strength of an unsaturated
soil can be assumed to be proportional to the product of matric suction,
�ua −uw�, and the normalized area of water, aw, at a particular stress state
(Fredlund et al., 1995a):

� = aw �ua −uw� tan �′ (5.10)

where
aw = Adw/Atw,
Adw = area of water corresponding to any degree of saturation and
Atw = total area of water at saturation.

The normalized area of water, aw, decreases as the matric suction increases.
The chain rule of differentiation on Equation (5.10) shows that there are
two components of shear strength change associated with a change in matric
suction.

d� = tan �′ �awd �ua −uw�+ �ua −uw�daw (5.11)

The normalized area of water in the soil, aw, may be assumed to be propor-
tional to the normalized volumetric water content at a particular suction
value by applying Green’s theorem (Fung, 1977) (i.e. ��ua −uw), which is
equal to ��ua −uw�/�s. The normalized area of water can be defined by the
following equation:

aw = �� �ua −uw�� (5.12)
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where
� �ua −uw� = normalized water content as a function of matric suction, and
� = a soil parameter dependent upon the soil type.

Then, substituting Equation (5.12) into Equation (5.11) gives

d� = tan �′
{

�� �ua −uw�� +� �ua −uw�

×
[
� �ua −uw��−1 d� �ua −uw�

]}
d �ua −uw� (5.13)

The normalized volumetric water content, ��ua − uw�, is defined by the
soil–water characteristic function and can be obtained from Equation (5.9).
In other words, Equation (5.10) can be used to predict the shear strength
function of an unsaturated soil using the soil–water characteristic curve and
the saturated shear strength parameters.

Referring now to the fundamental equation for shear strength of unsatu-
rated soil:

� = c′ + ��n −ua� tan �′ + �ua −uw� tan �b (5.14)

Equation (5.14) can be written in a different form as follows:

� = c′ + ��n −ua� tan �′ + �ua −uw� �� �ua −uw�� tan � (5.15)

This equation is found by substituting Equation (5.12) into Equations (5.10)
and (5.14). The simple form of Equation (5.15) now allows for the easy
substitution of a normalized soil–water characteristic curve.

Comparison of model to example data

Consider two different soils, soil 1 and soil 2, shown in Figure 5.19. The
soil–water characteristic curves are typical of a medium-grained sand and
a fine-grained sand, respectively. Soil 1 has an effective cohesion of 0 kPa,
an effective angle of internal friction of 32	0�, and an air-entry value of
20 kPa. Soil 2 has an effective cohesion of 0 kPa, an effective angle of
internal friction of 25	0�, and an air-entry value of 60 kPa. The predicted
shear strength curves for soil 1 and soil 2 using Equation (5.15) are shown
in Figure 5.20. It can be seen that the shear strength of both soils increases
linearly at the rate of tan�′ up to the air-entry values of the soils. Beyond
the air entry values, the rate of change of shear strength with matric
suction decreases. The change in shear strength with respect to suction is
in accordance with Equation (5.14).
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Figure 5.19 Two sample soil–water characteristic curves from Equation (5.7) (after
Fredlund et al., 1996).
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Figure 5.20 Predicted shear strength curves using Equation (5.15) and the soil–water
characteristic curves in Figure 5.19 (after Fredlund et al., 1996).

The shapes of the shear strength curves with respect to matric suction are
similar to those measured by Donald (1956). Donald’s test results for several
sands are shown in Figure 5.21. In each case, the shear strength increases
with suction and then drops off to a lower value. A similar behaviour was
observed in the testing of a fine- to medium-grained decomposed tuff from
Hong Kong (Figure 5.22). The results indicate that at low confining pres-
sures the shear strength may increase and then start to fall with increasing
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Figure 5.21 Results of direct shear tests on sands under low matric suctions (modified
from Donald, 1956; after Fredlund et al., 1996).
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Figure 5.22 Peak shear stress versus matric suction envelope for the completely decom-
posed fine ash tuff (after Fredlund et al., 1996; Gan and Fredlund, 1996).

suction. At higher confining pressures the shear strength shows a continu-
ing rise in strength with increasing suction. These results also illustrate the
importance of applying an appropriate confining pressure to the soil when
measuring the soil–water characteristic curve.
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It should be noted that the unsaturated �b term may be expressed as:

tan �b = d�

d �ua −uw�
= ��� �ua −uw�� +� �ua −uw�

× �� �ua −uw��−1 d� �ua −uw�
}

tan �′ (5.16)

The ratio between the two parameters (i.e. �′ and �b can be shown as a
function of the normalized water content as follows:

�= tan �b

tan �′ =
{
�� �ua −uw�� +� �ua −uw�×�� �ua −uw��−1 d� �ua −uw�

}

(5.17)

Equations (5.16) and (5.17) show that the angle �b is equal to the effec-
tive angle of internal friction, �′, up to the air-entry value of the soil
(i.e. ��ua −uw� equal to 1). Beyond the air-entry value, �b decreases as the
matric suction increases (Figure 5.22). This is in agreement with experimen-
tal observations (Gan et al., 1988).

Equation (5.15) has been tested using experimental data from a com-
pletely decomposed tuff from Hong Kong (Gan and Fredlund, 1992). A
best-fit soil–water characteristic curve using Equation (5.9) is found by
using a curve-fitting program to match the measured water contents at
various matric suction values (Figure 5.23). The shear strength function
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Figure 5.23 Soil–water characteristic curve for a completely decomposed tuff (spec-
imen US-1) from Hong Kong; experimental values (from Gan and
Fredlund, 1992) and calculations using Equation (5.9) (after Fredlund
et al., 1996).
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is calculated from Equation (5.14). The predicted shear strength values,
along with the measured shear strength values are shown in Figure 5.24.
The parameters used in the model are listed in Table 5.5. The value of
the soil parameter, �, was set to 1 for the prediction. The model with �
equal to 1, appears to give satisfactory predictions for sandy soils. The value
of � generally increases with the plasticity of the soil and can be greater
than 1.0.

The value of � affects the rate at which the angle decreases as the matric
suction exceeds the air-entry value of the soil. The effect of � on the shear
strength function of a soil with a soil–water characteristic curve defined
in Figures 5.25 and 5.26 is shown in Figure 5.27. The values of � are in
the range from 1.0 to 3.0. The influence of � on the shape of the shear
strength function occurs once the air-entry value of the soil is exceeded.
In the example shown, a value of � equal to 2.0 shows that the shear
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Figure 5.24 Comparisons of the predicted shear strength curve with the experimen-
tal shear strength data for the completely decomposed tuff (specimen
US-1) from Hong Kong (from Gan and Fredlund, 1992; after Fredlund
et al., 1996).
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Figure 5.25 The normalized soil–water characteristic curve over the entire range of
suction values (after Fredlund et al., 1996).
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Figure 5.26 Effect of the parameter, �, on the shear strength function of a soil; the
soil–water characteristic curve of the soil (after Fredlund et al., 1996).

strength envelope becomes essentially horizontal shortly after the air-entry
value is exceeded. The variable � can be visualized as an indication of the
relationship between the volumetric representation of water in the voids and
the area representation of water in the voids, as represented by an unbiased
plane passed through the soil mass.
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Figure 5.27 Effect of the parameter, �, on the shear strength function of a soil; the
shear strength function showing the effect of varying � (after Fredlund
et al., 1996).

Closed-form solutions

Closed-form solutions for shear strength functions are developed for two
cases, using the empirical equations proposed by McKee and Bumb (1984)
and Brooks and Corey (1964), respectively.

The following exponential relationship for the soil–water characteristic
curve given in Equation (5.18) is suggested by McKee and Bumb (1984) for
the case where the suction is greater than the air-entry value (i.e. �ua −uw� ≥
�ua −uw�b). A sample plot of the equation proposed by McKee and Bumb
(1984) can be seen in Figure 5.28.

� = e−��ua−uw �−�ua−uw �b/f (5.18)

where
�ua −uw�b = air-entry value (also known as the bubbling pressure), and
f = fitting parameter.

Equation (5.18) describes the soil–water characteristic curve for suction
values greater than the air-entry value. The normalized volumetric water
content, �, is assumed to be constant in the range from zero soil suction
to the air-entry value of the soil. For simplicity, the soil parameter, �, was
assumed to be equal to 1. Substituting Equation (5.18) into Equation (5.14)
gives the closed-form equation:

� = c′ + ��n −ua� tan �′ + (e−��ua−uw �−�ua−uw �b/f
)�

�ua −uw� tan �′ (5.19)
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Figure 5.28 A sample plot of the McKee and Bumb equation (1984) (after Fredlund
et al., 1996).
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Figure 5.29 Shear strength function predicted using the McKee and Bumb equa-
tion (1984); illustrating the effect of varying the air-entry value (after
Fredlund et al., 1996).

Sample plots of Equation (5.19) showing the effect of varying the air-entry
value and f parameter are shown in Figures 5.29 and 5.30, respectively.

The soil–water characteristic curve given by Brooks and Corey (1964) can
be expressed in the following form in Equation (5.20) for the case where
the suction is greater than the air-entry value (i.e. �ua −uw� ≥ �ua −uw�AEV).
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Figure 5.30 Shear strength function predicted using the McKee and Bumb equa-
tion (1984); illustrating the effect of varying the f parameter (after
Fredlund et al., 1996).

� =
[

�ua −uw�AEV

�ua −uw�

]f ′

(5.20)

where
�ua −uw�AEV = air-entry value, and
f ′ = fitting parameter.

Equation (5.20) is valid for matric suctions greater than the air-entry value
(i.e. the value of � is assumed to be a constant up to the air-entry value). A
sample plot of Equation (5.20) can be seen in Figure 5.31.

Substituting Equation (5.20) into Equation (5.14) gives

� = c′ + ��n −ua� tan �′ +
[

�ua −uw�AEV

�ua −uw�

]f ′

�ua −uw� tan �′ (5.21)

Sample plots using Equation (5.21) with varying f ′ and air-entry values
are shown in Figures. 5.32 and 5.33, respectively. The parameters f
and f ′ appear to have similar effects on the shear strength function
(Figures 5.30, 5.33) as the parameter � (Figure 5.27). The param-
eters f and f ′ can therefore be expressed in terms of the parame-
ter �, thus eliminating one additional parameter from Equations (5.19)
and (5.21).



 

Measurement of shear strength and shear behaviour 325

1.0

0.9

0.8

0.7

0.6

0.5

0.4

0.3

0.2

0.1

0

Suction (kPa)

S
he

ar
 s

tr
en

gt
h 

(k
P

a)

Air entry value = 10
f ' = 0.3

0 50 100 150 200

Figure 5.31 A sample soil–water characteristic curve using the Brooks and Cory
equation (1964).
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Figure 5.32 Shear strength equation using the Books and Corey equation (1964) for
the soil–water characteristic curve and illustrating the effects of varying
the air-entry value (after Fredlund et al., 1996).

Alternate solution to the general shear strength equation
for an unsaturated soil

The experimental data used to illustrate the use of Equation (5.15) were
from a sandy soil (a decomposed tuff from Hong Kong). The data set
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Figure 5.33 Shear strength equation using the Books and Corey equation (1964) for
the soil–water characteristic curve and illustrating the effects of varying
the f parameter (after Fredlund et al., 1996).

showed a good fit with the parameter � set equal to 1. However, for highly
plastic soils, the parameter � is greater than 1. At present, its magnitude is
an unknown variable.

Attempts to best-fit other data sets have shown that it is possible to always
leave the variable K at 1.0 but change the upper limit of integration to
reflect the soil suction near residual conditions. Unfortunately, the best-fit
of the shear strength data often occurs when the residual conditions vary
from those used in the best-fit of the soil–water characteristic curve. In other
words, there may not be a common residual suction value for both the
soil–water characteristic data and the shear strength data.

More data sets are required, along with further best-fit regression analyses,
in order to better understand how best to predict the shear strength of an
unsaturated soil.

Effects of soil suction on dilatancy of an unsaturated
soil (Ng and Zhou, 2005)

Introduction

Soil behaviour is strongly influenced by dilatancy and so it is an impor-
tant and essential component in elasto-plastic modelling of soils (refer to
Chapter 7). Dilatancy in saturated soils has been studied for many years. It
is fairly well understood. On the other hand, due to the complexity and long
duration of testing unsaturated soils, fundamental understanding of the role
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of dilatancy in unsaturated soils is rather limited. Most of existing unsat-
urated constitutive models treat dilatancy using an assumption or deriving
it from assumed yield surfaces with associated or non-associated flow rules
(Alonso et al., 1990; Wheeler and Sivakumar, 1995). Recently Chiu and
Ng (2003) have introduced state-dependent dilatancy in their elasto-plastic
model. However, relatively very limited and reliable laboratory data are
available for verifying assumptions and calibrating constitutive relationships
for unsaturated soils.

Cui and Delage (1996) performed three series of unsaturated triaxial
tests on compacted silt under an osmotically controlled-suction technique.
Their test results obtained at mean constant stress ratio �� = q/p = 1� at
constant cell pressure under various suctions are shown in Figures 5.34a
and b, respectively. A summary of the notation used in this book is given
in Appendix B. Based on the results shown in Figure 5.34a, they drew two
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Figure 5.34 Effect of suction on dilatancy of silt under (a) constant stress ratio �� = 1�
and (b) constant cell pressure �	3 = 200kPa� (after Cui and Delage,
1996; Ng and Zhou, 2005).
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conclusions: first, the ratio between plastic volumetric strain to plastic shear
strain d


p
v/d


p
s (also called the ‘flow rule’) is independent of suction; second,

the final value of d

p
v/d


p
s is equal to 1. For constant cell pressure cases

(Figure 5.34b), they interpreted their data by separating these curves into
two segments, i.e. one segment with small slope gradients for low � values
and the other one with large slope gradients for higher � values. Based on
a volumetric criterion, they claimed that the � values at intersection points
of these two segments corresponded to yield points. They also claimed that
in the plastic zone beyond the intersection points, the gradient of these
slopes are independent of suction, thus a linear and suction-independent
stress–dilatancy relationship is derived.

Recently Chiu (2001) and Chiu and Ng (2003) have investigated stress–
dilatancy of a decomposed volcanic soil and a decomposed granitic soil using
a computer-controlled traixial apparatus. Figure 5.35 shows experimen-
tal relationships of dilatancy �d


p
v/d


p
s � and normalized stress ratio ��/M�

obtained by shearing decomposed volcanic soil specimens using constant
water content stress paths where M is the gradient of the critical state line
(CSL). Details of the extended critical state framework for unsaturated soils
are given in Chapter 7.

Following the same approach proposed by Cui and Delage (1996), no
distinct yield point can be identified. At high stress ratios, the experimental
data formed two groups according to their suction values. If an average
line is drawn through these two groups of data at �/M = 0	8 or higher,
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Figure 5.35 Stress dilatancy relationship for specimens of decomposed volcanic soil
under constant water content stress paths (after Chiu, 2001; Ng and
Zhou, 2005).
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the gradients of these two fitted lines may be assumed to be parallel. This
implies that the dilatancy rate with respect to �/M is independent of suction.

Here, a series of five laboratory tests on a compacted completely decom-
posed granite (CDG) were carried out in a suction-controlled direct shear
box. Five suctions varying from 0 to 400 kPa were considered. Effects of
soil suction on the evolution of dilatancy, stress dilatancy relationship, and
maximum dilatancy are investigated.

Soil type and test procedures

The soil used in the experiment was sieved CDG from Beacon Hill (BH),
Hong Kong. Based on visual inspection, the BH soil was a coarse-grained
sand with 22 per cent silt and 2 per cent clay. The soil was sieved into
its constituent particle sizes. Dry sieving was performed and particles
larger than 2 mm were discarded in the tests. Index properties were deter-
mined in accordance with BS1337 (BSI, 1990). The material has a liquid
limit, wL = 44 per cent, and a plastic limit, wP = 16 per cent. Accord-
ing to Proctor compaction test results, the maximum dry density was
1845kg/m3, and the optimum water content was 14.2 per cent. The
drying SWCC for the CDG is shown in Figure 5.36. Also included
in this figure is a drying SWCC of a silty soil from Nishimura and
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Figure 5.36 SWCCs of two soils (after Ng and Zhou, 2005).
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Fredlund (2000). Air entry and residual suction values were determined
using an equation proposed by Fredlund and Xing (1994) and are sum-
marized in Table 5.6. The major difference between the two SWCCs is
that the silt has a steeper SWCC than CDG does. This indicates that
the silt has a more uniform particle size distribution than that of CDG.
Any relationship between the SWCCs and shear test results are discussed
later.

An unsaturated direct shear apparatus was used to carry out a series of
unsaturated soil tests. The apparatus was originally developed by Gan et al.
(1988) and modified by Zhan (2003) in order to facilitate the measurements
of water volume change automatically and accurately. The axis translation
technique was utilized to control pore air and pore water pressures applied
to a soil specimen.

A series of five unsaturated direct shear box tests on recompacted
CDG were conducted at various controlled suctions. Specimen with 50 ×
50 × 21mm3 (length×width×height) was used in the tests. Each speci-
men was prepared by static compaction technique and compacted at the
optimum water content of 14.2 per cent. The compacted initial dry den-
sity was 1	53g/cm3, corresponding to 82.7 per cent of the maximum dry
density.

After static compaction, each specimen was placed in the chamber of
the unsaturated shear box equipped with a high air-entry value of 500 kPa
ceramic disk, which was saturated according to the procedure proposed by
Fredlund and Rahardjo (1993). Then the specimen was soaked under zero
total vertical stress over 24 h as illustrated in the path A → O in Figure 5.37.
Then the specimen was loaded along path O → B to a constant vertical
normal stress ��v −ua� of 50 kPa, where �v is total vertical stress and ua is
pore air pressure. Subsequently, pore air pressure was applied at the top of
the specimen step up step while maintaining zero pore water pressure at the
base of the specimen till a target air pressure was reached. Once the target
air pressure was reached, suction equalization was monitored by recoding
changes of water volume. When the change of water volume was less than
0.01 per cent of initial water content, this suction equalization stage was
terminated. Then shearing was carried out at a constant suction (i.e. along
paths �B → B′� C → C ′� D → D′� E → E′ and F → F ′).
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Discussion of test results

Evolution of dilatancy during shear

Figures 5.38a and b show the relationships of stress ratio ��/��v −ua�� and
dilatancy versus horizontal displacement ��x� respectively. In the figure, dila-
tancy is defined as the ratio ��y/�x� of incremental vertical displacement ��y�
to incremental horizontal displacement. Negative sign (or negative dilatancy)
means expansive behaviour. In Figure 5.38a, it can be seen that at zero
suction and suctions of 10 and 50 kPa, the stress ratio–displacement curve
displayed strain hardening behaviour. With an increase in suction, strain
softening behaviour was observed at suctions of 200 and 400 kPa. Gener-
ally, measured peak and ultimate stress ratios increased with suction, except
the ultimate stress ratio measured at suction of 200 kPa. These test results
are consistent with existing elasto-plastic models (e.g. Alonso et al., 1990;
Wheeler and Sivakumar, 1995; Chiu and Ng, 2003) for unsaturated soils.

Figure 5.38b shows the effects of suction on dilatancy of CDG in the direct
shear box tests. Under the saturated conditions, the soil specimen showed con-
tractive behaviour (i.e. positive dilatancy). On the other hand, under unsatu-
rated conditions, all soil specimens displayed contractive behaviour initially
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Figure 5.38 Evolution of stress ratio and dilatancy of CDG subjected to shear under
different controlled suctions (after Ng and Zhou, 2005).
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but then dilative behaviour as horizontal displacement continued to increase.
The measured maximum negative dilatancy was enhanced by an increase
in suction. This measured trend was consistent with test results on a com-
pacted silt reported by Cui and Delage (1996). The increase in maximum
negative dilatancy was likely attributed to a closer particle packing (i.e. a
smaller void ratio) under a higher suction. At the end of each test, dilatancy of
all specimens approached zero, indicating the attainment of the critical state.

An interesting phenomenon observed in Figure 5.38 was that strain hard-
ening was recorded at suctions of 10 and 50 kPa as soil dilated. A maximum
negative dilatancy at the latter test did not lead to strain softening behaviour.
Another phenomenon observed was that when controlled suctions were
equal to 200 and 400 kPa, strain softening was observed (see Figure 5.38a).
However, the measured peak stress ratio in each test did not correspond
with its maximum negative dilatancy (see Figure 5.38b). This feature was
not consistent with a common assumption in constitutive modelling that
the point of peak strength was usually associated with the peak negative
dilatancy in saturated granular materials (Bolton, 1986).

Stress–dilatancy relationship

Figure 5.39 shows the measured stress–dilatancy relationships in the five
tests. At low stress ratios (i.e. 0.2 or smaller), positive dilatancy was observed
for all specimens. The soil contracted initially during shear. As the stress
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Figure 5.39 Experimental stress–dilatancy relationship (after Ng and Zhou, 2005).
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ratios increased, negative dilatancy was measured in all unsaturated soil
specimens. Obviously there was a phase transformation from positive to
negative dilatancy as stress ratio increased. It is evident that the stress ratio
corresponding to a maximum negative dilatancy increased with soil suc-
tion. As shearing continued, all the unsaturated soil specimens reached or
approached zero dilation (i.e. critical state) at the end of each test. At
the critical state, the measured stress ratio increased with suction, except
at suction equal to 200 kPa. This measured trend is consistent with test
results published by Cui and Delage (1996) and Chiu (2001) as shown in
Figures 5.34 and 5.35, respectively. It should be pointed out in Figure 5.39
that a distinct loop was observed in tests with suctions equal to 50 kPa or
higher. This implies that a state-dependent dilatancy soil model (Chiu and
Ng, 2003) is necessary to capture this type of soil behaviour.

Maximum dilatancy

Figure 5.40 shows relationships of maximum dilatancy and controlled suc-
tions for the CDG specimens. From comparisons, experimental data from
unsaturated shear box tests on a silt from Nishimura (2000) are reinter-
preted and included in the figure. Also included in this figure are the air-entry
values and the residual suction values of these two soils. Their soil–water
characteristic curves (SWCCs) are given in Figure 5.36.

As illustrated in Figure 5.40, maximum dilatancy of CDG decreases
(i.e. more negative or dilative) with an increase in suction, i.e. the soil dilates
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Figure 5.40 Relationship between maximum dilatancy and suction (after Ng and
Zhou, 2005).
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more at a higher suction. The relationship between maximum dilatancy and
suction is highly non-linear. On the contrary, maximum dilatancy of the
silt published by Nishimura (2000) increases (i.e. more contractive) linearly
with suction. The major difference in the observed maximum dilatancy–
suction relationships of these two soils is likely attributed to the difference
in their initial soil densities (i.e. void ratios). The CDG and the silty soil
have an initial dry density of 1.53 and 1	27 g/cm3, respectively. Therefore,
it is not surprising to observe that CDG is more dilative than the silt for a
given suction. By comparing the absolute values of the maximum dilatancy
of these two soils, variations in the magnitude of the maximum dilatancy
are relatively larger in CDG than that in the silt for a given change of soil
suctions. In addition to the difference in the initial soil density, the com-
pressibility of CDG is relatively large as compared with other silty soils
because of the presence of crushable feldspar (Ng et al., 2004). Therefore,
for a given increase in soil suctions, it is believed that CDG has undergone a
larger reduction in void ratio than that in the silt, resulting in the measured
larger absolute maximum dilatancy.

SWCC of a soil has been proposed and used to predict shear strength and
many other properties of unsaturated soils (Vanapalli et al., 1996). Since
the shear strength of a soil is closely related to its dilatancy, it is interesting
to explore any correlation between the SWCCs of CDG and the silt and
their corresponding maximum dilatancy. Based on the limited data shown
in Figures 5.34 and 5.38, it is very difficult, if not impossible, to draw any
conclusion between measured maximum dilatancy and the SWCCs.

Summary and conclusions

A series of consolidated drained shear tests were carried out on compacted
CDG to investigate the effects of suction on shear behaviour and dila-
tancy. Measured stress ratio corresponding to a maximum negative dilatancy
increased with soil suction. The measured peak stress ratio in each test did
not correspond with its maximum negative dilatancy. Maximum dilatancy of
CDG was strongly dependent on suction and soil density. The maximum dila-
tancy decreased (i.e. more negative or dilative) with an increase in suction,
i.e. the soil dilated more at a higher suction. The relationship between maxi-
mum dilatancy and suction was highly non-linear. State-dependent flow rules
are essential and vital for modelling unsaturated soils properly and correctly.

Behaviour of a loosely compacted unsaturated
volcanic soil (Ng and Chiu, 2001)

Introduction

Many studies of loose materials reported in the literature have been focused
on clean sands. These studies show that saturated loose clean sands can
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exhibit a significant strain softening response during undrained shear. This
may lead to so-called ‘static liquefaction’ (Sladen et al., 1985; Ishihara, 1993;
Sasitharan et al., 1993; Yamamuro and Lade, 1997). Most fill materials are
not clean sands. They are mainly decomposed granitic and volcanic soils
that contain some quantity of fines. Recently, Yamamuro and Lade (1998)
have shown that sand specimens with a certain amount of fines exhibit the
reverse behaviour as compared with that from clean sands. This reverse
behaviour is interpreted as the static liquefaction of the loose silty sands
at low confining pressures with an increasing tendency of dilatancy with
increasing confining pressure.

Testing program and procedures

Introduction

Three series of stress path triaxial tests were conducted in this study, and they
are summarized in Table 5.7. The first series entailed consolidated undrained
tests on saturated specimens. These tests established reference points from
which to interpret the test results of the unsaturated specimens. The second
series of tests were constant water content tests on the unsaturated specimens
with suction measurements. In the constant water content test, the soil
specimen is sheared under a drained condition in the pore air phase and
under an undrained condition in the pore water phase. As the permeability
of air is much greater than that of water in unsaturated soils, the drainage
conditions of the constant water content tests may represent those of a
slope element subjected to a fast shearing rate, like the conditions in static
liquefaction. The last series of tests were shear tests under a constant deviator
stress with a decreasing suction on the unsaturated specimens. They were
used to simulate the stress path of a slope element subjected to rainfall
infiltration (Brand, 1981). The testing conditions are given in Table 5.8.
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The soil used in this study was a colluvium taken from a fill slope on
Victoria Peak, Hong Kong. The colluvium was created from decomposed
volcanic soil. The index properties were determined in accordance with
the procedures given in BS1337 [British Standards Institution (BSI) 1990].
The particle size distribution of this decomposed volcanic soil is shown in
Table 5.9 along with the distributions of four other soils for comparison.
The decomposed volcanic soil can be described as slightly sandy silt (GCO,
1988). Proctor compaction tests determined the maximum dry density of
1�540kg/m3 at the optimal moisture content of 21 per cent. Its liquid and
plastic limits are 48 and 35 per cent, respectively.

All the triaxial specimens were 76 mm in diameter and 152 mm high and
were prepared by wet tamping at a moisture content of 20 per cent to ensure
that each one had the same soil fabric and structure. All specimens were
compacted to a dry density of 70 per cent of the Proctor maximum, which
corresponds to a specific volume v of 2.468 and a degree of saturation
Sr of 36 per cent.

In the saturated specimen tests, the specimens were saturated by creating
a vacuum of 15 kPa to evacuate air bubbles, followed by a carbon dioxide
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flush for at least 1 h, after which, de-aired water was slowly introduced
from the bottom of the specimens. Back pressure was used until the 5-value
achieved a minimum value of 0.97. After saturation, consolidation was
started and followed by shearing at a constant rate of strain. The stress
path of an isotropically consolidated undrained test on a saturated specimen
is denoted as O–A–B–C–D in Figure 5.41, where O–A–B is the wetting
path during saturation of an initially unsaturated specimen, and B–C and

p

C

B

H
G

D

J

F

E

A

I

O

K

s

q

Figure 5.41 Various stress paths for tests on decomposed volcanic soil (after Ng and
Chiu, 2001).



 

Measurement of shear strength and shear behaviour 339

C–D are the stress paths for isotropic consolidation and undrained shear,
respectively.

In the unsaturated specimen tests, a computer-controlled triaxial stress
path apparatus equipped with three water pressure controllers and one air
pressure controller was used. Suction was applied to the specimens through
one pore water and one pore air pressure controllers. Pore water pressure
was applied or measured at the base of the specimen through a porous filter,
which had an air-entry value of 500 kPa. Positive pore water pressures were
maintained by using the axis translation principle proposed by Hilf (1956).
Pore air pressure was applied at the top of the specimen through a filter with
a low air-entry value. During the constant water content test, no drainage
of the pore water was permitted. As a result, the variation of suction during
shear was measured from the difference between the positive pore water
pressure at the bottom of the specimen and the constantly applied pore air
pressure at the top of the specimen. The volume change of the unsaturated
specimen was determined by two methods. Under small strains, the volume
change was calculated from the axial and radial strains measured by a Hall
effect local transducer (Clayton et al., 1989). When the volumetric strain
exceeded the measuring limit of the local transducer, the volume change was
measured by monitoring the flow of water into or out of the triaxial cell. A
metallic cell wall was used instead of a Perspex one in order to minimize the
deformation of the cell wall. The calibration of compliance for the metallic
cell wall and the experimental set-up are given by Chiu (2001).

In the beginning, unsaturated specimens were controlled at initial suc-
tions of 80 and 150 kPa by following wetting paths O–A–H and O–A
(Figure 5.41), respectively. Then, eight soil specimens (ui1 to ui8) were
isotropically consolidated to the net mean stresses given in Table 5.8 at
a constant suction (H–I and A–E in Figure 5.41). After consolidation,
these specimens were sheared at a constant water content (I–J and E–K).
Four other soil specimens (ua1 to ua4) were anisotropically consolidated
at a constant stress ratio �q/p� of 1.5 under constant suction of 150 kPa
�O–A–E–F � where

p = �1 +�2 +�3

3
−ua and q = �1 −�3	

After consolidation, these specimens were sheared under a constant deviator
stress with a decreasing suction �F –G�.

Behaviour of isotropically consolidated saturated
decomposed volcanic soil

Initially unsaturated specimens during saturation

During saturation of the initially unsaturated specimens of the decomposed
volcanic soil (wetting path O–A–B in Figure 5.41), substantial contractive
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volumetric strains were observed. The measured volumetric strains were
between 12.9 and 14.1 per cent (Table 5.8) for initial specific volumes rang-
ing from 2.419 to 2.464 (si1—si5). The approximate initial suctions of the
compacted specimens were measured using the principle of axis translation.
It was found that they were on the order of 150 kPa. Similar results were
obtained in one-dimensional inundation tests (wetting tests) conducted with
an oedometer and a Rowe cell on the same material (Chiu et al., 1998). It
was found that volumetric strains of 13.5 and 12.5 per cent were recorded by
the oedometer and the Rowe cell, respectively, for soil specimens compacted
to the same initial conditions adopted in this study.

Wheeler and Karube (1995) postulated that the capillary effect arising
from suction increases the normal forces at inter-particle contacts, from
which a very loose state of the soil specimen could be maintained. When
these forces vanish as the suction disappears during saturation, the inter-
particle friction cannot hold together such a loose structure, and the soil
particles start to slide over each other and lead to a large and irrecoverable
change of volume.

The contractive volumetric strain induced by saturation (or wetting) may
also be postulated by using the Loading–Collapse yield curve as suggested
by Alonso et al. (1990). Before saturation, the decomposed volcanic soil
may be considered as a virgin fill. In this instance, the term virgin fill refers
to a soil that has never been subjected to suction greater than its current
value (Chiu et al., 1998). Hence, the initial state (X in Figure 5.42) of
this virgin fill should lie inside its current LC yield surface (LCI). For the
saturation of an initially unsaturated soil specimen, XYZ can be the wetting
path. According to Alonso et al. (1990), as the state of the soil lies inside its
current yield surface, a reduction of suction (wetting) causes elastic swelling
(path XY). As the stress state reaches the current position of the yield curve

S

P

X

Y

Z

LC1 LC2

Figure 5.42 Postulated collapse behaviour of virgin decomposed volcanic soil during
saturation (after Ng and Chiu, 2001).



 

Measurement of shear strength and shear behaviour 341

at Y , the yield can be produced by a further reduction of suction (path
YZ). As a result, plastic and irrecoverable strains would be expected, and
LC2 becomes the new yield curve. The shape of the LC yield curve and
the collapse postulation for the decomposed volcanic soil will be discussed
later.

Isotropic compression of saturated specimens

After saturation, isotropic consolidation was carried out on specimens si1
to si5. Isotropic compression curves of the saturated specimens are given in
Figure 5.43 along with the curves of four other soils for comparison. For the
range of effective mean stress considered, the compressibility of the saturated
decomposed volcanic soil is similar to a compacted kaolin (Wheeler and
Sivakumar, 1995). It is more compressible than a compacted decomposed
granitic gravelly sand (Lee and Coop, 1995), a collapsible silt (Maatouk
et al., 1995), and a Toyoura sand (Ishihara, 1993). The high compressibility
of decomposed volcanic soil reflects the well-graded nature of the soil. A
yield stress of about 20 kPa is estimated for the decomposed volcanic soil
from the Casagrande graphical method. For the range of applied effective
mean stress, an isotropic normal compression line (NCL) can be identified.
In addition, the decomposed volcanic soil resembles the behaviour of clay
because of the occurrence of a distinct yield point and a post-yield NCL
from the isotropic compression tests.

Decomposed volcanic soil
Kaolin (Wheeler and Sivakumar, 1995)
Toyoura sand (Ishihara, 1993)
Collapsible silt (Maatouk et al., 1995)
Decomposed granite (Lee and Coop, 1995)
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Figure 5.43 Isotropic compression curves for saturated specimens (after Ng and
Chiu, 2001).



 

342 Collapse, swelling, strength and stiffness

Shear behaviour of saturated specimens under undrained conditions

Figure 5.44a shows the stress–strain relationship of consolidated undrained
tests on the saturated specimens. As expected, the deviator stress increases
monotonically with the axial strain. The deviator stress also increases with
the applied effective mean stress p′. The stress–strain curves indicate there is
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Figure 5.44 (a) Stress–strain relationships; (b) relationships between excess pore water
pressure and axial strain for consolidated undrained triaxial tests on saturated
test specimens (after Ng and Chiu, 2001).
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ductile behaviour without any evidence of strain softening. Bulging failure
is observed for all specimens at the end of the tests. It can be seen in the
figure that a critical state is reached for all five tests at an axial strain in
excess of 25 per cent, and hence a CSL can be determined later.

Figure 5.44b shows the relationship between the excess pore water pres-
sure generated and the axial strain of consolidated undrained tests on
the saturated specimens. Positive excess pore water pressure was recorded
in all five undrained tests. In soil specimens consolidated to an effective
mean stress smaller than 100 kPa (si1 and si2), the positive excess pore
water pressure increases steadily with the axial strain and finally reaches
a plateau at the end of the tests. In the other soil specimens (si3 to si5),
the positive excess pore water pressure increases to a peak at a small
strain, reduces from its maximum value as the strain increases continu-
ously, and finally reaches a plateau at the end of the tests. The initial
build-up of the positive excess pore water pressure suggests that the spec-
imens exhibit contractive behaviour. The reduction in the positive excess
pore water pressure after the peak indicates that the specimens change
from contractive to dilative behaviour during shear, as illustrated by the
effective stress paths shown in Figure 5.45a. All the effective stress paths
show a similar trend. Each path moves towards the left-hand side initially
until reaching a turning point, after which it turns right and finally reaches
the CSL at the end of the test. This turning point is termed the point of
phase transformation (Ishihara, 1993), which is defined as a temporary
state of transition from contractive to dilative behaviour. This observed
behaviour resembles the behaviour of typical clean sands. For the range of
effective mean stress considered, the behaviour of the decomposed volcanic
soil is different from the reverse behaviour of the loose silty sand reported
by Yamamuro and Lade (1998), where static liquefaction is observed at
low effective mean stresses and an increasing tendency of dilatancy with
increasing effective mean stress is found. As no strain softening behaviour
is observed, no static liquefaction would be expected from the decomposed
volcanic soil compacted to an initial dry density higher than or equal to
70 per cent of relative compaction for the considered range of effective mean
stress.

The critical states of saturated specimens can be represented by the CSL
in the stress plane q–p′ and the compression plane v– log p′, as shown in
Figure 5.45. The gradient of the CSL M�s� at zero suction in the q–p′-plane
is 1.317. This corresponds to a critical state angle of internal friction �′ of
33� in compression. The gradient of the CSL, ��s�, at zero suction in the
v– log p′ plane is 0.087, which is very close to that of NCL [��s� = 0	089 at
zero suction]. Hence, the NCL is approximately parallel with the CSL for
the range of effective mean stress considered.

Based on the test results, the saturated decomposed volcanic soil resembles
clay in isotropic compression. On the other hand, it behaves like clean
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Figure 5.45 Critical states of saturated test specimens: (a) plane of deviator stress against
effective mean stress; (b) plane of specific volume against effective mean stress
(after Ng and Chiu, 2001).

sand during undrained shear. For the limited range of effective mean stress
considered, although its states before shear lie on the loose side of the
critical state, it contracts initially and then dilates without softening as strain
increases.
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Behaviour of isotropically consolidated unsaturated
decomposed volcanic soil

Isotropic compression of unsaturated specimens

The isotropic compression curves of the unsaturated specimens at suctions
of 80 and 150 kPa are shown in Figure 5.46, along with the curves of the
saturated specimens. It can be seen from the figure that there is a clear yield
point in each isotropic compression curve, identified by a marked change in
the slope of the plot of specific volume against the logarithm of the net mean
stress. They show similar behaviour to that observed in saturated clays,
where a yield stress and a post-yield NCL are found. Further inspection of
the data from the figure reveals that the isotropic NCLs may be represented
by the following:

v = N �s�−� �s� ln
(

p

pat

)
(5.22)

where ��s� = gradient of the isotropic normal compression hyperline
(Wheeler and Sivakumar, 1995); and N�s� = specific volume pat, which is
a reference pressure taken as 100 kPa. The isotropic normal compression
hyperline describes a locus of isotropic compression states defined in a
three-dimensional space of �v � p � s�. The gradients of the isotropic normal
compression hyperline ��s� are found to be a function of suction and are
shown in Figure 5.47, together with ��s� of the collapsible silt (Maatouk
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Figure 5.46 Isotropic compression curves for saturated and unsaturated test specimens
(after Ng and Chiu, 2001).
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Decomposed volcanic soil
Kaolin (Wheeler and Sivakumar, 1995)
Collapsible silt (Maatouk et al., 1995)

λ(
s)

0.25

0.20

0.15

0.10

0.05

0
0 50 100 150 200 250  300 350

Suction, s (kPa)

Figure 5.47 Relationships between gradients of isotropic normal compression hyperline
and suction for some soils (after Ng and Chiu, 2001).

et al., 1995) and the kaolin (Wheeler and Sivakumar, 1995) for comparison.
For suction ranging from 80 to 150 kPa, the value of ��s� of the decomposed
volcanic soil shows relatively little variation with suction. However, a sig-
nificant drop in the value of ��s� is observed as the suction reduces to zero.
This variation of ��s� is consistent with the test results from the collapsible
silt and the kaolin for the range of suction considered. Since there is a sub-
stantial reduction in volume due to saturation of an initially unsaturated
specimen, the saturated specimen is much denser than the unsaturated one
even though they are compacted to the same initial specific volume. As a
result, the denser saturated specimen exhibits a stiffer response to compres-
sion and has a lower gradient of the isotropic NCL than the gradient of an
unsaturated specimen. In addition, the degree of saturation for the decom-
posed volcanic soil lies between 35 and 51 per cent for suction ranging
from 80 to 150 kPa. At such a low degree of saturation, the contribution
of suction to stiffen the micro-structure of the unsaturated soil may be lim-
ited because of a small contact area of the menisci (air–water interface).
Hence, the suction has a relatively limited effect on the compressibility of the
unsaturated decomposed volcanic soil for the range of suction considered.

Yielding behaviour

The initial LC yield curve exhibited by the unsaturated specimens can be
estimated by the yield stresses observed from the isotropic compression
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curves at suctions of 80 and 150 kPa only (Figure 5.46). This is because
there was relatively small change in volume (Table 5.8, column 5) when
the unsaturated specimens (ui1—ui8) were controlled to the above values
of suction. This indicates that the initial LC yield curve remains unchanged.
The yield stresses of the unsaturated specimens can be estimated from
Casagrande’s graphical method, and they are 35 kPa (ui2—ui4) and 40 kPa
(ui6—ui8) for suctions of 80 and 150 kPa, respectively. On the other
hand, collapse was recorded during the saturation of unsaturated specimens
(si1–si5) where suction was reduced to zero. As a result, the initial LC
yield curve appears to have zero yield stress at zero suction, as shown in
Figure 5.48.

The experimental yield points measured from the isotropic consolidation
tests and the corresponding LC yield curves for the collapsible silt (Maatouk
et al., 1995) and the kaolin (Wheeler and Sivakumar, 1995) are shown in
the figure for comparison. For decomposed volcanic soil, it appears that
there is a relatively small increase in the yield stress for a change of suction
from 80 to 150 kPa. This is consistent with the finding of the collapsible silt,
from which the yield stress only increases from 30 to 60 kPa as the suction
increases from 80 to 600 kPa. When compared with kaolin, the rate of
increase in the yield stress with respect to suction is much lower for the
decomposed volcanic soil at the range of suction considered. As kaolin is
finer than the other two soils, the rate of desaturation is slower than the
other two soils for the range of suction considered. As a result, the rate of
losing the contact area of the menisci in kaolin is slower and the suction
is more effective to stiffen the soil. Hence, kaolin exhibits a higher rate of
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Figure 5.48 Experimental yield stresses and predicted LC yield curves (after Ng and
Chiu, 2001).
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increase in the yield stress with respect to suction compared with the other
two soils. The yield stresses observed from kaolin are higher than those
stresses of the other two soils at the same suction. This is attributed to the
higher initial densities of the compacted kaolin. Based on the tests on a
limited range of suction, it seems that the shape of the LC yield curve for the
loosely compacted, decomposed volcanic soil may be approximated from
the one predicted by Maatouk et al. (1995) for collapsible silt.

The shape of the postulated LC yield curve for the decomposed volcanic
soil provides evidence to support the collapse postulation discussed pre-
viously for the observed volumetric contraction during saturation of the
initially unsaturated specimens. The saturation was conducted at a low con-
fining pressure, for example, 10 kPa. As the suction reduces to zero, the
wetting path XYZ (Figure 5.42) should cross over the postulated initial LC
yield curve, and yield is produced. As a result, plastic and irrecoverable
volumetric strains are expected.

Unsaturated shear behaviour under constant water content

To study the ‘undrained’ behaviour of unsaturated loosely compacted speci-
mens, the constant water content test is considered to be an appropriate one
for resembling their rapid collapse behaviour. Figures 5.49 and 5.50 show
the results of the constant water content tests obtained at initial suctions of
80 and 150 kPa, respectively. Similar behaviour is observed from the tests
conducted at these values of suction. The deviator stress increases steadily
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Figure 5.49 (a) Stress–strain relationships; (b) volumetric strain–axial strain relationships;
(c) relationships between change of suction and axial strain; for constant water
content tests on unsaturated specimens at initial suction of 80 kPa (after Ng
and Chiu, 2001).
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Figure 5.49 (Continued).

with axial strain and approaches almost a plateau at an axial strain over 25
per cent, with no evidence of strain softening (Figures 5.49a and 5.50a). The
deviator stress also increases with the applied net mean stress. Only con-
tractive volumetric behaviour is observed for all specimens (Figures 5.49b
and 5.50b). For net mean stresses not greater than 150 kPa (ui1–ui3 and
ui5–ui8), the amount of contraction increases with the net mean stress. As
the net mean stress increases beyond 150 kPa (ui4), the amount of con-
traction decreases with an increase in the net mean stress. All the tests
show a reduction in suction and the amount of reduction does not exceed
15 kPa (Figures 5.49c and 5.50c), which may reflect the low initial degree
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Figure 5.50 (a) Stress–strain relationships; (b) volumetric strain–axial strain relationships;
(c) relationships between change of suction and axial strain; for constant
water content tests on unsaturated specimens at initial suction of 150 kPa
(after Ng and Chiu, 2001).
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of saturation of the unsaturated specimens �Sr = 35–51 per cent�. The mea-
sured suctions at 25 per cent axial strain range from 72 to 79 kPa and from
140 to 144 kPa for suctions of 80 and 150 kPa, respectively (Table 5.8).
Two distinct patterns for the variation of suction with the axial strain can
be observed. For net mean stresses not greater than 50 kPa (ui1, ui2, ui5
and ui6), the suction reduces steadily with axial strain and approaches a
steady value at the end of the test. In other specimens (ui3, ui4, ui7 and
ui8), initially the suction decreases to a minimum at small strains. As the
axial strain increases further, the suction increases from its minimum value.
It continues to increase towards the end of the test at axial strain of about
25 per cent.

The observed contractive volumetric behaviour may be explained by con-
sidering the fabric of an unsaturated compacted soil. Croney et al. (1958)
suggested that the clay compacted on the dry side of optimum exists as
saturated packets of clay, which contain small and water-filled intra-packet
voids, separated by large inter-packet air voids. Similarly, the loosely com-
pacted soil may possess an open fabric that is dominated by the compara-
tively large inter-packet air voids. In an unsaturated specimen consolidated
to a low net mean stress (ui1–ui3 and ui5–ui8), its volumetric behaviour
is mainly governed by the large inter-packet air voids. Although change in
water content is not allowed during shear, it could be possible for the spec-
imen to change in volume by expelling the pore air and rearranging the soil
packets. As the net mean stress increases, the specimen contracts more by
expelling more pore air (Figures 5.49b and 5.50b). On the other hand, an
unsaturated specimen consolidated to a high net mean stress (ui4) exhibits
a more densely packed structure after consolidation. Even though its over-
all volume contracts during shear, it has an increasing tendency to dilate
as the net mean stress increases because of the interlocking effect between
the more densely packed soil packets during shear. As a result, the overall
volumetric contraction decreases with an increase in net mean stress (see
ui4 in Figure 5.49b).

The interplay between inter-packet air voids and the saturated soil packets
may also be used to explain the observed change in suction. Since the tests
were carried out under constant water content and volumetric contraction
was observed (Figures 5.49b and 5.50b), it may be expected that suction
could decrease (ui1, ui2, ui5 and ui6) during shear. For other specimens
(ui3, ui4, ui7 and ui8), the initial decrease in suction is also associated
with the overall volumetric contraction during shear at the constant water
content. These specimens were consolidated to higher net mean stress. As a
result, they are denser than those consolidated to lower net mean stress. As
the volumetric contraction continues further, these specimens could reach
a state in which the saturated soil packets play a more dominant role than
the inter-packet air voids. Even though the overall volume contracts, the
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individual soil packets may dilate. As a result, the suction may not decrease
further but commence to increase from the minimum.

Figures 5.49 and 5.50 show that most of the tests only approach the
critical state but do not actually reach it even at strains in excess of 25
per cent. However, by inspecting the stress–strain and the volumetric–axial
strain relationships in both figures, the rates of change in deviator stress
and volume reduce towards the end of the test, and the state at the end of
each test may be used to approximate the critical state. Figure 11 shows
the approximated critical states plotted in the planes of q–p and v–log p
for the isotropically consolidated specimens. The critical state values may
be represented by the following two equations for the range of suction
considered:

q = M�s�+��s� (5.23)

v = ��s� = ��s� ln
(

p

pat

)
(5.24)

where M �s� and ��s� = gradient and intercept of the critical state hyperline
in the q–p plane, respectively; � �s� = gradient of the same hyperline in the
v – ln p plane; and � �s� = specific volume at pat. Equations (5.23) and (5.24)
are called the critical state hyperline by Wheeler and Sivakumar (1995),
which defines the critical states in a four-dimensional space of �v � p � q � s�.
It can be found that the critical state for all unsaturated specimens may be
represented by a single CSL despite their final suction ranging from 72 to
144 kPa (Table 5.8, column 10).

In Figure 5.51a, the approximated CSL for the unsaturated specimens
appears to intersect the one for the saturated specimens at a net mean stress
of about 720 kPa. Maatouk et al. (1995) reported that CSLs of unsaturated
specimens at suction ranging from 150 to 600 kPa also converge towards
the CSL of saturated specimens at a net mean stress of about 700 kPa in
the collapsible silt. The figure also shows that the states of all unsatu-
rated specimens before shear lie either close to or on the loose side of the
corresponding CSL. According to the extended critical state framework,
contractive behaviour is expected during shear if the initial state of the
unsaturated specimen lies on the loose side of the corresponding critical state
and the results of the constant water content tests agree with the predictions
(Figures 5.49b and 5.50b).

The CSL for unsaturated specimens in the q–p plane has a gradient M �s�
of 1.327 and an intercept ��s� of 33 kPa. In addition, this line is approx-
imately parallel to the one for saturated specimens. This may suggest that
the gradient (i.e. the angle of internal friction �′) of the CSL in the q–p
plane is a constant for the limited range of applied suction and suction does
not appear to affect �′. Gan and Fredlund (1996) also reported that �′ is
independent of the suction for a CDG and a completely decomposed fine
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Figure 5.51 Critical states of isotropically consolidated specimens: (a) plane of specific
volume against net mean stress; (b) plane of deviator stress against net mean
stress (after Ng and Chiu, 2001).
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ash tuff. As �′ is a strength parameter related to the factional characteristic
of the inter-particle contacts, which is an intrinsic property of the soil, it
may be independent of the stress state variable, such as suction. However,
other researchers (Maatouk et al., 1995; Wheeler and Sivakumar, 1995)
have shown that �′ is a function of the suction by considering a wider range
of suction.

The intercept ��s� of 33 kPa reflects the contribution of the suction on the
shear strength. For the decomposed volcanic soil, the suction makes a large
contribution to its shear strength for suctions ranging from 0 to 79 kPa but
it does not have a significant effect for suctions ranging from 72 to 144 kPa.
The relationship between ��s� and suction is shown in Figure 5.52, along
with those relationships of kaolin (Wheeler and Sivakumar, 1995), and an
undistributed decomposed fine ash tuff (Gan and Fredlund, 1996) for com-
parison. The figure shows that the decomposed volcanic soil and the decom-
posed fine ash tuff exhibit a non-linear ��s�–suction relationship, except
kaolin. There is relatively little increase in the ��s� when suction exceeds
about 80 kPa for the decomposed volcanic soil and the decomposed fine ash
tuff. On the contrary, there is a reduction in the ��s� for the decomposed
fine ash tuff as the suction increases beyond around 150 kPa. A similar non-
linear relationship was also observed by other researchers (Maatouk et al.,
1995; Gan and Fredlund, 1996). Maatouk et al. (1995) postulated that the
effect of suction on shear strength is limited to a range of net stress for the
collapsible silt.

Decomposed volcanic soil
Kaolin (Wheeler and Sivakumar, 1995)
Decomposed fine ash tuff (Gan and Fredlund, 1996)
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Figure 5.52 Relationship of suction and 
�s� for some soils (after Ng and Chiu, 2001).
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Behaviour of an isotropically consolidated unsaturated decomposed
volcanic soil

Figure 5.53a shows the variation of axial strain with suction for the field stress
path tests, which simulate rainfall infiltration, conducted on anisotropically
consolidated unsaturated specimens. The deviator stress and the net mean
stress were kept constant while the suction was decreased. As the suction
decreases from an initial value of 150 to about 80 kPa, a small axial strain
�< 4 per cent� is mobilized for specimens consolidated to a net mean stress
> 25kPa (ua2–ua4). As the suction continues to decrease, the rate of increase
in axial strain accelerates towards the end of the test. For the other specimen
(ua1), the mobilized axial strain gradually increases as the suction decreases. It
may be seen from the figure that the specimen approaches failure at higher suc-
tion for a higher applied net mean stress. This observation could be explained
by the concept of state boundary surface and will be discussed later.

Figure 5.53b shows the variation of volumetric strain with suction for
the field stress path tests. Relatively small volumetric strain is mobilized
as the suction decreases from an initial value of 150 to about 80 kPa. As
the suction continues to decrease, contractive behaviour is observed for soil
specimens consolidated to net mean stress smaller than 100 kPa (ua1 and
ua2) but dilative behaviour is observed for the other two specimens (ua3 and
ua4). The anisotropically consolidated unsaturated specimens change from
contractive to dilative behaviour as the applied net mean stress increases.
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Figure 5.53 Relationship between (a) axial strain and suction (b) volumetric strain and
suction for stress path tests that simulate rainfall infiltration conducted on
unsaturated specimens (after Ng and Chiu, 2001).
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Figure 5.53 (Continued).

A similar trend can also be seen in Figures 9c and 10c for isotropically
consolidated specimens sheared under constant water content. This type of
observed behaviour cannot be readily explained by existing elasto-plastic
constitutive models extended for unsaturated soils (Alonso et al., 1990;
Wheeler and Sivakumar, 1995).

Figure 5.54 illustrates the states of unsaturated specimens in the plane
of v–log p after anisotropic consolidation and at the end of the field stress
path test. The CSLs for saturated specimens �s = 0kPa� and unsaturated
specimens �s = 72–144kPa� are also shown in the figure. Two CSLs for
s = 15–40 and 60–65 kPa may be assumed to lie between the measured
CSLs for s = 0 and 72–144 kPa. It is also assumed that the state at the end
of the field stress path test can be approximated as the critical state. For
specimens ua1 and ua2, the measured suctions at the approximated critical
state are 17 and 40 kPa (Table 5.8, column 10), respectively. Since these
two suctions are much lower than 72 kPa, it seems that their corresponding
CSLs should lie close to the one for saturated specimens �s = 0kPa�. As a
result, the stress states after anisotropic consolidation for specimens ua1 and
ua2 may lie on the loose side of their corresponding CSLs and contractive
behaviour would be expected. On the other hand, the measured suctions at
the approximated critical state for specimens ua3 and ua4 are 62 and 60 kPa
(Table 5.8), respectively. Since these two suctions are quite close to 72 kPa, it
might be possible that their corresponding CSLs lie very close to the one for
unsaturated specimens �s = 72–144kPa�. As a result, the stress states after
anisotropic consolidation for specimens ua3 and ua4 might fall on the dense
side of their corresponding CSLs and dilative behaviour would be expected.
This postulation should be further verified by other experimental data.
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Figure 5.54 Relationship between specific volume and net mean stress for anisotropically
consolidated unsaturated specimens subjected to stress paths that simulate
rainfall infiltration (after Ng and Chiu, 2001).

Summary and conclusions

Three series of triaxial stress path shear tests were conducted on a loose
decomposed volcanic soil (slightly sandy silt) compacted to an initial dry
density of 70 per cent of the Proctor maximum �v = 2	468�. The tests
included consolidated undrained, constant water content and a reducing
suction path under a constant deviator stress. The test results have provided
insights into the fundamental behaviour of the loose fill.

An initially unsaturated specimen of the decomposed volcanic soil exhibits
volumetric contraction of around 14 per cent during saturation. This sub-
stantial change in volume can be explained by the concept of the loading
collapse yield surface.

In an isotropically consolidated saturated specimen lying on the loose side
of the CSL, it appears that the specimen behaves like clay under compression
as the occurrence of a yield point, and the post-yield NCL can be readily
identified. The observed high compressibility is similar to kaolin. The NCL
is parallel to the CSL. On the other hand, the saturated specimen resembles
clean sand behaviour during undrained shear. For the limited range of
effective mean stress considered, the specimen initially contracts and then
dilates without strain softening as shear strain increases.

In an isotropically consolidated unsaturated specimen, it exhibits strain-
hardening behaviour and possesses a non-linear shear strength–suction rela-
tionship. Suction makes a large contribution to the apparent cohesion and
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hence the shear strength of the fill for suctions ranging from 0 to 79 kPa,
but it does not have any significant effect for suctions ranging from 72 to
144 kPa. The angle of internal friction appears to be independent of suction.
Regarding volumetric behaviour, only contraction is observed during shear-
ing at a constant water content. This amount of contraction increases with
the net mean stress up to 150 kPa. As the net mean stress increases further,
the amount of contraction decreases. Two distinct patterns are observed
for the variation of suction during shearing at a constant water content.
In specimens consolidated to a low net mean stress, the suction steadily
reduces with axial strain and approaches a steady value at failure. In other
specimens, the suction decreases to a minimum at small strains and increases
from its minimum as the strain continues to increase. This seems to imply
that there was a tendency of dilation in individual soil packets.

In an anisotropically consolidated unsaturated specimen subjected to a
decreasing suction under a constant deviator stress, the specimen changes
from contractive to dilative behaviour with increasing applied net mean
stress. A similar trend can also be observed in isotropically consolidated
specimens sheared under constant water content. This type of observed
behaviour cannot be explained by existing elasto-plastic constitutive models
extended for unsaturated soils.

Since dilative and ductile stress–strain behaviour is observed in the sat-
urated fill, static liquefaction of the fill is very unlikely to occur. Pas-
sive stabilizing measures such as soil nails may be used to improve the
stability of slopes, provided that sufficient soil movement is allowed to
mobilize the friction between the fill and the reinforcement. On the other
hand, the observed volumetric behaviour of the unsaturated fill is strongly
influenced by the stress paths and the stress conditions. Volumetric con-
traction was observed when it was sheared under constant water con-
tents for the ranges of net mean stress and suction considered. This seems
to imply that the possibility of static liquefaction cannot be completely
ruled out if the rate of air escape from voids in the soil is slower than
the rate of volumetric deformation of the soil having a high degree of
saturation.

Laboratory study of a loose saturated and
unsaturated decomposed granitic soil
(Ng and Chiu, 2003a)

Soil type and specimen preparation

The soil used in this study was a decomposed granitic soil taken from a
quarry located in Cha Kwo Ling, Hong Kong. The in situ water content of
the soil was 15 per cent. The soil tended to form aggregates of larger than
20 mm in diameter in the natural state. In order to break up the aggregates
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through constant energy, the free fall method used by the Japanese Society
of Soil Mechanics and Foundation Engineering (JSSMFE, 1982; Lee and
Coop, 1995) was adopted. Soil particles over 5 mm were discarded to avoid
the need for an excessively large specimen size (Head, 1992). The discarded
coarser particles accounted for about 2 per cent of the total specimen.

The classification tests on the soil were conducted in accordance with
the procedures described in BS1337 (BSI, 1990). The test results are sum-
marized in Table 5.10 together with the particle size distribution shown in
Figure 5.55a. The soil comprises 21 per cent gravel, 53 per cent sand, 12
per cent silt and 14 per cent clay, which can be described as a silty, clayey,
gravelly SAND (GCO, 1988) and classified as a coarse-grained and gap-
graded soil. The SWCC of the decomposed granitic soil may be estimated
from a similar coarse-grained decomposed soil from Butterfly Valley, Hong
Kong (Gan and Fredlund, 1997) because both soils have similar particle size
distributions (refer to Figure 5.55a). The SWCC is shown in Figure 1b and
the residual degree of saturation �Sr� is around 47 per cent.

Triaxial specimens 76 mm in diameter and 152 mm in height were pre-
pared by the wet tamping method (dynamic compaction). The specimens
were compacted with water contents �w� of 19 per cent and dry densities
ranging from 74 to 84 per cent of the Proctor maximum, which corre-
sponded to the specific volume �v = 1 + e� ranging from 1.852 to 2.099
and Sr ranging from 45 to 58 per cent. Thus, the initial Sr of the triaxial
specimens of decomposed granitic soil were very close to the residual value
(see Figure 5.55b).

The specimen was compacted directly on the base pedestal of the tri-
axial cell in order to avoid any disturbance caused by transportation to

Table 5.4 Characteristics of decomposed granitic soil (after Ng and Chiu, 2003a)
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Figure 5.55 (a) Particle size distribution curves of decomposed granitic soil (this study)
and coarse grained decomposed soil from Butterfly Valley, Hong Kong (Gan
and Fredlund, 1997); (b) soil–water characteristic curve for coarse grained
soil from Butterfly Valley, Hong Kong (Gan and Fredlund, 1997) (after Ng and
Chiu, 2003a).

the triaxial cell. Each soil specimen was compacted in 10 layers using
a compaction apparatus, which consists of a supporting frame and a
falling hammer (Chiu, 2001). The weight and falling height of the hammer
were controlled to ensure soil uniformity within each layer. The under-
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compaction method proposed by Ladd (1978) was adopted to prepare
a uniform specimen. Specimen uniformity was verified by measuring the
dry densities of three sections obtained from the centre, middle and bot-
tom of a frozen compacted specimen. According to the results of the
uniformity tests, the maximum difference in the dry densities was about
±0	9 per cent. This corresponded to a difference in specific volume of
±0	019.

Testing program and procedures

Three series of triaxial tests were conducted in this study. The tests con-
sisted of undrained tests on saturated specimens, unsaturated constant water
content tests and continuous wetting tests at constant deviator stress on
unsaturated specimens. The undrained tests were carried out to establish
reference states from which the test results from the unsaturated specimens
were interpreted. The constant water content tests were used to study how
pore pressures are generated during the collapse of a loose soil structure due
to shear, in which the undrained condition of the pore water phase repre-
sented one of the critical scenarios. The wetting tests at constant deviator
stress were used to simulate the stress path of a slope element subjected
to rainfall infiltration (Brand, 1981). The stress paths of these tests are
shown in Figure 5.56. The testing conditions are summarized in Tables 5.11
and 5.12.

All the specimens exhibited a suction of 20 kPa after compaction (refer to
point O′ in Figure 5.56). The stress path of the undrained tests (si1-g to si13-
g) is shown as O′C ′D′E′F ′. First, an unsaturated specimen was saturated
�O′C ′D′� until the B-value achieved a minimum of 0.97. Subsequently, the
specimen was subjected to isotropic compression �D′E′� ranging from 25
to 400 kPa. Then, the shearing tests were conducted under the undrained
conditions �E′F ′� for about 16 h.

The stress path for wetting tests at a constant deviator stress (ua1-g to
ua4-g) is shown as O′X′Y ′A′B′. Similar to constant water content tests, the
unsaturated specimen was initially controlled to an initial suction of 40 kPa
by following drying path O′X′. The specimen was subjected subsequently to
isotropic compression �X′Y ′� ranging from 25 to 150 kPa. Then, the deviator
stress �q = �1 −�3, where � is principal total normal stress) was increased
(i.e. Y ′A′) at a constant net mean stress, p = ���1 +�2 +�3�/3−ua�, where
ua is the pore air pressure, until reaching a net stress ratio �� = q/p� of 1.4.
After applying the deviator stress, the specimen was wetted at the constant
deviator stress by reducing the suction �A′B′�. It took around 10–14 days to
complete the wetting process.
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Figure 5.56 Various stress paths for triaxial tests conducted on loosely compacted
decomposed granites soil (after Ng and Chiu, 2003a).

Table 5.11 Testing conditions for undrained tests on saturated specimens of decomposed
granitic soil (after Ng and Chiu, 2003a)
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Table 5.12 Testing conditions for undrained tests on saturated specimens of decomposed
granitic soil (after Ng and Chiu, 2003a)

Shear behaviour of saturated specimens

After saturation, the saturated specimens (si1-g to si13-g) were compressed
isotropically to confining pressures ranging from 25 to 400 kPa and then
sheared in undrained conditions. The conditions of the 13 specimens before
shearing are summarized in Table 5.11.

Figure 5.57a shows the typical stress–strain relationship of the undrained
tests on five representative saturated specimens. For clarity, not all the 13 test
results are illustrated. To compare the influence of different initial effective
confining pressures before shearing, three of the specimens (si5-g, si8-g and
si9-g) were compressed to three different initial effective confining pressures
ranging from 50 to 200 kPa but similar specific volumes �v = 1	857–1	879�.
For the specimen compressed to low effective confining pressures, p′ (si5-g),
or lying on the dense side of the critical state (refer to Figure 5.59a; the deter-
mination of the critical state and the CSL for the saturated specimens will be
discussed later), the deviator stress increases monotonically with the axial
strain and approaches a steady value at the end of the test. No significant
strain-hardening behaviour is observed for saturated specimens compacted
to an initial dry density of around 75 per cent of the Proctor maximum and
compressed to an effective confining pressure of 50 kPa (si5-g) on the dense
side (dry) of the critical state. For specimens compressed to high effective
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Figure 5.57 (a) Stress–strain relationships; (b) relationships between excess pore water
pressure and axial strain; (c) effective stress paths for undrained tests on
saturated decomposed granitic soil specimens (after Ng and Chiu, 2003a).
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confining pressure (si8-g and si9-g) or lying on the wet (loose) side of the
critical state (refer to Figure 5a), strain-softening behaviour is observed. The
deviator stress reaches a peak value at a low axial strain. It then reduces
from the maximum as the strain further increases and continues to drop but
at a much reduced rate towards the end of the test. The ratio between the
drop in the shear strength at the end of the tests and the peak strength for
specimens si8-g and si9-g are 16 and 20 per cent, respectively. The observed
strain-softening behaviour implies that a potential static liquefaction may
occur in loose fill slopes formed with decomposed granitic soil in Hong
Kong during rainstorms (Cheuk et al., 2001).

To investigate the dependence of stress–strain behaviour on the initial
state (i.e. void ratio) of soil with respect to the dry (dense) and wet (loose)
side of the CSL in v– log p′ space at the same initial confining pressure
p′ = 25kPa (see Figure 5.59a), the observed results from two specimens (si1-
g and si2-g), which were compressed to different initial specific volumes, are
also shown in Figure 5.57. As expected, the soil specimen located at the dry
side (si2-g) of the CSL exhibits a higher shear resistance than that located
at the wet side (si1-g) of the critical state, due to the tendency of dilation
during undrained shear.

Figure 5.57b shows the typical relationship between the generated excess
pore water pressure generated and the axial strain. Positive excess pore
water pressure is generated for all saturated specimens. For specimens lying
on the dense side of the CSL (si2-g and si5-g), the positive excess pore water
pressure increases to a peak value at a low axial strain and then drops
to an approximate constant value as the strain increases continuously. For
specimens lying on the loose side of the CSL (si1-g, si8-g and si9-g), the
positive excess pore water pressure increases steadily with the axial strain
and finally reaches a plateau at the end of the tests.

Figure 5.57c shows typical effective stress paths of the undrained tests in
the p′ � q stress plane. The volumetric behaviour of the specimens can be
indirectly reflected from the shape of the effective stress paths. The volumet-
ric behaviour of the specimen is influenced by the state. For specimens lying
on the dense side of the critical state (si2-g, si5-g), the effective stress path
moves towards the right-hand side. This is an indication of the tendency to
dilate. For specimens located on the loose side of the critical state (si1-g, si8-g
and si9-g), the effective stress path moves towards the left-hand side, which
is a sign of the tendency to contract. Even though the decomposed granitic
soil contains some quantity of fines, the shear behaviour of the 13 tests on
saturated specimens is similar to that of the clean sands for the ranges of
density and pressure considered in this paper. Recently, Cheuk (2001) and
Fung (2001) carried out a significant number of tests on saturated granitic
soils obtained from two different sites, and they observed similar shear
behaviour. Although the undrained tests do not exhibit phase transforma-
tion, phase transformation was observed in undrained tests on decomposed
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granitic soil taken from another site and compacted with a higher degree of
relative compactions ranging from 87 to 93 per cent (Fung, 2001).

The dilatancy of the saturated soil can be examined by studying the
direction of the plastic strain increment, d


p
v/d


p
q, from the drained test,

where d

p
v and d


p
q are plastic components of the volumetric strain increment

�d
v� and the shear strain increment �d
q�, respectively. In the undrained test,
there is no volume change and the volumetric strain increment equals zero.
Consequently, the magnitude of d


p
v equals that of the elastic component

of the volumetric strain increment �d
e
v�. The latter can be related to the

increment of effective mean stress �dp′� by Hooke’s law:

d
p
v = −d
e

v = − �

vp′ dp′ (5.25)

where � is the elastic stiffness parameter for saturated soil and v is the initial
specific volume. Based on the unloading path of isotropic compression tests,
� is estimated to be 0.11. The elastic component of the shear strain increment
�d
e

q� is relatively small and is assumed to be negligible. Therefore, d

p
q can

be approximated by

d
p
q ≈ d
q (5.26)

Now, Equations (5.25) and (5.26) can be used to evaluate the dilatancy
measured from the undrained test of a saturated specimen.

Different stress–dilatancy relationships have been proposed in the litera-
ture for saturated granular materials. Rowe (1962) postulated that dilatancy
is related only to the effective stress ratio and the angle of soil friction. How-
ever, experimental evidence revealed that the dilatancy of granular materials
also depends on the material state. Bolton (1986) proposed a parameter
called the relative dilatancy index, which depends on both the relative den-
sity and the confining pressure. Ishihara (1993) proposed the use of the state
index, which depends on the quasi steady state line and the upper reference
line. Recently, several state-dependent dilatancy relationships have been pro-
posed (Manzari and Dafalias, 1997; Wan and Guo, 1998; Li and Dafalias,
2000). Li and Dafalias (2000) postulated the following state-dependent dila-
tancy for saturated sands:

d

p
v

d

p
q

= d0

(
em� − �′

M

)
(5.27)

where �′ is the effective stress ratio �q/p′�� M is the gradient of the CSL in
the p′ � q stress plane, � is state parameter defined by Been and Jefferies
(1985), and d0 and m are material parameters.

Following Equation (5.27), the dilatancy is plotted as a function of effec-
tive stress normalized by M (i.e. �′/M) and shown in Figure 5.58. The



 

D
ila

ta
nc

y

0.4

0.2

0.0

–0.2

–0.4

–0.6
0.0 0.5 1.0 1.5 2.0

η'/M(a)

ψ0 = 0.107 (si9-g)

ψ0 = 0.046 (si8-g)

ψ0 = –0.023 (si5-g)

p' = 50 kPa (si5-g)
p' = 100 kPa (si8-g)
p'  = 200 kPa (si9-g)

v = 1.961 (si3-g)
v = 1.879 (si5-g)
v = 1.813 (si6-g)

D
ila

ta
nc

y

0.2

0.0

–0.2

–0.4

–0.6

–0.8
0.0 0.5 1.0 1.5 2.0

η'/M(b)

ψ0 = 0.059 (si3-g)

ψ0 = –0.089 (si6-g)

ψ0 = –0.023 (si5-g)

Figure 5.58 Dilatancy versus �′/M for saturated specimens of decomposed granitic soil
compressed to (a) different confining pressures; (b) different specific volumes
(after Ng and Chiu, 2003a).
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saturated specimens are compressed to different states (or state parame-
ter, �) before shearing. It is apparent that the dilatancy of the saturated
specimens depends on the state. For specimens lying on the loose side of
the critical state (or a positive �, e.g. si3-g, si8-g and si9-g), the dilatancy
increases with the effective stress ratio until reaching a peak. Thereafter
the dilatancy decreases as the effective stress ratio further increases. For
specimens located on the dense side of the critical state (or a negative �,
e.g. si5-g and si6-g), the dilatancy increases monotonically with the effective
stress ratio.

Most of the undrained shear tests approach the critical state but do not
actually reach it even at strains of about 25 per cent (Figure 5.57). However,
by inspecting the stress–strain relationship and the change of pore water
pressure with respect to axial strain, the rate of change in the deviator
stress reduces, and the excess pore water pressure remains constant towards
the end of the tests. Hence, the state at the end of the tests may be used
to approximate the critical state. The approximated critical states of the
saturated specimens can be represented by a CSL in the q : p′ stress plane
and the v : ln p′ compression plane as shown in Figure 5.59. The gradient
of the CSL of the saturated specimens in the q : p′ plane is 1.549. This
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Figure 5.59 Critical states of saturated specimens of decomposed granitic soil in plane
of (a) specific volumes and effective mean stresses; (b) deviator stresses and
effective mean stresses (after Ng and Chiu, 2003a).
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corresponds to a critical state angle of internal friction ��′� of 38� under
compression. The gradient of the CSL in the v : ln p′ plane is 0.11.

Based on the 13 undrained tests on saturated soil specimens as shown in
Figure 5.59, it seems that the critical states of the specimens lie very close
to a single straight line in both the v– log p′ and q–p′ planes and they seem
to illustrate the uniqueness of a CSL for the decomposed granite.

Shear behaviour of unsaturated specimens

After applying an initial suction of 40 kPa, four unsaturated specimens (ui1-g
to ui4-g) were isotropically compressed and then sheared at a constant water
content. The conditions of the specimens before shearing are summarized
in Table 5.12. Figure 5.60 shows that the deviator stress increases steadily
with axial strain and almost approaches a plateau at an axial strain over
25 per cent, with no evidence of strain softening. The deviator stress also
increases with the applied net mean stress.

Figure 5.60b shows that only contractive volumetric behaviour is observed
for all specimens and the amount of contraction increases with the applied
net mean stress. For specimens compressed to a net mean stress of 25 kPa
(ui1-g) or located on the dense side of the critical state (refer to Figure 5.62a;
the determination of the critical state and the CSL for unsaturated specimens
will be discussed later), the amount of contraction increases to a peak
value at a low axial strain and then reduces from the maximum to an
approximated constant value with increasing axial strain. This is a sign of
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the tendency to dilate after reaching the peak value. For other specimens
(ui2-g to ui4-g), the amount of contraction increases monotonically with
the axial strain to a steady value.

The volumetric behaviour may be governed by the compression of inter-
particle air voids and the interlocking effect between individual soil particles
during shearing. For specimens compressed at a low net mean stress (ui1-
g), the state before shearing lies below and far away from the critical state
line (refer to Figure 5.62a). This specimen behaves like a dense material. The
volumetric compression of the inter-particle air voids may be compensated
by the volumetric expansion due to the interlocking between the soil par-
ticles. As a result, the amount of the overall volumetric contraction is rela-
tively small. For specimens compressed to higher net mean stress (ui4-g), the
state before shearing lies above the CSL (refer to Figure 5.59a). The speci-
men behaves like a loose material. During shearing, the relative large inter-
particle air voids can be compressed, and individual soil particles may roll into
these inter-particle air voids. Thus, the specimen exhibits substantial amounts
of volumetric contraction. This implies that the design of any stabilization
measures in loose granitic fill slopes and foundation structures resting on
this type of material should take into account the significant shear-induced
volume changes in the soil leading to potential serviceability problems.

Figure 5.60c shows that all the tests exhibit a reduction in suction, and
the amount of reduction increases with the applied net mean stress. The
suction reduces steadily with axial strain and approaches a steady value at
the end of the test. The suctions at 25 per cent axial strain range from 25
to 33 kPa (refer to Table 5.12). As the applied net mean stress increases,
the volumetric contraction of the specimen increases (refer to Figure 5.60b).
As a result, the degree of saturation also increases and a lower value of
suction is expected. Hence, a larger reduction in the suction is observed for
a specimen compressed at a higher net mean stress.

Regarding the dilatancy for unsaturated specimens, it is assumed that
the elastic components of the volumetric and shear strain increments are
relatively small and are negligible. The dilatancy can thus be approximated
by d
v/d
q. The dilatancy of unsaturated specimens from constant water
content tests (ui1-g to ui3-g) is plotted as a function of net mean stress
normalized by M (i.e. �/M, where � is the net stress ratio �q/p�) and shown
in Figure 5.61. The dilatancy of three saturated specimens (si1-g, si3-g
and si7-g), which were compressed to similar confining pressures, are also
shown in the figure for comparison. Generally, the dilatancy of all soil
specimens decreases as the normalized stress ratio increases. At zero suction,
the magnitudes of � and �′ are identical. It is apparent that the dilatancy
observed at a suction of 40 kPa is greater than that at a suction of 0 kPa.
For a given stress ratio and shear strain increment, unsaturated specimens
sheared at suction of 40 kPa exhibit more contractive volumetric strain
than saturated specimens sheared at zero suction. Similar results were also
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content tests on unsaturated specimens of decomposed granitic soils (after
Ng and Chiu, 2003a).
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Figure 5.61 Dilatancy versus normalized stress ratio for specimens of decomposed granitic
soils at suctions of 0 and 40 kPa (after Ng and Chiu, 2003a).

observed in a loose decomposed volcanic soil from Hong Kong (Ng and
Chiu, 2001). Besides, unsaturated specimens compressed to different initial
states (refer to the sixth column of Table 5.12) exhibit different amounts
of dilatancy, in agreement with the test results on saturated specimens. An
expression of a form similar to Equation (5.27) may be used to evaluate the
dilatancy of unsaturated specimens, except that the material parameters d0,
and m may be suction dependent.

Most shear tests only approach the critical state but do not actually
reach it even under strains in excess of 25 per cent. However, by inspect-
ing the stress–strain and the volumetric–axial strain relationships in both
Figure 5.60a and b, respectively, the rates of change in deviator stress and
volume reduce towards the end of the test. The state at the end of each test
may therefore be used to approximate the critical state. Figure 5.62 shows
the approximated critical states plotted in the planes of q : p and v : ln p
planes for the unsaturated specimens. It can be seen that the critical state
values may be represented by the following two equations for the range of
suction considered:

q = M�s�+��s� (5.28)

v = ��s�−��s� ln
(

p

pat

)
(5.29)

Equations (5.28) and (5.29) are called the critical state hyperline by
Wheeler and Sivakumar (1995). This hyperline defines the critical states in
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Figure 5.62 Critical state lines for unsaturated specimens of decomposed granitic soil in
plane of (a) specific volume and net mean stress; (b) deviator stress and net
mean stress (after Ng and Chiu, 2003a).

a four-dimensional space of �v � p � q � s�	 M�s� and ��s� are the gradient and
the intercept of the critical state hyperline in the q : p plane, respectively. ��s�
is the gradient of the same hyperline in the v : ln p plane, and ��s� is the spe-
cific volume at pat, which is a reference pressure taken as 100 kPa. It is found
that the critical state for all unsaturated specimens with an initial suction
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of 40 kPa may be represented by a single CSL (see Figure 5.62a) despite
the final suctions ranging from 25 to 33 kPa (second to the last column of
Table 5.12). The CSLs for s = 0 and the s = 25–33kPa are not parallel, but
they tend to converge as the net mean stress increases. Similar behaviour
has also been observed by Wheeler and Sivakumar (1995, 2000) in their
tests. A possible explanation of the difference between the saturated �s = 0�
and the unsaturated (initial s = 40kPa) soil specimens may be attributed to
the difference in the soil fabric including the macro-structural arrangement
of fines packets and inter-packet voids and the micro-structure within the
individual packets. Note that the decomposed granite consists of 26 per cent
of fines (see Table 5.9). The difference in the soil fabric (i.e. both the macro-
structure and micro-structure) may be erased to different extents during
shearing to the critical state. The higher the net mean stress during shearing,
the greater the extents of the erasing effects, leading to the convergence of the
two CSLs.

Figure 5.62b shows that the CSL for unsaturated specimens in the q : p plane
has a gradient �M�s�� of 1.535 and an intercept ���s�� of 7 kPa. In addition, this
line is approximately parallel to the one for saturated specimens. This may
suggest that the gradient of the CSL (i.e. the angle of internal friction, �′, at the
critical state) in the q : p plane is a constant for the range of applied suctions.
Hence, the suction does not appear to affect the angle of internal friction. Sim-
ilar observations were obtained from other weathered soils including a Hong
Kong decomposed volcanic soil (Ng and Chiu, 2001), a Korean decomposed
granite (Lee and Coop, 1995), a Hong Kong decomposed fine ash tuff and
granite (GanandFredlund,1996).As�′ at thecritical state is a strengthparam-
eter related to the frictional characteristic of the inter-particle contacts, which
is an intrinsic property of the soil, it should be independent of the stress–state
variables including as suction. The intercept ���s�� of 7 kPa reflects the contri-
bution of the suction on the shear strength. As the initial Sr of the unsaturated
specimens is very close to the residual value (refer to Figure 5.55b), the suction
has little effect on the inter-particle forces due to the low contact area of the
meniscus.Thus, thecontributionof suction to the shear strength is small for the
decomposed granitic soil for the range of suction considered. This agrees with
the results reported by Gan and Fredlund (1996). They investigated the effect
of suction on the behaviour of an unsaturated decomposed granitic soils from
Hong Kong, and their results showed that the shear strength increases initially
with the suction and reaches a peak value. As the suction increases further (or
reaches a residual value), the shear strength begins to decrease from the peak.

Wetting behaviour of unsaturated specimens

After isotropic compression, four unsaturated specimens (ua1-g to ua4-g)
were sheared at constant net mean stress and suction �s = 40kPa� until
reaching a net stress ratio ��� of 1.4. Then, the specimens were wetted by
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Figure 5.63 States of unsaturated specimens of decomposed granitic soil before wetting
(after Ng and Chiu, 2003a).

reducing the soil suction while the deviator stress and the net mean stress
were kept constant. The stress states of these specimens (ua1-g to ua4-g)
before wetting are summarized in Table 5.12 and shown in Figure 5.63. It
is noted that all the states lie below the CSL obtained from the constant
water content tests �s = 25–33kPa�.

Figure 5.64a shows the variation of the axial strain with suction for the
wetting tests at a constant deviator stress. As the suction decreases from an
initial value of 40 to about 20 kPa, limited axial strain (less than 4 per cent)
is mobilized. As the suction continues to decrease, the rate of increase in the
axial strain accelerates towards the end of the test. There is a substantial
increase in axial strain for the last decrement of suction for all specimens.
All the tests were stopped because the travel limit of the bottom piston of
the stress path apparatus was reached.

Sasitharan et al. (1993) conducted similar stress path tests (increasing
pore water pressure under a constant deviator stress) but on loose satu-
rated Ottawa sand. These stress path test results showed that after the pore
water pressure had increased to a critical value (equivalent to a decrease in
matric suction), a slight increase in the pore water pressure could initiate
a catastrophic collapse of the saturated specimen. Sasitharan et al. (1993)
also reported that it was not possible to record the test data due to the rapid
collapse of the saturated specimen. However, such catastrophic collapse of
the soil skeleton was not observed in the wetting tests of this study because
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the time taken between failure and the last decrement of suction was about
12 h. This may due to the low Sr, which was about 46–66 per cent. At such
a low Sr, the collapse of the soil skeleton of the loose unsaturated soil gen-
erates only a limited amount of excess pore water pressure due to the high
compressibility of the air–water mixture. It takes this limited excess pore
water pressure longer to affect the whole soil skeleton due to low perme-
ability of the pore water phase. As a result, the volume reduces progressively
and the soil becomes denser before reaching failure.

It is noted that the unsaturated specimens approach failure at lower
suctions for higher applied net mean stresses. This agrees with the obser-
vation from the constant water content tests. As the confining pressure
increases, the volumetric contraction of the specimen increases. As a result,
the degree of saturation increases, which corresponds to a smaller value of
suction.

Figure 5.64b shows the variations of volumetric strain with suction. For
unsaturated specimens compressed to a net mean stress higher than 50 kPa
(ua2-g and ua3-g), relatively small volumetric contraction is mobilized as
the suction decreases from an initial value of 40 to about 25 kPa. As the
suction continues to decrease, the rate of increase in volumetric contraction
increases towards the end of the test. For other specimens (ua1-g), dilative
behaviour is observed and the volume reaches a maximum at a suction
of 17 kPa. As the suction further decreases, the specimen commences to
contract and the amount of volumetric dilation reduces. All four specimens
exhibit an increase in the rate of volumetric contraction upon the application
of the last decrement of suction, no matter if the specimen exhibits an overall
volumetric contraction or dilation. It seems that this increase in the rate of
volumetric contraction can be attributed to the collapse of the soil skeleton.
The figure also shows that the unsaturated specimens exhibit an increasing
tendency towards volumetric contraction as the applied net mean stress
increases. This agrees with the results of the constant water content tests on
unsaturated specimens and of the undrained tests on saturated specimens.
However, the magnitude of induced volumetric strains at collapse during
the wetting test path is considerably smaller than that induced during the
constant water content tests (see Figure 5.60b). This is because the wetting
process (or reducing of soil suction) was conducted under a high constant
net stress ratio (i.e. � = 1	4), which suppressed the amount of negative
dilation (i.e. volumetric contraction) as observed in other results shown in
Figure 5.61. This implies that anisotropic pre-shearing of a soil to a high
net stress ratio appears to reduce the amount of contractive strains during
the subsequent wetting. In other words, it seems that steep slopes may be
less vulnerable than gentle slopes to static liquefactions.

Figure 5.64c shows the variation of dilatancy with suction. For specimens
compressed to net mean stress higher than or equal to 100 kPa (ua3-g and
ua-4g), the dilatancy reduces with the suction. This agrees with the results
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from the constant water tests. For other specimens (ua1-g and ua2-g), the
dilatancy increases with the suction except for the last suction decrement of
specimen ua2-g.

Summary and conclusions

Three series of triaxial stress path shear tests were conducted on a loose
decomposed granitic soil (silty, clayey, gravely sand) compacted to initial
dry densities ranging from 74 to 84 per cent of the Proctor maximum �v =
1	852–2	099�. The tests included undrained tests on saturated specimens,
constant water content tests and wetting tests at a constant deviator stress
on unsaturated specimens. The test results have provided insights into the
fundamental behaviour of the loose decomposed soil.

Saturated loose decomposed granitic soil behaves like clean sands during
undrained shearing. Strain-softening behaviour is observed in a saturated
specimen compacted to an initial dry density of around 75 per cent of the
Proctor maximum and compressed to an effective confining pressure as low
as 25 kPa. This corresponds to the range of specific volumes commonly
found in the loose fill slopes in Hong Kong and the range of overburden
pressure relevant to a shallow slope failure. The observed strain-softening
behaviour implies that a potential static liquefaction may occur in loose fill
slopes formed with decomposed granites during rainstorms in Hong Kong.

In unsaturated loose decomposed granitic soil sheared at a constant water
content, a hardening stress–strain relationship and a relatively significant
volumetric contraction behaviour are observed for the considered range of
net mean stresses. This implies that the design of any stabilization measures
in loose granitic fill slopes and of geo-structures should take into account
the shear-induced volume changes in the soil, which may lead to potential
serviceability problems. For the range of suction considered, the degree of
saturation is close to the residual value. The suction therefore contributes
little to the apparent cohesion of the unsaturated soil. The angle of internal
friction at the critical state appears to be independent of the soil suction.

For unsaturated loose decomposed granitic soil wetted at constant devi-
ator stress, the behaviour of the unsaturated soil changes from dilative to
contractive with increasing net mean stress. The same wetting tests also show
that the unsaturated soil fails at a degree of saturation far below full satu-
ration, and the suction at failure decreases with an increase in the net mean
stress. The magnitude of induced volumetric strains at collapse during the
wetting test path is considerably smaller than that induced during the con-
stant water content tests. This is because the wetting process was conducted
under a high constant net stress ratio (i.e. � = 1	4), which suppressed the
amount of volumetric contraction. This implies that anisotropic pre-shearing
of a soil to a high net stress ratio appears to reduce the amount of contractive
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strains during the subsequent wetting. In other words, it seems that steep
slopes may be less vulnerable to static liquefactions than gentle slopes.

Based on a limited number of tests, the dilatancy of the unsaturated
soil depends on the suction, the state and the stress path. For unsaturated
soil compressed to a net mean stress higher than or equal to 100 kPa, the
dilatancy increases with the suction in both the constant water content
test and the wetting test at a constant deviator stress. In unsaturated soil
compressed to a net mean stress lower than 100 kPa, the dilatancy increases
with suction in the constant water content tests but decreases with suction
in the wetting tests at constant deviator stress.



 

Chapter 6

Measurement of shear stiffness

Sources

This chapter is made up of verbatim extracts from the following sources
for which copyright permissions have been obtained as listed in the
Acknowledgements.

• Cabarkapa, Z., Cuccovillo, T. and Gunn, M. (1999). Some aspects
of the pre-failure behaviour of unsaturated soil. Proc. Conf. on Pre-
failure Deformation Characteristics of Geomaterials, Jamiolkowski,
Lancellotta and Lo Presti (eds), Balkema, Rotterdam, 1, pp. 159–165.

• Mancuso, C., Vassallo, R. and d’Onofrio, A. (2000). Soil behaviour
in suction controlled cyclic and dynamic torsional shear tests. Proc.
Conf. on Unsaturated Soils for Asia, Rahardjo, Toll and Leong (eds),
Balkema, Rotterdam, pp. 539–544.

• Mancuso, C., Vassallo, R. and d’Onofrio, A. (2002). Small strain
behaviour of a silty sand in controlled-suction resonant column-
torsional shear tests. Can. Geotech. J., 39, 22–31.

• Ng, C.W.W. and Yung, S.Y. (2007). Determinations of anisotropic
shear stiffness of an unsaturated decomposed soil. Provisionally
accepted by Géotechnique.

• Ng, C.W.W., Pun, W.K. and Pang, R.P.L. (2000b). Small strain stiff-
ness of natural granitic saprolite in Hong Kong. Proc. J. of Geotech.
Geoeviron. Eng. ASCE, 819–833.

• Qian, X., Gray, D.H. and Woods, R.D. (1993). Voids and
granulometry: effects on shear modulus of unsaturated sands.
J. Geotech. Eng. ASCE, 119(2), 295–314.

Introduction (Ng et al., 2000b)

One of the most distinctive features of soils is their non-linear and stress-path
dependent deformation characteristics and stiffness properties. Most soils
behave non-linearly even at very small to small strains (0.001–1 per cent).
The non-linear small strain deformation characteristics and properties of
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dry and saturated sands and clays are well documented in geotechnical
engineering and soil testing literatures. This is due to the recent advances in
techniques of in situ and laboratory testing, field monitoring and numerical
modelling, which have led to a great improvement in understanding of
ground response to stress changes due to underground constructions such
as excavations and tunnels (Burland, 1989; Mair, 1993; Ng and Lings,
1995; Atkinson, 2000). It is now widely accepted that the stress–strain
relationship of dry and saturated soils is highly non-linear (Atkinson and
Sällfors, 1991; Simpson, 1992; Tatsuoka and Kohata, 1995). Construction
of retaining walls, foundations and tunnels in saturated stiff soils often
results in a range of strains over which there is a large variation of soil
stiffness (Mair, 1993; Ng and Lings, 1995). A summary of typical mobilized
strain ranges in saturated stiff soils under working load conditions is given
in Figure 6.1. Understanding of soil response at low levels of strain is clearly
very important, not only for earthquake problems but it also has its practical
significance and applications for designs and analyses of earth retaining
structures subjected to static loads. For ease of identification, Atkinson
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Figure 6.1 Approximate strain limits for soil structures in medium to dense and stiff
soils (after Mair, 1993).
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and Sällfors (1991) define three ranges of strains: very small strains (0.001
per cent or less), small strains (between 0.001 and 1 per cent) and large
strains (larger than 1 per cent). These definitions are adopted in this chapter.

Although substantial research work on soil stiffness has been carried out
by using saturated reconstituted and natural sedimentary soils, sands and
soft rocks (Jardine et al., 2004; Clayton and Khatrush, 1986; Richardson,
1988; Dobry, 1991; Ng et al., 1995; Stokoe et al., 1995; Tatsuoka and
Kohata, 1995; Lo Presti et al., 1997; Salgado et al., 1997); and on natural
weathered rocks such as granitic and volcanic saprolites, which are common
in Brazil, Portugal and the Far East (Viana Da Fonseca et al., 1997; Ng et al.,
2000b, 2004b; Ng and Wang, 2001; Wang and Ng, 2005; Ng and Leung,
2006), relatively only a limited number of research work has been conducted
to determine soil stiffness of unsaturated soils. In this chapter, laboratory
equipments and instrumentation developed for measuring shear modulus,
G0, at very small strains (0.001 per cent or less) of various unsaturated
sands and silts are summarized and reported. In addition, the anisotropic
shear modulus, G0�ij�, in the shear plane ij a recompacted volcanic soil is
discussed and reported below.

Effects of initial water contents on small strain
shear stiffness of sands (Qian et al., 1993)

Introduction

Qian et al. (1993) reported the results of an experimental investigation the
effects of initial water contents at compaction on the very small strain shear
modulus of sands in a resonant column. Their studies included: (i) void
ratio; (ii) confining pressure; (iii) grain shape and (iv) grain size distribu-
tion on shear modulus. All the tests were conducted under isotropic stress
conditions. Thirteen cohesionless soils were selected for testing to investi-
gate shear modulus under unsaturated conditions. Four were natural sands,
Glazier Way, mortar, Ottawa F-125 and Agsco. The minus 200 sieve size
fractions of these four sands were non-plastic. Glazier Way and Ottawa
F-125 sands were selected as the benchmark test materials, and the mortar
and Agsco sands were included because their grain shapes are very similar
to those of Glazier Way and Ottawa F-125 sands, respectively, but have
different grain sizes and distributions. These four sands were dry-sieved into
uniform size fractions or, alternatively, into size fractions with specific grain
size distributions. These tailored size fractions were tested to determine the
influence of gradation in a systematic manner.

Glazier Way sand and mortar sand are angular sands with roundness
values �R� of 0.22 and 0.21, respectively. Ottawa F-125 sand and Agsco sand
are subrounded sands with roundness values of 0.43 and 0.45, respectively.
The roundness (Youd, 1973) is defined as the ratio of the average of the



 

Measurement of shear stiffness 383

radii of the corners of a sand grain image to the radius of the maximum
circle that can be inscribed within the grain image.

The other nine sands were man-made or tailored cohesionless sands
derived from the four basic sands. Sands A1 through A6 were angular sands
fractionated from Glazier Way sand; sands R1 through R3 were subrounded
sands fractionated from Ottawa F-125 sand. Sands through A3 have differ-
ent size distributions in their coarse size fractions, but have the same content
of minus 400 sieve size fraction. The gradation characteristics of A4, A5
and A6 sands, and R1, R2 and R3 sands were similar to those of A1, A2
and A3 sands.

The basic properties of these 13 sands are listed in Table 6.1. The gra-
dation curves for the eight angular sands are shown in Figure 6.2; and the
gradation curves for the five subrounded sands are shown in Figure 6.3.
Eleven uniform angular sand fractions were used in their study; these sand
fractions were designated as 45, 50, 70, 80, 100, 120, 140, 170, 200, 270
and 400. For example, 100 sand is defined as a sand with all grains passing
through the No. 80 sieve and retained on the No. 100 sieve; the average
diameter of this uniform sand is 164�5�m. Nine uniform subrounded sand
fractions were used; they were designated as 70, 80, 100, 120, 140, 170,
200, 270 and 400.

The test sands were prepared by mixing soil and distilled water to a
pre-selected degree of saturation. The mixture was placed in an airtight con-
tainer and stored for at least 24 h to assure uniform moisture distribution.
Specimens were then prepared by compacting the soil–water mix to the
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required void ratio in a metal mould mounted directly on a resonant column
device. Measurements of the first mode resonant frequency were recorded
at pre-selected time intervals.

Effects of confining pressure and void ratio on maximum
shear modulus ratio and optimum degree of saturation

In order to illustrate the difference in shear modulus between unsaturated
sand and completely dry sand, the ratio of the shear modulus in an
unsaturated condition to the shear modulus in a completely dry condition,
G0/G0�dry� was selected as a basic representation of shear modulus response.
This ratio was plotted as a function of the degree of saturation at various
confining pressures for specific void ratios. Figures 6.4 and 6.5 show that
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Figure 6.4 G0/G0�dry� versus degree of saturation at various confining pressures for
Glazier Way sand (after Qian et al., 1993).
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Figure 6.5 G0/G0�dry� versus degree of saturation at various confining pressures for
R1 sand (after Qian et al., 1993).

the shear modulus ratio, G0/G0�dry�, varies significantly with the degree of
saturation. In the figures, the content of the minus 400 sieve size fraction,
Cs, is defined as a ratio of the weight of the minus 400 sieve size fraction to
the total weight. When the degree of saturation increases from a completely
dry condition �Sr = 0�, the ratio increases very rapidly to a peak value, i.e. the
maximum shear modulus ratio. The maximum shear modulus ratio of
Glazier Way sand was about 1.7 when the confining pressure was 24.6 kPa,
and the void ratio was 0.83 as shown in Figure 6.4. On the other hand, the
maximum shear modulus ratio of R1 sand was about 1.5 when the confining
pressure was 24.6 kPa, and the void ratio was 0.58 as shown in Figure 6.5.
The value of the optimum degree of saturation for Glazier Way sand in
Figure 6.4 was 10.5 per cent at a void ratio of 0.83, while the optimum
degree of saturation for R1 sand in Figure 6.5 was 3.0 per cent at a void
ratio of 0.58. When the degree of saturation increased beyond the optimum
degree of saturation, the curves slope downwards and gradually flattened
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out. Both Figures 6.4 and 6.5 show that the shear modulus ratio, G0/G0�dry�

decreased as the confining pressure increased. From a practical standpoint,
this finding indicates that the capillary effects on the shear modulus at
shallow depths will be more pronounced than those at greater depths.

The relationship between the shear modulus ratio, G0/G0�dry�, and the
degree of saturation, at various void ratios and constant confining pressure
for A4 and Ottawa F-125 sands, is shown in Figures 6.6 and 6.7. The max-
imum shear modulus ratio, G0/G0�dry�, of A4 sand was 2.04 at a confining
pressure of 24.6 kPa and void ratio of 0.68. The maximum shear modulus
ratio decreased to 1.60 when the void ratio increased to 1.13. In a similar
manner the maximum shear modulus ratio, G0/G0�dry�, of Ottawa- F-125
sand was 1.32 at a confining pressure of 24.6 kPa and void ratio of 0.58;
the ratio dropped to a 1.19 as the void ratio increased to 0.88. As shown
in both Figures 6.6 and 6.7, G0/G0�dry� increased as the void ratio decreased
for all degrees of saturation. This means that the value of the maximum
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Figure 6.6 G0/G0�dry� versus degree of saturation at various void ratios for A4 sand
(after Qian et al., 1993).
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Figure 6.7 G0/G0�dry� versus degree of saturation at various void ratios for Ottawa
F-125 sand (after Qian et al., 1993).

shear modulus ratio should be greatest in a soil that has the lowest void
ratio, all other factors constant.

Effects of grain size distribution on maximum shear modulus
ratio and optimum degree of saturation

To illustrate the effects of grain size distribution on the shear modulus of
unsaturated sands, the different size groups of uniform angular sands frac-
tionated from Glazier Way sand and uniform subrounded sands fractionated
from Ottawa F-125 sand were tested in an unsaturated condition. Figure 6.8
shows the relationship between the shear modulus ratio and the degree of
saturation for 70, 100, 140, 170, 200, 270 and 400 angular, uniform size
fractions at a confining pressure of 24.6 kPa and void ratio of 0.78. It can
be seen that uniform sands with the same grain shape from 45 to 400 size
fractions have the same optimum degree of saturation. This optimum degree
of saturation is equal to 4.5 per cent for angular sand at a void ratio of
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Figure 6.8 G0/G0�dry� versus degree of saturation for angular uniform sand size fractions
(after Qian et al., 1993).

0.78 even though they have different values of the maximum shear mod-
ulus ratio. Subrounded sands behaved in a similar manner. The maximum
shear modulus ratio increased with decreasing soil grain size as shown in
the figure. For example, the maximum shear modulus ratio of 400 angular,
uniform sand was about 1.47, and the maximum shear modulus ratio of 70
angular, uniform sand was about 1.12 at a confining pressure of 24.6 kPa
and void ratio of 0.78. This finding indicates that the soil grain size is also
an important factor affecting the value of the maximum shear modulus
ratio for unsaturated cohesionless soils. The higher the content of the fine
particles in a sand, the greater will be the maximum shear modulus ratio.

Figure 6.9 shows the relationship between the shear modulus ratio,
G0/G0�dry�, and the degree of saturation, for angular and subrounded minus
400 sieve size fractions at a void ratio of 0.78 and confining pressure of
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Figure 6.9 G0/G0�dry� versus degree of saturation for angular and subrounded minus
400 sieve size fractions (after Qian et al., 1993).

24.6 kPa. The content of the minus 400 sieve size fraction, Cs, is defined as
a ratio of the weight of the minus 400 sieve size fraction to the total weight.
Its value varies from 0 to 1.0. If the smallest grain of a sand is larger than
400 sieve size, the content of the minus 400 sieve size fraction of this soil
is 0 �Cs = 0�. All soils shown in Figure 6.8 fall in this category. If all grains
of a cohesionless soil are less than 400 sieve size, the content of the minus
400 sieve size fraction of this soil is 1�0 �Cs = 1�0�. All the soils shown in
Figure 6.9 fall in this category.

A comparison between the curve for the angular minus 400 sieve size frac-
tion in Figure 6.9 and the curves in Figure 6.8 indicates quite different mod-
ulus ratios between the minus 400 sieve size fraction and grains that are
larger than the 400 sieve size. The value of the optimum degree of saturation
of the angular minus 400 sieve size fraction was equal to 16.0 per cent, as
shown in Figure 6.6. This was much higher than the value of the optimum
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Figure 6.10 G0/G0�dry� versus degree of saturation for 170 angular sand size with
various Cs (after Qian et al., 1993).

degree of saturation of the angular grains that were larger than 400 sieves
size, namely, 4.5 per cent as shown in Figure 6.8. The value of the optimum
degree of saturation of the subrounded minus 400 sieve size fraction was equal
to 15.0 per cent, as shown in Figure 6.10, which was also much higher than
the value of the optimum degree of saturation of the subrounded grains that
were larger than 400, namely, 3.0 per cent. If an angular sand, whose round-
ness value is also 0.22, has grains that are both larger and smaller than 400
sieve size, the optimum degree of saturation should lie between 4.5 and 16.0
per cent. A similar conclusion can be drawn for the subrounded sand. Thus,
the content of the minus 400 sieve size fraction of a cohesionless soil will also
affect the optimum degree of saturation in a partially saturated condition.

To understand the effect of the content of the minus 400 sieve size fraction
on the optimum degree of saturation, 170 angular sand was selected as
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the common ingredient of artificial mixes having different contents of the
minus 400 sieve size fraction. Figure 6.10 shows the relationships between
the shear modulus ratio and the degree of saturation for 170 angular sand
with various contents of the minus 400 sieve size fraction at a confining
pressure of 24.6 kPa and void ratio of 0.78. In the figure, there are seven
curves, which represent seven values of the minus 400 sieve size fraction
content, namely, 0, 0.05, 0.15, 0.25, 0.50, 0.75 and 1.0. The test results in
Figure 6.8 show that soil grains larger than the 400 sieve size only affect the
value of the maximum shear modulus ratio and do not affect the value of
the optimum degree of saturation. Figure 6.10 shows that the content of the
minus 400 sieve size fraction, on the other hand, affects both the maximum
shear modulus ratio and the optimum degree of saturation. Thus, grain
size distribution is also an important factor affecting dynamic behaviour of
unsaturated cohesionless soil.
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Figure 6.11 G0/G0�dry� versus grain diameter for angular and subrounded sands (after
Qian et al., 1993).
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Effects of grain shape on maximum shear modulus ratio and
optimum degree of saturation

To observe the effect of grain shape on the shear modulus of unsaturated
cohesionless soils, the maximum shear modulus ratio, G0�max�/G0�dry�, at
the optimum degree of saturation for both angular and subrounded sands
with the same minus 400 sieve size fraction content were both plotted as
a function of grain diameter. Figure 6.11 shows the relationship between
G0�max�/G0�dry� and grain diameter at a confining pressure of 24.6 kPa and
void ratio of 0.78. The two curves in the figure through solid points rep-
resent angular sand whose Cs values were 0 and 0.15. The two curves
through open points represent subrounded sand whose Cs values were also 0
and 0.15.

Grain shape also affected the optimum degree of saturation. Figure 6.12
shows the relationship between the optimum degree of saturation and void
ratio for both angular and subrounded sands at three minus 400 sieve size
contents, 0, 0.15 and 1.0. These results show that the optimum degree of
saturation of angular sand is also higher than that of subrounded sand.
Therefore, soil grain shape is an important factor affecting both the optimum
degree of saturation and the maximum shear modulus ratio.

Effects of suction on elastic shear modulus of quartz
silt and decomposed granite (silty sand)

Shear stiffness of quartz silt (Cabarkapa et al., 1999)

Triaxial equipment and instrumentation

Cabarkapa et al. (1999) modified a computer-controlled hydraulic triaxial
cell for unsaturated soil testing (see Figure 6.13). The system used a hydraulic
loading system, Bishop and Wesley type, where diaphragms seal a piston in
a Bellofram cylinder. The cell was equipped with pressure control units for
cell pressure, ram pressure, pore water and pore air pressure. The pressures
were controlled either by electropneumatic converters or digital pressure
controllers. Water was used as cell and pore fluid.

The apparatus was able to test samples of 38 and 100 mm diameter.
The axis-translation technique was used to control matric suction. The
pore water pressure �uw� was applied at the base of the sample via a high
air-entry porous disc with an air-entry value of 1.5 MPa. The pore air
pressure �ua� was supplied and controlled at the top of the sample using a
digital pressure–volume controller. The deviatoric load acting on the sample
was measured with a 4.5 kN internal load cell. Axial displacements were
measured externally using a linear variable differential transformer (LVDT)
and were corrected for compliance error by the software.
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For the internal axial strain measurements two miniature submersible
transducers (LVDTs) were mounted diametrically opposite on the sample
over a central length of 50 mm to provide measurements down to 0.0001
per cent. For unsaturated soil radial strains need to be determined directly
on the sample since an indirect determination from volume gauges would
be highly inaccurate. In this system, a radial strain belt was positioned at
mid-height of the sample (see Figure 6.14). The radial strain belt used a
miniature LVDT mounted tangentially to the belt.

The internal measurements of axial and radial strains were used to calcu-
late the overall volume change. The water volume changes were measured
with accuracy of about 0.001 per cent using a standard 50 cc Imperial
College volume gauge fitted with a LVDT. Air volume changes were mea-
sured using a digital pressure–volume controller (Adams et al., 1996). Even
if temperature was controlled within �±0�5 �C� this controller showed to
be sensitive to temperature fluctuation with a volumetric drift of about
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0.3 per cent per degree Celsius so that these measurements could not be
used to calculate volumetric changes at small strain levels.

One of the key features in the triaxial system developed for testing unsatu-
rated soils was the ability to measure and control suction as well as measur-
ing the shear modulus G0 from the local instrumentation during continuous
loading and from bender elements. To install the bender elements, the trans-
mitter in the top cap was located in a slot cut in a standard porous stone
3 mm thick. The receiver was located in the pedestal which was designed to
accommodate a 6-mm thick and 30-mm diameter disc with a high air-entry
value of 1,500 kPa.

Design and assembly techniques described by Dyvick and Madshus (1985)
were modified for unsaturated soil testing and particular attention was paid
to connecting the receiver bender element with the high air-entry disc since
high impedance bender devices cannot be exposed to moisture and require
therefore perfect insulation. An epoxy composite with polyurethane coating
was used to cover and insulate the bender elements. For this test, a sine wave
pulse with a frequency of 9 kHz was chosen to avoid the near field effect
and to obtain a clear received signal. Using this frequency the ratio of the
distance between the tips of the benders �d� and the wavelength ��� varied
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Figure 6.13 Bishop and Wesley triaxial cell (after Cabarkapa et al., 1999).
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Figure 6.14 Set-up of the test specimen in the apparatus with internal instrumentation
(after Cabarkapa et al., 1999).

in the range 4.5–6.5 as recommended by Sanchez-Salinero et al. (1986) to
minimize any near field effect.

Material tested

The soil tested was a quartz silt with angular particles (mean particle size
D50 = 0�02mm) with a specific gravity �Gs� of 2.67, a liquid limit �wL� of
31 per cent and a plastic limit �wp� of 0 per cent. The grain size distribution
is shown in Figure 6.15.
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Figure 6.15 Particle grain size distribution (after Cabarkapa et al., 1999).
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Figure 6.16 Soil–water characteristic curve (after Cabarkapa et al., 1999).

The SWCC of the silt tested was obtained experimentally in a stepped
process during which different values of pore air and pore water pressure
were maintained. The system was allowed time to come into equilibrium.
This procedure was repeated until the final pressure was set and resulting
equilibrium attained. The SWCC shown in Figure 6.16 was obtained in
the triaxial apparatus able to reach a confining pressure of 1.7 MPa. The
estimated air-entry value is around 40 kPa.

Compression and swelling characteristics under constant suctions

Figure 6.17 shows the data for compression and swelling for three samples
with suctions of 50, 100 and 200 kPa and a dry sample. The samples with
suctions of 50 and 100 kPa show clear evidence of yielding and a value of p
for yield can be estimated by extrapolating the slopes of the initial and later
parts of the test paths. On the other hand, the evidence for yielding of the
sample with a suction of 200 kPa and the dry sample is not so clear.

Variations of G0 during isotropic compression

Values of measured shear wave velocity and shear moduli �G0� of an unsat-
urated soil sample obtained from bender element tests were computed using
the following equation:

G0 = �V 2
s (6.1)

where Vs is shear wave velocity and � mass density of the soil.
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Figure 6.18 Variation of G0 during isotropic compression tests (after Cabarkapa
et al., 1999).

Figure 6.18 shows values of G0 obtained from bender element tests on
the dry sample and the three unsaturated samples. Each sample experiences
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isotropic loading and unloading as shown in Figure 6.18. The following key
points can be made about the measured results:

• The results for each sample are similar. The shear modulus increases
with increasing p as the sample is loaded. On unloading the shear
modulus decreases but at each value of net mean stress p� G0 is higher
than during the loading (in other words, over-consolidation increases
stiffness).

• The effect of suction is to increase stiffness. It should be noted that
the results for the dry sample lie between those for suctions of 50 and
100 kPa. It was not expected if the dry sample simply corresponded to
the case of zero suction.

• In the post-yield region, the relationship between G0 and net mean stress
p for different suctions is somewhat linear in a double logarithm plot
as shown in Figure 6.19.

Shear stiffness of decomposed granite (silty sand) (Mancuso
et al., 2000, 2002)

Mancuso et al. (2000, 2002) conducted suction-controlled tests on recom-
pacted decomposed granite specimens in a resonant column-torsional shear
(RCTS) apparatus to investigate the effects of suction and fabric on unsat-
urated soil behaviour, shear stiffness at very small strain in particular.

The RCTS and testing procedures

To investigate the small strain behaviour of unsaturated soils, an RCTS appa-
ratusworkingundercontrolled-suctionconditionswasdeveloped.Figure6.20
shows a general layout of the apparatus. This apparatus allows separate
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Figure 6.19 Variation of G0 in the post-yield region (after Cabarkapa et al., 1999).
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Figure 6.20 General layout of the controlled-suction resonant column-torsional
shear device for unsaturated soils developed in Naples. A, electromag-
netic regulator; B, transducer; C, linear variable differential transducer;
D, aluminium hollow cylinder; E and G, differential pressure transducers;
F, reference burette; H and I, double-walled burettes and L, peristaltic
pump (after Mancuso et al., 2002).

control of cell, pore air and pore water pressures using three electropneu-
matic regulators (A in Figure 6.20). A feedback process sets pressures at
any value established by the operator, taking advantage of readings from
transducers (B in Figure 6.20) connected to the pressure lines. Suction is
controlled using the axis-translation technique. Pore air and pore water pres-
sures are applied through the base pedestal. A high air-entry value porous
disk protects the drainage line from short-term desaturation. The resulting
complex design of the pedestal arose from the desire to not modify the fixed-
free torsional constraint condition in the RCTS for unsaturated soils.

The specific volume changes of the specimen are inferred from the separate
measurement of axial and radial displacements (Figure 6.20). The former are
evaluated using an LVDT coaxial to the specimen, i.e. C, and the latter are
obtained indirectly with a differential pressure transducer (i.e. E) monitoring
the change of the water level in a bath surrounding the sample. A reference
burette (i.e. F) gives the zero reading. To slow down water evaporation, a
layer of silicone oil is placed above the water–air interfaces.

The measurement of changes in water content �	w� is obtained through
a system of two double-walled burettes coupled to a differential pressure
transducer (DPT; G in Figure 6.20). The first burette (i.e. H) is connected
to the specimen drainage line and the second (i.e. I) gives a reference value
for the DPT readings. A flushing system, in addition to the high air-entry
value disk, protects the drainage line from long-term desaturation, and water
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evaporation is delayed through the placement of silicone oil on the water–air
interfaces.

The testing procedure used with this RCTS device consists of three stages:
equalization, compression and cyclic-dynamic torsional shear. Details of the
stages are given by Mancuso et al. (2002).

The tested material

The tested material is a decomposed granite extracted from a quarry in
Calabria, Italy, used to build the core of a zoned earth dam across the
Metramo River (Baldovin et al., 1991). The material is a silty sand with a
high uniformity coefficient of 400 and a clay fraction of about 16 per cent.
The liquid limit wL measured on the fraction having diameters of soil parti-
cles lower than 0.4 mm is around 35 per cent, and the plasticity index PI is
14 per cent, indicating that the finer fraction of the soil can be classified as
lean clay in the USCS Plasticity chart (ASTM, 1993). The above and other
physical properties of the material are summarized in Table 6.2.

This soil has been tested after compaction by the modified Proctor pro-
cedure (ASTM, 1991) at the optimum moulding water content (wOPT = 6�8
per cent) and on the wet side of the relevant compaction curve (water con-
tent w = wOPT +2�5 per cent). The undercompaction technique (Ladd, 1978)
was adopted to improve soil homogeneity along the specimen height.

Three 36-mm diameter specimens were obtained from each Proctor sam-
ple. Average specific volumes v and dry unit weights 
d resulting from
compaction are v = 1�338 ± 0�009 and 
d = 16�35 ± 0�14kN/m3 for the
optimum soil and v = 1�462±0�004 and 
d = 17�71±0�005kN/m3 for the
wet material. The after-compaction suction measured using the Imperial
College tensiometer (Ridley and Burland, 1993) is around 800 and 60 kPa
for optimum and wet of optimum compacted specimens, respectively (Vinale
et al., 1999).

The tested soil has a non-negligible fine-grained component. It is there-
fore expected that, depending on compaction water content, the soil may
assume a quite different structure due to bulk water, menisci water and soil
particles arrangement. This is not supported in the paper by scanning elec-
tron microscopy or mercury intrusion porosimetry measurements, and arises

Table 6.2 Main physical properties of Metramo silty sand (after Mancuso et al., 2000, 2002)
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from literature studies that show direct observations of compaction-induced
microfabric (Barden and Sides, 1970; Wan and Gray, 1995; Delage et al.,
1996). From these studies it can be argued that dry compaction generally
results in a soil fabric made up of aggregates of varying sizes, and usually
with a bimodal pore-size distribution. Wet of optimum compaction tends to
produce a more homogeneous, matrix-dominated soil fabric with a single
pore-size distribution.

Observed relationships of shear stiffness and suction

At the end of compression stages, several series of resonant column (RC)
and torsional shear (TS) tests were performed. To analyse strain-rate effects,
each series was performed at constant torque and at loading frequencies
of 0.06, 0.1, 0.5 and 2 Hz. Tests were initiated immediately after the end
of compression to eliminate time effects and thus obtain homogeneous
data.

For the intermediate net stress �� −ua� values, the RC and TS tests were
performed at torques that increased progressively not crossing over the
elastic threshold strain of the soil (G�y�/G0 = 95 per cent, where G is the
shear stiffness, � is the shear strain and G0 is the initial shear stiffness. Once
the highest chosen �� − ua� was reached, torque was increased up to the
maximum allowable value (0.43 Nm) to obtain the G–
 curve (not discussed
here). Table 6.3 summarizes the investigation suction and mean net stress
levels that were used in the tests (Mancuso et al., 2002).

Figures 6.21 and 6.22 show the initial shear stiffness G0 against matric
suction obtained in the suction-controlled RC and in TS tests at a 0.5 Hz
loading frequency. It can be seen that most of the suction effects are observed
for s ranging from 0 to about 100 kPa. For suction higher than 100 kPa, G0

tends towards a threshold value that depends on the mean net stress level.
The effect of suction is significant. Suction variation in the 0–400 kPa range
causes an increase in G0 ranging from 85 to 50 per cent for the optimum soil
and from 165 to 40 per cent for the wet compaction. The stiffness values of
both optimum and wet compacted materials are clearly distinct for constant
stress levels and show an S-shaped increase with suction. This mechanical
response complies with the typical S-shape of the soil–water characteristic
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curve (SWCC) and can be explained by dividing the G0 versus s curves into
three different zones.

1. Zone 1 starts in saturated conditions at null suction and is restricted
to low suction values. Herein, bulk-water effects dominate the soil
behaviour, since the amount of air present in the specimens is negligible.
In this zone, variations in s are practically equivalent to changes in
mean effective stress. The initial gradient of the G0–s relationship is then
expected to be the same as that of the G0–p′ function of the saturated
material, calculated at a mean effective stress p′ equal to �p−ua�c, where
�p−ua�c is the mean net stress of the drying path under consideration.
This gradient is also expected to decrease less than linearly as �p −
ua�c increases, according to the typical shape of the G0 − p′ function
(Rampello et al., 1995).

2. In zone 2, i.e. intermediate suction values, the amount of air present
in the pore voids becomes ever more significant as suction increases. A
progressive shift of the soil response occurs from bulk-water regulated
behaviour to menisci-water regulated behaviour.

3. In zone 3, for suction values high enough to allow menisci water to have
a dominant influence, suction-change effects conform to those expected
on the basis of the Fisher (1926) model. Thus, the initial shear stiffness
increases with suction at an initially fast rate and then tends towards a
threshold value.

p – ua = 100 kPa
p – ua = 200 kPa
p – ua = 400 kPaIn

iti
al

 s
he

ar
 s

tif
fn

es
s,

 G
0 

(M
P

a)

500

400

300

200

100

0
0 100 200 300 400

Matric suction (ua  – uw) (kPa)

(a)

p – ua = 100 kPa
p – ua = 200 kPa
p – ua = 400 kPa

Figure 6.21 Initial shear stiffness versus suction for the optimum compacted soil:
(a) RC tests; (b) TS tests (after Mancuso et al., 2000).
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Figure 6.21 (Continued).

Moulding water content seems to cause some significant differences in soil
response. This variable affects the ratio between the saturated value and the
unsaturated threshold values of shear stiffness, and the suction values (called
s∗ in the following) characterizing the transition between bulk-water reg-
ulated behaviour and menisci-water regulated behaviour. This latter point
can be explained on the basis of intuitive physical considerations. In fact,
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Figure 6.22 Initial shear stiffness versus suction for the wet compacted soil: (a) RC
tests; (b) TS tests (after Mancuso et al., 2000).
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Figure 6.22 (Continued).

changes in soil fabric due to an increase in moulding water content induce
smaller pore sizes in the wet material with respect to the optimum soil, even
if the overall porosity follows the opposite trend (Barden and Sides, 1970;
Lambe and Whitman, 1979; Delage et al., 1996). This is also suggested by
the characteristic curves of compacted soils from Vanapalli et al. (1996),
who observed that optimum compaction leads to a lower air-entry value
than wet compaction. This could justify the lower s value of the optimum
soil (a few tens of kilopascals in Figure 6.21) with respect to that of the
wet soil (around 100 kPa in Figure 6.22). It must be noted, however, that
the differences between the two figures could be partly due to hydraulic
hysteresis.

Data from Figures 6.21 and 6.22 confirm that wet compaction induces
a weaker soil fabric with respect to optimum compaction. In fact, the
increase in moulding water content causes a strong reduction in ini-
tial shear stiffness, both under RC and TS conditions. For example, the
RC data from saturated specimens indicate that the G0 value at p′ of
100 kPa varies from about 80 MPa in the wet case to 130 MPa in the
optimum compacted specimen. That is, stiffness increases by more than
60 per cent by decreasing compaction water content from 12.3 (wet) to
6.8 per cent (optimum). Similar effects are observed at all other suction
levels.

Besides the observed effect of moulding water content �wmld�, the
experimental data confirm that the soil fabric resulting from wmld is
an important factor regulating soil behaviour, since ageing, stress and
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suction states or stress histories were not changed in the previous
comparison.

Empirical equations for shear stiffness and suction relationships
(Mancuso et al., 2002)

For saturated conditions, G0 values can be expressed, for example, by fol-
lowing the relationship proposed by Rampello et al. (1995):

G0

pa
= A

(
p′

pa

)n

OCRm (6.2)

where pa is the reference pressure (atmospheric); A is the stiffness index and
n and m are the stiffness coefficients representing the stiffness of the material
under the reference pressure (at an over-consolidation ratio, OCR, of 1) and
the sensitivity of the stiffness to stress state and history, respectively.

As suggested by Mancuso et al. (2002), the stiffness �G0�s =0 at null suc-
tion is

�G0�s =0

pa
= A

[
�p−ua�C

pa

]n

OCRm (6.3)

where �p−ua� is the mean net stress of the drying path under consideration.
Equation (6.3) can be extended up to the air-entry value of the tested soil

by simply adding s to mean net stress, giving the following equation for the
G0–s relationship in zone 1:

�G0�s≤sev

pa
= A

[
�p−ua�c + s

pa

]n

OCRm (6.4)

Further, small increases in suction cause progressive soil desaturation and
move the G0–s relationship from the bulk-water regulated zone to the
menisci-water regulated zone. In this suction range (zone 2) it can be rea-
sonably assumed that the effect of suction starts with a gradient equal to
that which can be derived from Equation (6.4).

The G0–s curve in this zone is the link between the functions in zones 1
and 3 and must tend towards the latter for higher suctions. However, both
the shape of the curve in zone 2 and the suction level at which menisci water
starts prevailing (i.e. the edge of zone 2) depend on the details of the specific
desaturation process, and are not straightforward.

In this session, a simplified G0 versus s relationship is assumed, i.e. both
zone 2 and zone 3 behaviour can be described by an equation similar to
that proposed by Alonso et al. (1990) for the ��s� function. This assumption
implies a discontinuity between zones 1 and 3, i.e, zone 2 reduces to zero
width. Using the suction value at the transition between bulk-water regulated
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behaviour and menisci-water regulated behaviour, already indicated as s∗,
experimental data can be fitted by the relationship:

G0 = �G0�s�1− r�e−��s−s∗� + r� (6.5)

where � is the parameter that controls the rate of increase of soil stiffness
with increasing suction and is associated with the soil sensitivity to suction
changes; and r is the ratio between shear stiffness at s∗ and the threshold
value of G0 for increasing suction and is related to the stiffness increase due
to menisci water.

It is worth noting that Equation (6.5) does not follow directly from Alonso
et al. (1990). As a more reasonable analogy would be expected between
shear stiffness and bulk modulus, G0 should vary inversely with the ��s�
function proposed by the authors. The shape of such a relation, however,
does not differ from that of Equation (6.5) which is preferred because of its
better manageability and straightforward physical meaning of the r and �
coefficients.

Figure 6.23 displays the application of the above criteria to the data from
the optimum and wet of optimum compacted soils for the data collected
at �p−ua� = 400kPa. This figure suggests that equation (6.5) can properly
fit experimental data obtained in zone 3, where stiffness values are higher
than those predicted by Equation (6.4) obtained extending the saturated soil
approach up to s∗.

On the basis of these observations it can be concluded that soil behaviour
is dominated by menisci-water effects at relatively high suctions, whereas
at low matric suctions (i.e. relatively high degree of saturation) bulk-water
effects prevail. In the former case, suction increases the normal forces acting
on particles, whereas in the latter case suction is roughly equivalent to
a change in mean net stress (having smaller effect on shear stiffness). To
confirm this point, however, further experimental evidence is necessary.

Anisotropic shear stiffness of completely
decomposed tuff (clayey silt) (Ng and Yung, 2007)

Introduction

With the introduction of an additional horizontally mounted bender ele-
ment probe consisting of two pairs of orthogonally oriented bender elements
by Pennington et al. (1997) in a triaxial apparatus, velocities of horizon-
tally propagated shear waves with horizontal and vertical polarizations,
as well as conventional vertically propagated shear wave with horizontal
polarization, can be measured within a single soil specimen. The develop-
ment of this additional horizontally mounted bender element probe enables
researchers to evaluate anisotropic shear moduli in different planes of soils
(Ng et al., 2004b; Ng and Leung, 2006).
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Theoretical considerations

In dry and saturated soils, shear wave velocity is found to be dependent
on the effective stresses in the directions of wave propagation and particle
motion and is almost independent of the effective stress normal to the plane
of shear for saturated soil (Roesler, 1979; Knox et al., 1982; Jamiolkowski
et al., 1995; Stokoe et al., 1995; Bellotti et al., 1996; Rampello et al., 1997).
In addition to effective stresses, both shear wave velocity and small strain
shear modulus is shown to be a function of void ratio. Different void ratio
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Figure 6.23 Interpretation of the results of the RC tests performed on (a) the
optimum compacted material and (b) the wet of optimum compacted
material at a mean stress of 400 kPa (after Mancuso et al., 2002).
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functions are proposed to account for the influence of void ratio on shear
wave velocity and shear modulus in saturated soils (Hardin and Drnevich,
1972; Iwasaki et al., 1978; Lo Presti, 1989). For shear wave velocity, vs�ij�,
corresponding to shear wave propagating in dry and saturated soils with
directions of wave propagation, i, and particle motion, j, polarized along
the principal stress directions ij can be expressed as

vs�ij� = Cij f�e�

(
�i −uw

pr
× �j −uw

pr

)n/2

(6.6)

where Cij is a material constant (with dimension m/s) reflecting soil fabric,
f�e� a void ratio function relating the dependency of shear wave velocity
to void ratio, pr a reference stress, �i − uw and �j − uw are the principal
effective stresses in the plane in which vs�ij� is measured, and n is an empirical
exponent.

With the adoption of the two stress state variables, � −ua, and ua −uw, for
unsaturated soils, it is intuitive reasonable to assume the following velocity
expression for shear waves travelling in unsaturated soils:

vs�ij� = Cij f�e�

[
��i −ua�

pr
× ��j −ua�

pr

]n/2 [
1+ �ua −uw�

pr

]bij

(6.7)

where bij is an empirical exponent of matric suction, reflecting the influ-
ence of matric suction on shear wave propagating in the polarization plane,
ij. When soil is saturated (i.e. ua −uw = 0), Equation (6.7) becomes Equa-
tion (6.6). This equation allows a smooth transition between an unsaturated
soil and a saturated soil. Assuming that the reference pressure, pr, is 1 kPa,
and the void ratio function is in the form of an exponential function, eaij ,
where aij is an empirical void ratio exponent, Equation (6.7) can be rewrit-
ten as

vs�ij�

f�e�
= vs�ij�

eaij
= Cij ���i −ua�× ��j −ua��

n/2 �1+ �ua −uw��bij (6.8)

Assuming that strains induced by bender elements in an elastic soil are very
small (Dyvik and Madshus, 1985) and by knowing the current tip-to-tip
distance, Li, of transmitting and receiving bender elements (Viggiani and
Atkinson, 1995), velocity of shear wave can be measured and calculated by:

vs�ij� =
Li

tij

(6.9)

where tij is measured travelling time of shear wave propagating in the
polarization plane, ij, over the distance Li. Hence, the elastic shear modulus
at very small strain, G0�ij�, may be determined from:

G0�ij� = �v2
s�ij� (6.10)
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where � is the bulk density of soil, which can be expressed in terms of void
ratio, e, and degree of saturation, Sr, as follows:

� =
(

Gs +Sre

1+e

)
�w (6.11)

where Gs is specific gravity of soil and �w density of water. By measuring
the change of water content and volume of a soil specimen, soil density can
be obtained using Equation (6.11) and hence G0�ij� can be determined.

Combining Equations (6.7), (6.10) and (6.11), the elastic shear modulus,
G0�ij�, can be expressed as

G0�ij� = Sij F �e�

[
��i −ua�

pr
× ��j −ua�

pr

]n [
1+ �ua −uw�

pr

]2bij

(6.12)

where

F �e� = �f�e��2�Gs +Sre�

1+e
and Sij = C2

ij�w (6.13)

F �e� may be considered as a function of void ratio relating shear modulus
to void ratio, and Sij is a material constant reflecting soil fabric.

If thedegreeofanisotropyofunsaturatedsoils is expressed in termsofashear
stiffness ratio between shear modulus in the horizontal plane �G0�hh�� to that
in the vertical plane �G0�hv�� in a triaxial test, by making use of the expression
in Equation (6.12), the shear stiffness ratio can be derived as follows:

G0�hh�

G0�hv�

=
(

vs�hh�

vs�hv�

)2

= Shh

Shv

[
��h −ua�

��v −ua�

]n [
1+ �ua −uw�

pr

]2�bhh−bhv�

(6.14)

where vs�hh� is velocity corresponding to a shear wave propagating horizon-
tally with horizontal polarization, vs�hv� velocity corresponding to a shear
wave propagating horizontally with vertical polarization, bhh and bhv are
empirical exponents of matric suction reflecting the influence of matric
suction on stiffness in the two directions, hh and hv, respectively. It can
be seen from Equation (6.14) that the ratio of shear modulus is equal to
the square of the ratio of shear wave velocity, �vs�hh�/vs�hv��, and hence the
degree of stiffness anisotropy of unsaturated soils depends on soil fabric,
Shh/Shv, ratio of net normal stresses in the horizontal and vertical directions,
��h − ua�/��v − ua�, and matric suction, ua − uw. The influence of matric
suction on the degree of stiffness anisotropy is governed by the difference
between values of bhh and bhv. For saturated soils (i.e. ua −uw = 0) with
isotropic fabric (i.e. Shh/Shv = 1), the degree of stiffness anisotropy in Equa-
tion (6.14) solely depends on the stress ratio, ��h − ua�/��v − ua� that is
commonly recognized to cause stress-induced anisotropy.
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On the other hand, under isotropic stress conditions (i.e. ��h −ua�/��v −
ua� = 1), Equation (6.14) can be simplified as

G0�hh�

G0�hv�

=
(

vs�hh�

vs�hv�

)2

= Shh

Shv

[
1+ �ua −uw�

pr

]2�bhh−bhv�

(6.15)

If soil is saturated, [i.e. �ua − uw� = 0], the ratio of shear modulus reveals
inherent stiffness anisotropy of soil fabric (i.e. Shh/Shv) only. This suggests
that the degree of stiffness anisotropy expressed as the ratio of the shear
modulus is independent of net normal stress under isotropic conditions and
it depends on both inherent fabric anisotropy and matric suction if the
difference between bhh and bhv is not equal to zero. The term �1 + �ua −
uw��bhh−bhv�� in Equation (6.15) will not be equal to zero and it is governed
by soil suction. This leads to so-called suction-induced anisotropy.

Testing apparatus and measuring devices

Development of a triaxial apparatus for testing unsaturated soils

For testing unsaturated soils, the principle of the axis-translation technique
(Hilf, 1956) was employed to control matric suction of a soil specimen to
prevent cavitation. This technique involves a translation of the reference
atmospheric air pressure to a higher desirable value to preventing gauge
water pressure in soil pores dropping below zero. This requires the control
of ua and uw in a soil specimen. An existing computer-controlled triaxial
apparatus originally for testing saturated soils (Li et al., 1988) was thus
modified. Figure 6.24 shows a schematic diagram illustrating the modified
triaxial apparatus for controlling air and water pressures independently at
the top and the bottom of a soil specimen, respectively. The actual entire
assembly of the triaxial apparatus together with measuring devices is shown
in Figure 6.25. In this triaxial cell, air pressure is controlled through a coarse
low air-entry value corundum disk placed on the top of a soil specimen,
whereas water pressure is controlled through a saturated high air-entry value
(3 bars) ceramic disk sealed to the pedestal of the apparatus. The use of
the high air-entry ceramic disk allows the passage of water but prevents
the flow of free air from the specimen to the water control and drainage
system underneath it in the short term. However, since the permeability of
an unsaturated soil specimen is generally very low, long duration of testing
in terms of weeks and months is often encountered. It is therefore very
important to design a drainage system to remove any diffused air through
the high air-entry value ceramic disk.

Figure 6.26a shows a purposely designed and built spiral-shaped base
pedestal for accommodating a 76 mm diameter and 150 mm specimen. This
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Figure 6.24 Schematic diagram of modified triaxial apparatus for testing unsaturated soils
(after Ng and Yung, 2007).

pedestal was designed for circulating de-aired water to flush and remove any
diffused air into the water drainage system and to house a bender element for
generating shear waves during a test. Diffused air was frequently removed
by allowing water circulation in one direction (from the right to the left as
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Figure 6.25 Modified triaxial apparatus equipped with bender element probe and Hall
effect transducers (after Ng and Yung, 2007).

indicated by arrows in Figure 6.24) along the drainage line once every 24 h
throughout a test.

Since both a high air-entry ceramic disk and a bender element were
required to be embedded in the pedestal, a 16 mm diameter of recess in the
centre was designed to house the bender element (see Figure 6.26a and b).
This allows the installation of the bender element at the centre of the pedestal
and flow of water underneath the disk. A pre-drilled high air-entry value
ceramic disk was placed in the pedestal and sealed on the inner and outer
circumferences of the disk with epoxy resin (see Figure 6.26b).



 

414 Collapse, swelling, strength and stiffness

Arrangement of bender elements and measurement of
shear wave velocity

In order to measure velocity of shear waves propagating in two planes with
different polarizations and hence to determine anisotropic shear moduli of a
soil specimen, a pair of bender elements was fixed in the two end platens and
two pairs of bender elements were mounted at the mid-height of a specimen.
The arrangement of the bender elements are shown in Figure 6.27 schemat-
ically. The vertically transmitted shear wave with horizontal polarization
�vs�vh�� is generated and received by a pair of bender elements embedded in
the end platens of the triaxial cell. The mounting of these bender elements
is similar to that described by Dyvik and Madshus (1985). The bender ele-
ment was cut to a length of 12 mm and a width of 8 mm, with half of
its length embedded in the base platen and the remaining half protruding

3 mm

(a)

3 mm

76 mm

16 mm28 mm 28 mm

36 mm

36 mm

35 mm

4 mm

Figure 6.26 (a) Modified base pedestal; (b) details of bender element embedded in the
modified base pedestal (after Ng and Yung, 2007).
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Figure 6.26 (Continued).
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Figure 6.27 Schematic diagram showing the arrangement of bender elements (after
Ng and Yung, 2007).
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Figure 6.28 Details of the bender element probe (after Ng et al., 2004b).

into a soil specimen. It is coated with epoxy resin for insulation (refer to
Figure 6.26b).

The horizontally transmitted shear waves, vs�hv� and vs�hh�, are generated
and received by a pair of bender element probes (see Figure 6.28). Each
bender element probe consists of two pieces of bender elements with a length
9 mm and a width 6 mm potted orthogonally into a short length of plastic
tube. The bender elements protrude about 3 mm into a soil specimen. The
probe is fitted to the mid-height of the soil specimen by means of a tailor-
made silicon grommet (as shown Figure 6.28) holding the probe in position
and preventing the specimen from leakage problems. The cut slot in the
caliper of a Hall effect radial belt allows the cables of the bender elements
to pass through (refer to Figure 6.25). More details of the bender element
probe and its use for determining the anisotropic stiffness of a saturated soil
are given by Ng et al. (2004b).

Determination of shear wave velocity and shear modulus
using bender elements

As shown schematically in Figure 6.27, three pairs of bender elements are
mounted onto a soil specimen to generate shear waves and to measure the
velocity of shear waves propagating through the soil specimen in different
directions. Excited by an external voltage, the transmitting bender element
deflects and acts as an energy source to release energy into a soil specimen
to generate shear stresses propagating through the soil. On the opposite end
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of the soil specimen, shear waves are received by a receiver element, which
is aligned to detect the transverse motion of the shear waves. The transmit-
ted and received signals of shear waves propagating in a soil specimen in
two different directions are captured by an oscilloscope. For each measure-
ment during a test, a single sinusoidal pulse with a frequency of 4–10 kHz
was used as the input wave signal. The range of frequency selected was
intended to obtain as clear signal as possible and to minimize the near field
effect (Sanchez-Salinero et al., 1986). The arriving time of each wave was
determined by measuring the peak-to-peak time distance as shown in the
oscilloscope, as suggested by Viggiani and Atkinson (1995).

In addition to conventional external measurements of axial strain using
LVDT, the triaxial apparatus is equipped with three Hall effect transducers
(Clayton et al., 1989) for measuring both local axial and radial displacements.
Measurements of these transducers are used to determine volume change of
a soil specimen throughout a test. As a result, the current tip-to-tip travelling
distance [refer to Equation (6.8)] and the current density of a soil specimen
[refer to Equation (6.9)] can be accurately determined at each stage of the test.

Soil types and test specimen preparation

Soil types

The material tested was a completely decomposed tuff (CDT) extracted from
a deep excavation site in Fanling, Hong Kong. The material can be described
as clayey silt (ML) according to the Unified Soil Classification System.
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Figure 6.29 Particle size distribution of completely decomposed tuff (CDT) (after Ng and
Yung, 2007).
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Table 6.4 Index properties of completely decomposed tuff (CDT) (after Ng and Yung,
2007)

Figure 6.29 shows the particle size distribution of the CDT determined by
sieve and hydrometer analyses (British Standards Institution, 1990). The
material was yellowish-brown, slightly plastic, with very small percentage
of fine and coarse sand. The liquid limit and plasticity index of the fines
portion (finer than 425�m) were 43 and 14 per cent, respectively. The
physical properties of the material are summarized in Table 6.4.

Figure 6.30 shows a drying SWCC of a recompacted CDT specimen
determined by a pressure plate extractor. The measured values are best-
fitted by the method proposed by Fredlund and Xing (1994) and the fitted
curve is also shown in Figure 6.30 for comparisons. It can be seen that
the air-entry value of the recompacted CDT is about 50 kPa, determined by
the intersection point between the straight sloping line and the saturation
ordinate (Fredlund and Rahardjo, 1993). It should be noted that an air-
entry value of a soil is referred as the matric suction that must be exceeded
before air recedes into soil pores.

Specimen preparation

Each triaxial specimen of 76 mm in diameter and 152 mm in height was pre-
pared by moist tamping. Initially the CDT sample was oven-dried to a tem-
perature of 105 �C for 24 h and cooled inside a desiccator. De-aired water
was added and mixed thoroughly with the dried soil sample at the optimum
water content of 16.3 per cent inside a container. Thereafter, the well-mixed
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Figure 6.30 Soil–water characteristic curve of recompacted specimens of completely
decomposed tuff (CDT) (after Ng and Yung, 2007).

wet CDT sample was kept inside an impervious container and stored for
24 h in a humidity- and temperature-controlled room for moisture equaliza-
tion. Each specimen was prepared by ten layers of compaction directly onto
the base pedestal of the triaxial cell in order to avoid disturbance caused by
transportation and to improve contacts between the specimen and the high
air-entry value ceramic disk. To prevent excessive densification of the low-
est layers from the compaction of the uppermost layers of a soil specimen,
the undercompaction procedure proposed by Ladd (1978) was adopted. Each
specimen was compacted with 4 per cent denser than its desired dry density
for the top three layers and 4 per cent less dense for the bottom three layers.
The other layers were compacted at the desired dry density and the maximum
difference in the dry densities found in any compacted specimen was gener-
ally less than 1 per cent. After compaction at the optimum water content,
measured matric suction was about 54 kPa, which was slightly higher than
the air-entry value determined from the drying SWCC shown in Figure 6.30.

Testing programme and procedures

In order to determine effects of soil fabric due to compaction and suction-
induced stiffness anisotropy (refer to Equation 6.15), a series of isotropic
compression tests were conducted on recompacted CDT specimens. Figure 8
shows the initial preparation paths (dotted lines) and also test paths (solid
lines) for four suction-controlled isotropic compression test series at various
constant matric suctions ranging from 0 to 200 kPa (i.e. i–0, i–50, i–100 and
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Table 6.5 Summary of testing conditions for isotopic compression tests on completely
decomposed tuff (CDT) (after Ng and Yung, 2007)
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Figure 6.31 Stress paths of the triaxial tests conducted on recompacted specimens of
completely decomposed tuff (CDT) (after Ng and Yung, 2007).

i–200). It should be noted that the test series was conducted at zero suction
corresponding to a test on a saturated soil specimen. In order to reveal the
greatest possible effects of suction on soil stiffness, the selection of suction
range was based on the consideration of the measured air-entry value and
the shape of the SWCC shown in Figure 6.30. Details of testing conditions
are summarized in Table 6.5. As illustrated in Figure 6.31, measurements
of shear wave velocity (and hence shear stiffness) were carried out at some
pre-selected stress states as each isotropic loading was proceeded.
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Each isotropic compression test consisted of two stages: equalization and
compression. The equalization stage was to make sure that water moisture
reached its equilibrium state throughout a soil specimen, i.e. pore water and
pore air pressure were equalized inside the voids of a specimen at each pre-
selected stress state. An equalization stage was considered to be completed
when the rate of water content changes was less than 0.04 per cent per day
(Fredlund and Rahardjo, 1993), which was corresponding to a water flow
of about 0�5cm3 per day. Each stage of equalization generally required 4–7
days to complete (see Table 6.5).

Once a specimen was equalized at its specified initial suction, it was
then isotropically compressed to a required net mean stress, �p − ua�, at a
constant suction, where p is total mean stress. While maintaining the pore
water and pore air pressures constant, cell pressure was ramped at 3 kPa
per hour to a required target value. This rate of compression was selected
to minimize any excess pore water pressure generated in a soil specimen.
This compression rate was reported (Ng and Chiu, 2001) to be slow enough
to ensure fully drained conditions by monitoring both changes of water
flow and volume change of a soil specimen at the end of each compression
stage.

Experimental results
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Figure 6.32 Variation of normalized void ratio, e/er , with net mean stress (after Ng and
Yung, 2007).
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Effects of change of soil suction and net mean stress on void ratio

By measuring local axial and radial strains using the Hall effect transducers,
volume changes of a soil specimen and thus void ratio were evaluated during
the suction-controlled isotropic compression tests. Since the void ratio, er, of
each specimen at the start of compression at 110 kPa is somewhat different
(see Table 6.5), measured void ratio along each compression path is normal-
ized by its corresponding er and is plotted against the logarithm of net mean
stress �p−ua� in Figure 6.32 for comparisons. As expected, the normalized
void ratio, e/er, decreased with an increase in p−ua at all suctions but at
different rates. No distinct yield stress can be identified, especially at the
tests with higher suctions. For a given change of net mean stresses, soil spec-
imen compressed at a higher constant suction showed a smaller change in
normalized void ratios, i.e. smaller gradient. This demonstrates that matric
suction stiffened the soil skeleton of the unsaturated soil during the isotropic
compression tests for the suction ranged considered. Similar results were
reported by Cabarkapa et al. (1999) for their compression tests at different
constant suctions on quartz silt. As shown in Equation (6.7), void ratio is
related to shear wave velocity. By determining void ratio, the void ratio
function, f�e�, can be obtained with known values of matric suction and net
normal stress at different states.
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Figure 6.33 (Continued).

Relationships between shear wave velocities �vs�vh�� vs�hv�� vs�hh�� and
matric suction

As shown in Figure 6.31, measurements of shear wave velocity were car-
ried out during isotropic compression at constant suctions. Relationships
between shear wave velocity and matric suction can be obtained by plot-
ting measured shear wave velocities in three different polarization planes
against matric suction at different net mean stress (see Figure 6.33a–c). In
Figure 6.33, it can be seen that measured shear wave velocities, vs�vh�� vs�hv�
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and vs�hh�, increased with an increase in matric suction in a non-linear fash-
ion. Similar results have been reported by Cabarkapa et al. (1999) and
Mancuso et al. (2000). For any given value of p−ua, as suction increased
from 0 to 50 kPa, which was equal to the estimated air-entry value of the
soil (see Figure 6.30), measured shear wave velocities in all polarization
planes increased most significantly. Beyond the suction of 50 kPa, the mea-
sured shear wave velocities were continuously to increase but at a reduced
rate up to suction of 200 kPa, i.e. the gradients of the curves decreased with
an increase in matric suction. These observations were similar to those of
Mancuso et al. (2000, 2002). The observed significant increase in shear
wave velocity for suction up to the air-entry value (50 kPa) was because each
specimen remained essentially saturated and bulk-water effects dominated
soil stiffness (Mancuso et al., 2002). Any increase in suction was practically
equivalent to an increase in mean effective stress resulting in a much stiffer
soil. On the other hand, as suction was increased beyond the air-entry value,
each soil specimen started to desaturate and resulted in the formation of
air–water meniscus (or contractile skin) at contact points of soil particles.
Although meniscus water caused an increase in normal force holding the
soil particles together, leading to a stiffer and hence a higher shear wave
velocity, this beneficial effects on shear wave velocity did not increase indef-
initely (Mancuso et al., 2002) but they tended towards a limiting value,
due to the progressive reduction in the meniscus radius as suction increased
beyond 100 kPa as shown in Figure 6.33.

Not only does a change of shear wave velocity depend on a change
in matric suction but it also depends on net mean stress. At net mean
stress equal to 110 kPa, the measured shear wave velocities, vs�vh�� vs�hv�

and vs�hh� increased by 28.5, 31.0 and 33.8 per cent as suction increased
from 0 to 200 kPa, respectively. On the other hand, at net mean stress
equal to 400 kPa, the measured shear wave velocities, vs�vh�� vs�hv� and vs�hh�

increased only by 10.8, 12.2 and 15.0 per cent respectively for the same suc-
tion change. This clearly indicates that unsaturated soil behaviour/property
(i.e. stiffness) depends on two stress state variables, matric suction and net
mean stress. As the net mean stress increased, the influence of a given suc-
tion change on shear wave velocity became less effective since the soil was
stiffer at higher stress.

For a given suction and net mean stress, it can be seen from Figure 6.33
that the measured vs�vh� was generally lower than the measured vs�hv� by
about 20 per cent. Similar discrepancies were reported by Pennington et al.
(2001) who suggested three possible reasons to explain the discrepan-
cies. First, a higher transmitting frequency was normally used with the
bender element probe which might lead to a higher vs�hv�. Second, the
bender element embedded in the base pedestal probably deflected with a
larger magnitude than the horizontally mounted bender elements inside
the probe and hence resulted in a lower vs�vh�. Third, the discrepancies
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might be caused by end effects on stiffness measurements (Germaine and
Ladd, 1988; Lacasse and Berre, 1988). It is generally recognized that a
transmitting bender element does not only generate pure shear waves but
it also produces compression waves. As compression waves travel faster
than shear waves, some compression waves including those reflected at
lateral boundaries may interfere with shear waves at a receiving bender
element and distort the signal when it receives (Brignoli et al., 1996).
Hence, the influence of compression waves on received signals depends on
the sample geometry which alters the path length of the waves (Rio and
Greening, 2003).

Influence of suction on the degree of fabric anisotropy

To eliminate the differences in frequency and boundary effects, vs�hh� and
vs�hv� were chosen for comparisons since they were generated by the same
bender element probe and they had the same travelling length and boundary
conditions (Pennington et al., 2001; Ng et al., 2004). Figure 6.34a and b
show the ratios, vs�hh�/vs�hv� and �vs�hh�/vs�hv��

2, plotted against matric suction
respectively. It should be noted that the ratio, �vs�hh�/vs�hv��

2 is equal to the
shear stiffness ratio, G0�hh�/G0�hv�, as illustrated by Equation (6.13). Under
the isotropic stress conditions, the velocity of the horizontally polarized
shear wave vs�hh� was higher than that of vertically polarized shear wave
vs�hv� by about 1 to 2 per cent at zero suction as shown in Figure 6.34a. The
higher the applied net mean stress, the larger the ratio. Correspondingly,
the deduced shear modulus G0�hh�, was about 2.5 to 4 per cent higher
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than G0�hv� when matric suction was zero. According to Equation (6.14),
it is suggested that this observed stiffness anisotropy was attributed to
the inherent (fabric) anisotropy (i.e. Shh/Shv) of the tested material during
specimen preparation. The higher the net mean stress applied, the greater
the anisotropic stiffness induced.

As suction increased to 50 kPa, the ratio of vs�hh�/vs�hv� and �vs�hh�/vs�hv��
2

increased about 3.5 and 7.5 per cent on average, respectively. There was
no significant increase in the velocity and stiffness ratios when suction was
100 kPa or higher. This observed suction-induced increase in �vs�hh�/vs�hv��

2,
which is equal to G0�hh�/G0�hv�, is consistent with Equation (6.14), which
suggests that matric suction will induce stiffness anisotropy (i.e. anisotropic
shear modulus) if bhh is not equal to bhv.

Influence of net mean stress on the degree of anisotropy

Figure 6.35a and b show the measured ratios, vs�hh�/vs�hv� and �vs�hh�/ vs�hv��
2,

plotted against net mean stress, respectively. The ratios, vs�hh� /vs�hv� and
�vs�hh�/vs�hv��

2, appeared to increase gently with an increase in net mean
stress at almost the same rate at different suctions (i.e. the rate of increase
is independent of suction). There was about 1–3 per cent increase in the
stiffness ratio, G0�hh�/G0�hv�, which is equal to �vs�hh�/vs�hv��

2, when net mean
stress increased from 110 to 500 kPa. Although it is generally recognized
that shear stiffness will increase with an increase in mean effective stress
for saturated soils, it is somewhat surprised that the stiffness ratio also
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increase with net mean stress. This observed behaviour may be attributed
to the coupling effects between hydraulic and mechanical characteristics of
unsaturated soils (Wheeler et al., 2003).

Verification of proposed equations

As assumed by Equation (6.7), shear wave velocity depends on void ratio,
net normal stress and matric suction, the influence of void ratio on shear
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wave velocity may be eliminated by plotting normalized measured shear
wave velocities in three polarization planes [i.e. vs�vh�/f�e�� vs�hv�/f�e� and
vs�hh�/f�e�], against the product of the applied net normal stresses in the plane
of shear, �i × �j , in a double logarithmic scale as shown in Figure 6.36.
It can be seen that the shear wave velocities increase with an increase in
net normal stresses for saturated (i.e. i–0 series) and unsaturated conditions
(i–50, i–100 and i–200 series), in an almost linear fashion with the product
of net normal stresses. These observed results are similar to those found on
saturated soils (Jamiolkowski et al., 1995; Stokoe et al., 1995; Bellotti et al.,
1996; Rampello et al., 1997; Ng et al., 2004b).

By assuming n = 0�075 in Equation (6.7), best-fitted curves to the exper-
imental data are also shown in Figure 6.36 for comparisons. Fitted param-
eters and correlation coefficient, R, for each polarization plane are listed
in Tables 6.6 and 6.7, respectively. It can be seen in the figure that the
fitted curves show a linear relationship between the normalized velocities
and the product of stresses in the double logarithmic scale. The fitted curves
appear to be fairly consistent with the measured shear wave velocities. This
is reflected by the values of R2 (where R is the correlation coefficient) for
the fitted values as listed in Table 6.7. The average value of R2 for the fitted
curves is greater than 0.96, suggesting very strong correlations between the
fitted curves and the measured data.

It should be noted that the parameters bij for vs�hv� and vs�hh� are different
(see Table 6.6). According to Equation (6.14), the difference between bhv
and bhh governs the influence of matric suction on the degree of anisotropy
(i.e. suction-induced anisotropy). This follows that the suggested equation
is capable of revealing the influence of suction on the anisotropy of shear
wave velocity and hence shear modulus.

Summary

With the application of the axis-translation technique, a computer-
controlled triaxial apparatus equipped with three pairs of bender elements
and Hall effect transducers was developed to measure velocity of shear
waves, vs�vh�� vs�hv� and vs�hh�, propagating in two directions with different
polarizations in an unsaturated completely decomposed tuff (CDT). It was
found that during the suction-controlled isotropic compression tests, the
three shear wave velocities increased with an increase in suction for a given
stress state in a non-linear fashion with a reduction in the rate of increase
when the applied suction was higher than the air-entry value of the soil.

By using the newly derived theoretical equations in this chapter, it was
possible to identify that there was an inherent stiffness anisotropy of the soil
with measured G0�hh� at about 2.5–4 per cent higher than G0�hv�, due to soil
fabric formed during the sample preparation by moist tamping. Moreover,
there was a further 7.5 per cent suction-induced anisotropy in terms of shear
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stiffness ratio, G0�hh�/G0�hv�, when suction was increased from 0 kPa to its
air-entry value of 50 kPa. No significant suction-induced stiffness anisotropy
was observed at suction higher than the air-entry value. Although it was
intended to eliminate stress-induced anisotropy by carrying isotropic tests,
a small increase of 1–3 per cent in the shear stiffness ratio, G0�hh�/G0�hv�,
was observed when the net mean stress increased from 110 to 500 kPa.
This observed behaviour may be attributed to the coupling effects between
hydraulic and mechanical characteristics of the unsaturated soil.
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Figure 6.36 Normalized shear wave velocity, (a) vs�vh�/f�e�, (b) vs�hv�/f�e� and
(c) vs�hh�/f�e� versus product of stresses along the polarization plane
(after Ng and Yung, 2007).
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Table 6.6 Fitted parameters for shear wave velocities propagating
in different polarization planes(after Ng and Yung, 2007)

Table 6.7 Values of R2 for shear waves at different suctions(after
Ng and Yung, 2007)



 

Part 3

State-dependent
elasto-plastic modelling of
unsaturated soil



 

500

400

300

200

100

0

D
ev

ia
to

r 
st

re
ss

 (
kP

a)

0 10 20 30
Shear strain (%)

(a)

Predicted (ui1-g) Predicted (ui2-g) Predicted (ui3-g)

p = 25 kPa (ui1-g) p = 50 kPa (ui2-g) p = 100 kPa (ui3-g)

0 10 20 30
Shear strain (%)

(b)

10

8

6

4

2

0

V
ol

um
et

ric
 s

tr
ai

n 
(%

) Predicted (ui1-g) Predicted (ui2-g) Predicted (ui3-g)

p = 25 kPa (ui1-g) p = 50 kPa (ui2-g) p = 100 kPa (ui3-g)

An image that represents the content of this Part 3, in particular how constitutive mod-
elling can predict the engineering behaviour of an unsaturated soil, specifically: measured
and predicted (a) stress–strain relationships; volumetric strain–shear strain relationships
and (c) variation of suction with shear strain, for constant water content tests on unsat-
urated specimens of gravely sand at initial suction of 40 kPa (Chiu and Ng, 2003).
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Chapter synopsis

Chapter 7: State-dependent elasto-plastic critical
state-based constitutive model

Constitutive modelling is at the heart of modern soil mechanics because it
enables numerical simulations of various boundary value problems when
they are implemented in finite element or finite difference programs. This is
essential not only for carrying out parametric studies to understand what is
key to the engineering behaviour of soils but also as an aid to engineering
design.

Here a relatively simple state-dependent elasto-plastic model for both
saturated and unsaturated soils is developed. The model, which is formulated
under the critical state framework extended for unsaturated soils, is based on
two independent stress state variables: net normal stress and matric suction
(Wheeler and Sivakumar, 1995). A modified state-dependent dilatancy is
introduced to account for the effects of internal state, stress level and soil
suction. Comparisons between model predictions and experimental results
show the model is able to capture some key aspects of engineering behaviour
of saturated and unsaturated soil behaviour at various stress paths.

Now geotechnical engineers can carry out ‘what-if’ parametric studies
and investigate design proposals using this advanced soil model when it is
implemented into a finite element or finite difference program.
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Sources

This chapter is made up of verbatim extracts from the following sources
for which copyright permissions have been obtained as listed in the
Acknowledgements.

• Chiu, C.F. and Ng, C.W.W. (2003). A state-dependent elasto-plastic
model forsaturatedandunsaturatedsoils.Géotechnique,53(9),809–829.

• Ng, C.W.W and Chiu, C.F. (2003). Laboratory study of loose saturated
and unsaturated decomposed granitic soil. J. Geotech. Geoenviron.
Engrg. ASCE, 129(6), 550–559.

Introduction

It is well known and understood that the mechanical behaviour of saturated
soils can be interpreted and explained by a single stress state variable,
called effective stress (Terzaghi, 1936). However, there are difficulties in
applying the same approach to unsaturated soils, in particular when the
effective stress fails to describe the behaviour of swelling and collapse on
wetting unsaturated soils properly (Jennings and Burland, 1962). Instead,
two independent stress state variables are used to describe the mechanical
behaviour of unsaturated soils (Fredlund and Morgenstern, 1977). The most
common independent stress state variables are net normal stress �� − ua�
and matric suction �ua −uw�, where � is the total normal stress, ua the pore
air pressure and uw the pore water pressure.

During the past 15 years, a number of constitutive models for unsatu-
rated soils have been proposed (Alonso et al., 1990; Thomas and He, 1994;
Wheeler and Sivakumar, 1995; Cui and Delage, 1996). Most of these models
are developed under the framework of two independent stress state variables
and under an extended critical state concept for unsaturated soils. Differ-
ent assumptions and constitutive relationships are used in these models to
account for the behaviour of different types of unsaturated soils.

It is well understood that a correct description of dilatancy is essential for
an accurate modelling of the stress–strain behaviour of soils. The traditional
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dilatancy formulation depends only on the stress level (or stress ratio) for
modelling saturated soils. In more recent models, the effects of suction on
dilatancy are included for unsaturated soils (Cui and Delage, 1996). Many
experimental evidence from saturated sands (Bolton, 1986; Ishihara, 1993)
and from saturated and unsaturated weathered soils (Chiu, 2001) reveal
that dilatancy is also related to the internal state of soils such as void
ratio. As a result, several state-dependent dilatancy relationships have been
proposed to take into account the effects of state and stress level (Bolton,
1986; Ishihara, 1993; Li and Dafalias, 2000) for saturated soils. However,
the dilatancy relationships used in most of the existing constitutive models
for unsaturated soils do not take into account the effects of internal state.

Here a relatively simple state-dependent elasto-plastic model for both sat-
urated and unsaturated soils is developed. The model, which is formulated
under the extended critical state framework for unsaturated soils, is based
on two independent stress state variables: net normal stress and matric suc-
tion. (Wheeler and Sivakumar, 1995) A modified state-dependent dilatancy
is introduced to account for the effects of internal state, stress level and soil
suction. In this chapter, details of the model formulation and determinations
of model parameters are described and reported. By using the new model,
numerical simulations of triaxial tests on both saturated and unsaturated
coarse-grained decomposed granite (DG) and fine-grained decomposed vol-
canic (DV) weathered soils have been carried out. The simulated triaxial
tests included undrained shear tests on saturated specimens, constant water
content tests and wetting tests under constant deviator stress on unsaturated
specimens. It should be noted that this model is not meant to capture all
aspects of unsaturated soil behaviour.

Mathematical formulations

Basic assumptions

The proposed model is formulated on the framework of two independent
stress state variables, which are the net normal stress �� −ua� and matric suc-
tion �ua −uw�. The model is developed for the compressive ‘triaxial space’.
Effects of osmotic suction are not considered in the proposed model specif-
ically. The model is defined in terms of four state variables: net mean stress
�p�, deviator stress �q�, matric suction �s� and specific volume �v� as follows:

p = �1 +2�3

3
−ua (7.1)

q = �1 −�3 (7.2)

s = ua −uw (7.3)

v = 1+e (7.4)
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where �1 is the major principal stress, �3 the minor principal stress and
e the void ratio. The degree of saturation �Sr� or water content �w� is not
chosen as an additional state variable in this study. Instead, the relationship
between w� p and s proposed by Wheeler (1996) is used to predict the
change of suction at either undrained or constant water content conditions.

The work conjugate strain rates for p and q are the volumetric strain incre-
ment �d�v� and shear strain increment �d�q�, respectively, and are defined by:

d�v = d�1 +2d�3 (7.5)

d�q = 2
3

�d�1 −d�3� (7.6)

where d�1 and d�3 are the principal strain increments.

Elasto-plasticity

The model is developed on the classical elasto-plastic framework. It takes
into account the possible occurrence of irrecoverable plastic strains. The
total strain increment �d�� is the sum of elastic strain increment �d�e� and
plastic strain increment �d�p�. The model assumes elastic behaviour if the soil
remains inside a yield surface, and plastic strains will commence once the
yield surface is reached. It is assumed that the irreversible plastic response
is due to two different mechanisms: shearing and compression. Each mech-
anism produces both the plastic volumetric strain and plastic shear strain.
As a result, d�v and d�q are given by

d�v = d�v
e +d�v

p
�s� +d�v

p
�c� (7.7)

d�q = d�q
e +d�q

p
�s�

+d�q
p

�c�
(7.8)

where d�v
e� d�v

p
�s�� d�v

p
�c� are the elastic volumetric strain increment, plas-

tic volumetric strain increment due to shearing, plastic volumetric strain
increment due to compression, respectively, and d�q

e� d�q
p

�s�
� d�q

p
�c�

are the
elastic shear strain increment, plastic shear strain increment due to shearing,
plastic shear strain increment due to compression, respectively.

Elastic strains

A yield surface marks the boundary of the region of elastically attainable
states of stress. Changes of stress within the yield surface are accompanied
by the purely elastic and recoverable deformations. It is assumed that the
soil is isotropic and elastic within the yield surface. Regarding soil stiffness,
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it is postulated that elastic compressibility is influenced by p� s and Sr. The
following elastic volumetric strain increment is proposed

d�v
e = � ·d �p+ sh�Sr�	

v0 �p+ sh�Sr�	
=

�
[
dp+h�Sr�ds + s dh�Sr�

dSr
dSr

]
v0 �p+ s h�Sr�	

(7.9)

where dp is the increment of net mean stress, ds the increment of suction, dSr

the increment of degree of saturation, � the elastic stiffness parameter with
respect to a change of net mean stress at zero suction, v0 the initial specific
volume of soil and dh�Sr�/dSr the rate of change of h�Sr� with respect to Sr.
The function h�Sr� is a correction factor for suction to take into account the
effect of Sr and can be related to a soil–water characteristic curve (SWCC),
as shown in Figure 7.1. Two distinct points can be identified: air-entry value
(AEV) and residual saturation (RS). AEV is the value of suction where the
air commences to enter into a saturated specimen. RS is the saturation level
at which the effectiveness of suction to cause further drainage of the liquid
phase begins to diminish and further removal of water requires vapour
migration (Barbour, 1998). In the proposed model, h�Sr� is chosen as follows
and shown in Figure 7.2:

h�Sr� = 0 for 0 ≤ Sr ≤ Sro (7.10)

h�Sr� = Sr −Sro

1−Sro
for Sr ≥ Sro (7.11)
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Figure 7.1 A schematic soil–water characteristic curve (after Chiu and Ng, 2003).
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Figure 7.2 Variation of h�Sr� with Sr (after Chiu and Ng, 2003).

where Sro is a critical degree of saturation. For degree of saturation equal to
and smaller than Sro, the suction has no effect on the elastic compressibility
of the soils. For degrees of saturation greater than Sro, a linear variation
between h�Sr� and Sr is assumed. As a first approximation, Sro may be taken
as the RS from a SWCC (Figure 7.1). An elastic modulus K is defined as
follows:

K = v0 �p+ s h�Sr�	

�
(7.12)

By substituting K into Equation (7.9), the elastic volumetric strain increment
can be simplified as follows:

d�v
e = 1

K
d �p+ s h�Sr�	 (7.13)

The elastic shear strain increment is written as

d�q
e = 1

3G
dq (7.14)

where G is the shear modulus and can be deduced from K for an assumed
value of Poisson’s ratio �
�,

G = 3�1−2
�

2�1+
�
K (7.15)
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Plastic strains

The previous section has considered a change of stress which lies within
current yield surface. Consider now a change of stress, which causes the
soil to yield. In the model, the yielding process is governed by both the
shearing and compression mechanisms. The plastic volumetric and shear
strain increments due to these two mechanisms are expressed as:

d�v
p

�s� = ��s�d�s� (7.16)

d�v
p

�c� = ��c�d�c� (7.17)

d�q
p

�s�
= ��s� (7.18)

d�q
p

�c�
= ��c� (7.19)

where d�s� and d�c� are the dilatancy for shearing and compression mech-
anisms, respectively; ��s� and ��c� are the non-negative loading indices for
shearing and compression mechanisms, respectively. The dilatancy and load-
ing indices are presented later.

Yield functions

There are two groups of yield surfaces in the model. Figure 7.3(a) shows
schematically these yield surfaces in the stress space of �q  p  s�. A section
of the yield surfaces at constant suction is plotted in Figure 7.3(b). The

q

Yield surface fs

Yield surface fc

A1 s

LC yield curve

p
(a)

p0(0) p0(s1)
p0(s2)

Figure 7.3 Yield surfaces: (a) in q–p–s space; (b) in q–p space at constant suction (after
Chiu and Ng, 2003).
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q

q = μ(s) + M(s)p
(critical state)

q = ηy(p + μ(s)/M(s))
(fs yield surface)

p = p0(s)
(fc yield surface)

μ(s)

–μ(s)/M(s))

M(s)

(b)
p

ηy

Figure 7.3 (Continued).

first group of yield surfaces �fs� represents the shearing mechanism, which
describes the plastic deformation caused by a change of stress ratio, and
takes the following form:

fs = q −�y

(
p+ ��s�

M�s�

)
(7.20)

where �y is the stress ratio at yielding, M�s� and ��s� are the gradient and
intercept of the critical state line in the p  q stress plane at a given suction,
s. Implicitly, �y has the characteristic of a hardening parameter and the
corresponding hardening rule will be presented later.

The second group of yield surfaces �fc� represents the compression mech-
anism, which is a vertical cut-off surface, and is defined as:

fc = p−p0�s� (7.21)

where p0�s� is the isotropic yield stress at a given suction, s. The isotropic
yield stress is a function of suction �s� and total plastic volumetric strain
increment �d�v

p�. The relationship between p0�s� and s is described by a
Loading–Collapse (LC) yield curve (Alonso et al., 1990) and is discussed in
the next section. In the model, the two yield surfaces are partially coupled.
fc is influenced by the evolution of fs, but not vice versa. That is, a constant
p test causes the expansion of fc [or an increase of p0�s�], but an isotropic
compression test does not affect fs (or no change of �y).
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Loading-collapse yield curve

The intersection of the yield surface �fc� with the q = 0 plane defines the
LC yield curve [refer to Figure 7.3(a)]. Once the LC yield curve is reached,
a further increase of p or a reduction of s leads to an expansion of the
yield curve and an irrecoverable plastic compression. Any stress state on
the LC yield curve (e.g. C0 in Figure 7.4) can be related to an isotropic
normal compression line of the corresponding suction in the v : ln p plane.
Wheeler and Sivakumar (1995) suggested that the isotropic normal com-
pression lines at various values of suction for unsaturated soils take the
following form:

v = N�s�−��s� ln
(

p0�s�

pat

)
(7.22)

where ��s� is the gradient of the isotropic normal compression line and N�s�
the specific volume at the atmospheric pressure, pat. Both ��s� and N�s� vary
with suction.

By considering an elastic stress path A0B0C0 where stress states at A0

and C0 lie on the same LC yield curve at different values of suction (refer
to Figure 7.4), the LC yield curve can be defined by the isotropic normal

s B0 D0 C0 LC yield curve

A0

Net mean stress, p

(a)

S
uc

tio
n,

 s

p0(0) p0(s)

Figure 7.4 Relating the LC yield curve to the isotropic normal compression lines and
unloading–reloading line at different values of suction (after Wheeler and
Sivakumar, 1995; Chiu and Ng, 2003).
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Figure 7.4 (Continued).

compression lines and unloading–reloading line at different values of suction
as follows:

��s� ln
(

p0�s�

pat

)
−� ln

(
p0�s�+ s h�Sr�

pat

)
= ���0�−�	 ln

(
p0�0�

pat

)
+N�s�−N�0�

(7.23)

where ��0� and N�0� are the values of ��s� and N�s� at zero suction, respec-
tively, p0�0� is the isotropic yield stress at zero suction. With different values
of p0�0�, Equation (7.23) defines a family of yield curves in the v : ln p plane
and p0�0� can be viewed as a hardening parameter. The hardening rules are
presented later.

Flow rules

Different stress–dilatancy relationships have been proposed in the literature
for saturated soils. Rowe (1962) postulated that dilatancy is related only to
the effective stress ratio and angle of soil friction. However, experimental
evidence (Cubrinovski and Ishihara, 1998; Chiu, 2001) reveals that the
dilatancy of saturated soils depends on the internal state, e.g. void ratio,
as well as stress level (or stress ratio). Recently, Li and Dafalias (2000)
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suggested the following state-dependent dilatancy for saturated soils (i.e. at
zero suction),

d�v
p

d�q
p

= d1

(
em� − �′

M

)
(7.24)

where � is the state parameter, M the gradient of the critical state line (CSL)
in the plane of effective stress �p′� and deviator stress �q�� �′ the current
effective stress ratio �q/p′�, and, d1 and m are material parameters. For
saturated soils, � is defined as the difference between the current void ratio
�e�0�	 and critical void ratio �ec�0�	 corresponding to the current effective
mean stress in the e  lnp′ plane (Been and Jefferies, 1985). If the current
state lies above the CSL, � is positive and vice versa (refer to Figure 7.5).
Equation (7.24) relates dilatancy to both material state and stress ratio. For
unsaturated soils, dilatancy also depends on suction (Cui and Delage, 1996;
Chiu, 2001). Hence, a modified Equation (7.24) for unsaturated soils is
proposed as follows:

d�s� =
d�v

p
�s�

d�q
p

�s�

= d1�s�

(
em�s���s� − �

M�s�

)
(7.25)

where � is the current stress ratio defined by q/�p+��s�/M�s��� M�s� the gra-
dient of the critical state line in the p  q stress plane, ��s� the state parameter
expressed in the space of �e  ln p  s�, the two material parameters, d1�s� and
m�s�, are no longer constants but vary with suction. For unsaturated soils,

e1(0)

ψ1 > 0

ψ2 < 0

ec(0)

e2(0) Critical-state line (zero suction)

Effective mean stress, p (logarithmic scale)
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, e

Figure 7.5 State parameters in e− ln p′ plane (after Chiu and Ng, 2003).
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��s� is defined as the difference between current void ratio �e�s�	 and critical
void ratio �ec�s�	 corresponding to the current net mean stress �p� and current
suction �s� in the space of �e  ln p  s�. The critical state of unsaturated soils
is discussed later. Equation (7.25), which relates dilatancy to stress ratio,
material state and suction, is used to evaluate the direction of plastic strain
increments for fs.

For evaluating the direction of plastic strain increments related to the
yield surface fc, the following flow rule is postulated,

d�c� =
d�v

p
�c�

d�q
p

�c�

= ���s�−�	d2�s�
M�s�

�
(7.26)

where d2�s� is a material parameter, which is a function of suction. Equa-
tion (7.26) shows that d�c� equals to infinity when � equals to zero, which
yields zero plastic shear strain at isotropic compression.

Hardening rules

The loading indices ��s� and ��c� can be obtained through the plastic consis-
tency conditions and are presented by Chiu and Ng (2003) in their Appendix
1. Volumetric hardening is assumed for both groups of yield surfaces. For
fs, plastic modulus Kp�s� is proposed as follows,

Kp�s� = �h1�s�−h2�s�e0	G

[
M�s�

�
−en�s���s�

]
(7.27)

where e0 is the initial void ratio, h1�s�� h2�s� and n�s� are material parameters.
Kp�s� takes a similar form of the plastic modulus proposed by Li and Dafalias
(2000) for saturated sands. Similar to dilatancy given in Equation (7.25),
Equation (7.27) also relates plastic modulus to �, material state and suction.
It is obvious that � is equal to the stress ratio at yielding ��y� during plastic
loading. In addition, h1�s� and h2�s� are the scaling factors, which take into
account the effect of density. For fc, the following plastic modulus Kp�c� is
proposed,

Kp�c� = vopo�s�d2�s�
M�s�

�
(7.28)

It can be seen from Equation (7.28) that Kp�c� equals to infinity when � is
equal to zero, which yields a zero plastic shear strain increment at isotropic
compression.
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Critical state

It is assumed that an unsaturated soil will ultimately attain a critical state
under continuous shearing. Wheeler and Sivakumar (1995) proposed to
represent the critical states at various values of suction by the critical state
lines defined by

q = M�s�p+��s� (7.29)

v = ��s�−��s� ln
(

p0�s�

pat

)
(7.30)

where M�s� and ��s� are the gradient and intercept of the critical state line
in the p  q stress plane, respectively; ��s� and ��s� are the gradient and
intercept of the critical state line in the v  ln p plane, respectively. It is
assumed in the model that M�s�� ��s�� ��s� and ��s� all vary with suction.

Elasto-plastic variation of specific water content

In order to predict the variation of suction under either undrained or con-
stant water content conditions, the elasto-plastic variation of specific water
content (vw, defined as 1+Sre) with p and s proposed by Wheeler (1996) is
used. He defined the air void ratio �ea� as the volume of air within an element
of soil containing unit volume of solids and further postulated that ea is a
function of suction and total volume of macrovoid (inter-aggregate pore)
under isothermal condition. The total volume of macrovoid is a function of
plastic volumetric strain, which is related to hardening parameter p0�0�. As
a result, ea can be postulated to be a function of s and p0�0� and shown as
follows:

ea = A�s�−��s� ln
(

p0�0�

pat

)
(7.31)

ds =
���0�−��s�−�	

p0�0�
dp0�0�+ �

p+ sh�Sr�
dp+�

s

[
dh�Sr�

dSr

]

p+ sh�Sr�
dSr

d��s�

ds
ln

p0�0�

pat
− dA�s�

ds
−�

h�Sr�

p+ sh�Sr�

(7.32)

where A�s� and ��s� are functions of suction. Then, specific water volume
�vw� is given by subtracting ea from v. Detailed derivation of the elastic and
plastic components of the change in specific water volume is presented by
Chiu and Ng (2003) in their Appendix 2. It is found that the increment
of suction (ds) caused by shearing at constant water content is related to
increments of p� Sr and p0�0� through the Equation 7.32.
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Determination of model parameters

The parameters used in the proposed model are grouped into seven cate-
gories: elastic, water retention, isotropic compression, critical state, state-
dependent dilatancy, hardening and variation of specific water content. Due
to the space constraint, only the determination of the model parameters
from the experimental data of the gravelly sand is described. In fact, iden-
tical determination procedures are used for sandy silt (Chiu, 2001). The
calibrated values of model parameters for the gravelly sand and the sandy
silt are summarized in Tables 7.1 and 7.2, respectively.

Elastic parameters

Two elastic parameters are used for the model. � can be determined from
the unloading and reloading paths of the isotropic compression tests at zero
suction. � for the gravelly sand is 0.012, while Poisson’s ratio �
� is assumed
to be independent of suction and taken as 0.2 in this study.
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Parameters for water retention

The SWCC of the gravelly sand used in this study is not available. Therefore,
the SWCC of a coarse-grained decomposed soil, which has a similar particle
size distribution, as shown in Figure 7.6 is adopted. Sr0 is estimated from
the RS, which is 0.47.

Parameters for isotropic compression

The gradients ���s�	 and intercepts �N�s�	 of Equation (7.22) are obtained
from isotropic compression tests conducted at different values of suction.
Both ��s� and N�s� vary with suction. Alonso et al. (1990) suggested the
following relationship of ��s� with suction,

��s� = ��0�
{
�1− r��e−�s + r�

}
(7.33)
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Figure 7.6 Soil–water characteristic curve of a coarse-grained decomposed soil (after Gan
and Fredlund, 1997; Chiu and Ng, 2003).

where ��0� is the value of ��s� at zero suction, r� a parameter related to
the maximum value of ��s� at an infinite suction and � a parameter which
controls the rate of increase of ��s� with suction. Similarly, the following
relationship of N�s� with suction is assumed:

N�s� = N�0�
{
�1− rN �e−�s + rN

}
(7.34)

where the parameters N�0� and rN are defined similar to ��0� and r� of
Equation (7.33). For simplicity, it is assumed that � is the same for both
��s� and N�s�. Equations (7.33) and (7.34) are used to fit the measured data
of gravelly sand. Figure 7.7 shows the calibration of �� r�� rN � ��0� and
N�0� with the measured values of ��s� and N�s� at different suctions, and the
corresponding values are summarized in Table 7.1.

Figure 7.7(a) compares the measured values of ��s� of gravelly sand,
sandy silt, a collapsible silt (Maatouk et al., 1995) and a compacted kaolin
(Wheeler and Sivakumar, 1995). It can be seen that ��s� increases (or stiffness
decreases) with suction for both gravelly sand and sandy silt (i.e. r� is greater
than 1). As suction exceeds 80 kPa, ��s� approaches a steady value for sandy
silt. These test results are consistent with those of the collapsible silt and
the compacted kaolin for the range of suction considered. The reduction in
soil stiffness as suction increases is attributed to the initial loose state of the
specimens.
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Gravelly sand (this study)
Sandy silt (this study)
Compacted kaolin (Wheeler & Sivakumar, 1995)
Collapsible silt (Maatouk et al., 1995)
Equation (7.33)
λ(0) = 0.115, rλ = 1.26, β = 0.05 kPa–1
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Figure 7.7 Calibrations of parameters for gravelly sand: (a) ��0�� r� and �; (b) N�0�� rN
and � (after Chiu and Ng, 2003).

Parameters for critical state

The critical state parameters M�s�� ��s�� ��s� and ��s� of Equations (7.29)
and (7.30) are obtained from shearing specimens to the critical state at
different values of suction. Based on the test results on gravelly sand (Chiu,
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2001), M�s� can be taken as a constant (i.e. M�s� = M�0� = 1�55). On the other
hand, ��s� increases non-linearly with suction, and the measured values are
summarized in Table 7.1. A bi-linear relationship between ��s� and s is used.
��s� increases linearly with s until s = 25kPa. For s greater than 25 kPa, ��s�
remains constant. Regarding ��s� and ��s�, the following relationships are
assumed:

��s� = ��0�
{
�1− r��e−�s + r�

}
(7.35)

��s� = ��0�
{
�1− r� �e−�s + r�

}
(7.36)

where parameters ��0�� r�� ��0� and r� are defined similar to ��0�� r�� N�0�
and rN of Equations (7.33) and (7.34), respectively. For simplicity, the same
value of � is used for both the isotropic normal compression and critical
state lines. Then, Equations (7.35) and (7.36) are used to fit the measured
data of gravelly sand. Figure 7.8 shows the calibration of the parameters
r�� r� � ��0� and ��0� with the measured values of ��s� and ��s� at different
suctions, and the corresponding values are summarized in Table 7.1.

Dilatancy parameters for fs

The dilatancy parameters d1�s� and m�s� [refer to Equation (7.25)] are suction
dependent. At zero suction, the best-fit values of parameters m�0� and d1�0�

Gravelly sand

Equation (7.35)
ω(0) = 0.11, rω = 1.80, β = 0.05 kPa–1

ω
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Figure 7.8 Calibrations of parameters for gravelly sand: (a) ��0�� r� and �; (b) ��0�� r�
and � (after Chiu and Ng, 2003).
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Gravelly sand

Equation (7.36)
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Figure 7.8 (Continued).

are determined from the undrained tests. Since there is no total volumetric
strain on the saturated specimens for undrained tests, the plastic component
of volumetric strain is equal to the elastic component in magnitude. The
dilatancy can be rewritten as follows:

d�v
p

d�q
p

≈ −d�v
e

d�q

= −dp′/K

d�q

(7.37)

Based on Equation (7.37), dilatancy can be evaluated from the stress–strain
curves of the undrained tests and are used to calibrate the best-fit values of
m�0� and d1�0�. It is found that the best-fit values of m�0� and d1�0� are 5
and 0.2, respectively. Figure 7.9 shows the measurements and predictions
of dilatancy by Equation (7.25) against �′/M for typical undrained tests on
saturated specimens of the gravelly sand.

For other values of suction, best-fit values of parameters d1�s� and m�s�
are determined from constant p tests, so that the measured plastic strains
are induced by the shearing mechanism �fs� only. The measured dilatancy
can be evaluated from the stress-strain curves of constant p tests. Assuming
m�s� remains unchanged in this study (i.e. m�s� = m�0� = 5), it is found that
the best-fit value of d1�s� at a suction of 40 kPa is 0.6. Figure 7.10 shows
the measurements and predictions of dilatancy by Equation (7.25) against
�/M for typical constant p tests at a suction of 40 kPa on unsaturated
specimens of the gravelly sand. For suctions ranging from 0 to 40 kPa, a
linear relationship between d1�s� and s is assumed.
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Figure 7.9 Dilatancy against 	′/M at zero suction for a gravelly sand (after Chiu and
Ng, 2003).
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Figure 7.10 Dilatancy against 	/M at suction of 40 kPa for a gravelly sand (after Chiu and
Ng, 2003).

Dilatancy parameters for fc

The parameters d2�s� of Equation (7.26) can be calibrated from constant
� compression tests at different values of suction. However, no constant �
test data is available in this study and the following procedures are used to
estimate d2�s�. At K0 compression, there is no lateral strain (i.e. d�3 = 0),
hence the left-hand side of Equation (7.26) becomes,

d�v
p

�c�

d�q
p

�c�

≈ d�v
p

d�q
p

= d�1
2
3 d�1

= 1�5 (7.38)

Substituting Equation (7.38) into Equation (7.26) and rearranging into the
following form:

d2�s� = 1�5�K0

M�s� ���s�−�	
(7.39)

where �Ko is the net stress ratio at K0 condition. As parameters M�s�� ��s�
and � have been determined in previous sections, the only unknown of
Equation (7.39) is �K0 or the coefficient of earth pressure at rest �K0�, which
may depend on both suction and stress history of unsaturated soils. As a
first approximation, it is assumed that K0 is independent of suction and the
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empirical expression proposed by Jaky (1944) is used to estimate K0 for
normally compressed soil and shown as follows,

K0 = 1− sin �′ (7.40)

By combining Equations (7.39) and (7.40) and assuming a constant value
of K0, the values of d2�s� are determined and summarized in Table 7.1. For
suctions between 0 and 40 kPa, d2�s� decreases linearly with s.

Hardening parameters

The hardening parameters for fs are h1�s�� h2�s� and n�s�. At zero suction,
the following stress–strain relationship is considered,

dq

d�q

≈ dq

d�
p
q

= dq
1

Kp
�dq −�′ dp′�

= Kp

1−�′ dp′
dq

(7.41)

Substituting Equation (7.27) into Equation (7.41),

dq

d�q

=
�h1�0�−h2�0�e0	G

[
M�0�

�′ − en�0���0�
]

1−�′ dp′
dq

(7.42)

Equation (7.42) is used to fit the measured stress–strain curves of the
undrained tests, which only involve the change of fs (i.e. dp′ < 0). It is found
that the best-fit values of parameters h1�0�� h2�0� and n�0� at zero suction
are 0.55, 0.05 and 1, respectively. For other values of suction, the dp′ and �′

in Equation (7.42) are replaced by dp and �y, respectively. The expression
becomes

dq

d�q

=
�h1�s�−h2�s�e0	G

[
M�s�

�y
− en�s���s�

]

1−�y
dp

dq

(7.43)

Then, Equation (7.43) is used to fit the measured stress–strain curves of
the constant p tests. For simplicity, it is assumed that n�s� is a constant
[i.e. n�s� = n�0�	, and h1�s� and h2�s� vary with suction. It is found that the
best-fit values of parameters h1�s� and h2�s� for a suction of 40 kPa are 0.24
and 0.1, respectively. Similar to d1�s� and d2�s�� h1�s� and h2�s� for suctions
between 0 and 40 kPa are interpolated from the above best-fit values.
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Parameters for specific water content

The isotropic normal compression lines for vw is obtained by subtracting
Equation (7.31) from Equation (7.22) and shown as follows:

vw = N�s�−��s� ln
(

p0�s�

pat

)
−A�s�+��s� ln

(
p0�0�

pat

)
(7.44)

By substituting Equation (7.23) into Equation (7.44), Equation (7.44)
becomes:

vw =N�s�−A�s�− ��s�

��0�−�
�N�s�−N�0�	−��s�

[
1− ��s�

��0�−�

]

ln
(

p0�s�

pat

)
− ���s�

��0�−�
ln
(

p0�s�+ sh�Sr�

pat

)
(7.45)

Equation (7.45) can be considered to have the following form:

vw = B0�s�+B1�s� ln
(

p0�s�

pat

)
+B2�s� ln

(
p0�s�+ s h�Sr�

pat

)
(7.46)

where:

B0�s� = N�s�−A�s�− ��s�

��0�−�
�N�s�−N�0�	 (7.47)

B1�s� = ��s�

[
��s�

��0�−�
−1

]
(7.48)

B2�s� = − ���s�

��0�−�
= −�

[
B1�s�

��s�
+1

]
(7.49)

B0�s�� B1�s� and B2�s� are parameters used to define the isotropic normal
compression lines for vw. These three parameters can be measured from
isotropic compression tests conducted at different suction values. By rear-
ranging Equations (7.47) and (7.48), the following expressions of ��s� and
A�s� are given:

��s� = ��s�+B1�s�

��s�
���0�−�	 (7.50)

A�s� = N�s�−B0�s�−
��s�

��0�−�
�N�s�−N�0�	 (7.51)

The measured values of ��s� and A�s� at suctions of 0, 20 and 40 kPa are
summarized in Table 7.2. The values at other suction are interpolated from
the measured values.
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Comparisons between model predictions and
experimental results for decomposed granite

Undrained tests on saturated specimens of coarse-grained
gravelly Sand (DG)

The model of Ng and Chiu (2003) is used to predict three undrained tests
on saturated specimens of a coarse-grained gravelly sand (si6-g, si11-g and
si12-g). All three specimens were isotropically compressed to similar void
ratios but different confining pressures or different states before shearing
(refer to Table 7.3); si6-g �� = −0�089� lies on the dense (dry) side of the
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critical state and si11-g �� = 0�07� and si12-g �� = 0�115� lie on the loose
(wet) side of the critical state. The measurements and model predictions of
the undrained tests are shown in Figure 7.11. It is noted that the proposed
model is able to capture the key features of the loose and dense saturated
specimens with one unique set of soil parameters.

Figure 7.11a shows the comparisons between the measured and predicted
shear stress and strain relationships. It can be seen that the model can predict
the strain-softening behaviour of the two loose specimens (si11-g and si12-g)
well. For the si6-g test, despite the initial discrepancy between the prediction
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Figure 7.11 Measured and predicted parameters for gravelly sand: (a) stress–strain
relationship; (b) relationship between excess pore water pressure and shear
strain; (c) effective stress path for undrained tests on saturated specimens
(after Chiu and Ng, 2003).
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Figure 7.11 (Continued).

and measurement, the strain-hardening behaviour of the dense specimen is
captured by the model well at large strains. The model gives much better
predictions for the generated excessive pore water pressure (Figure 7.11b)
for all three tests. Figure 7.11c shows that the predictions agree well with
the three measured effective stress paths because of the incorporation of
state-dependent dilatancy in the model. As the state of a specimen changes
from loose (or positive �, e.g. si11-g and si12-g) to dense states (or negative
�, e.g. si6-g), the proposed model predicts a change from contractive to
dilative tendency accordingly.

Constant water content tests on unsaturated specimens of
coarse-grained gravelly sand (DG)

Figure 7.12 compares the model predictions and measurements of three con-
stant water content tests on unsaturated specimens of gravelly sand (ui1-g,
ui2-g and ui3-g). All three specimens were isotropically compressed to differ-
ent confining pressures before shearing. Two specimens, ui1-g �� = −0�143�
and ui2-g �� = −0�041�, lie on the dense side of the critical state and the
third one, ui3-g �� = 0�014�, lies on the loose side of the critical state. Similar
to the saturated specimens, the model predictions, which are based on one
unique set of soil parameters, are consistent with the experimental data over
a range of internal state (� ranging from −0�143 to 0.014) qualitatively.

Figure 7.12a and b shows that the model gives reasonably good
predictions for stress–strain and volumetric–shear strain relationships of
the unsaturated specimens. Regarding the stress–strain relationship, the
model predicts the occurrence of strain-hardening behaviour and that shear
strength increases with confining pressure. Regarding volumetric strain, the
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model predicts volumetric contraction for the range of the confining pressure
considered and the magnitude of contraction increases with confining pres-
sure (or the amount of contraction increases with a more positive value of �).

Figure 7.12c shows that the model predicts monotonic reductions in suc-
tion during shearing and the amount of reduction increases slightly with
confining pressure (or increases with �). The predicted change of suction
agrees with the measurements for a confining pressure of 100 kPa (ui3-g).
However, the predictions overestimate the amount of reduction for spec-
imens compressed to confining pressures smaller than 100 kPa (ui1-g and
ui2-g). This discrepancy may be due to the different forms of pore water
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Figure 7.12 Measured and predicted parameters for gravelly sand: (a) stress–strain rela-
tionship; (b) volumetric strain–shear strain relationship; (c) variation of suction
with shear strain for constant water content tests on unsaturated specimens
at initial s = 40kPa (after Chiu and Ng, 2003).
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Figure 7.12 (Continued).

existed in the microstructure of the compacted soil, which contains above
20 per cent of clay and silt (see Ng and Chiu, 2003). Croney et al. (1958)
suggested that clay specimens compacted on the dry side of optimum may
exist as saturated packets (or aggregates), which contain small and water-
filled (or nearly saturated) intra-aggregate voids, separated by large inter-
aggregate air voids. Then, the pore water may exist in two different forms:
the bulk water within saturated packets of clay and meniscus water between
large inter-aggregate air voids (Gens, 1995; Delage and Graham, 1995;
Wheeler and Karube, 1995). For a loosely compacted unsaturated speci-
men compressed to a low confining pressure (such as ui1-g and ui2-g), the
inter-aggregate air void created by compaction may be preserved in com-
parison to other specimen subjected to a higher confining pressure. Hence,
a better prediction may be obtained by considering the effects of the bulk
water and meniscus water separately in deriving the variation of vw with
p� s and Sr for loosely compacted specimens compressed to a low confining
pressure.

Wetting tests at constant deviator stress on unsaturated
specimens of coarse-grained gravelly sand (DG)

Figure 7.13 compares the model predictions and the measurements of four
wetting tests carried out at constant deviator stress on unsaturated specimens
of the gravelly sand (ua1-g, ua2-g, ua3-g and ua4-g). All four specimens were
anisotropically compressed to the same stress ratio but different confining
pressures before wetting. All four specimens lie on the dense side of the crit-
ical state with � ranging from −0�139 to −0�046, and ua1-g lies the furthest
away from the critical state line �� = −0�139� among the four specimens.
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Figure 7.13 Measured and predicted variations of (a) shear strain and (b) volumetric strain
with suction for wetting tests at constant deviator stress on unsaturated
specimens of gravelly sand (after Chiu and Ng, 2003).

As soil suction decreases from 40 to 25 kPa, only a small strain is induced.
The model predictions are in good agreement with the experimental data
for this suction range because only small and elastic response occurs within
the yield surface. As suction reduces further to about 15 kPa (average),
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a sudden and substantial increase in shear and volumetric strain can be
seen from the experimental data. Although the model is unable to predict
precisely when the rapid increase in strain occurred, the observed sudden
increase in strain is captured reasonably well by the model in all four tests.
This type of soil behaviour cannot be captured by most of the existing
models. This is because the applied stress ratio �� = 1�4� of the unsaturated
specimens (ua1-g to ua4-g) is smaller than the gradient of critical state line
�M = 1�55�, therefore the state of the specimens always lies below the critical
state line throughout the wetting tests. In most existing unsaturated elasto-
plastic models, yielding on the LC yield surface during wetting at constant
deviator stress would usually give relatively modest plastic shear strains
(unless the stress state is brought very close to a critical state). On the other
hand, the proposed model predicts much larger plastic shear strains during
wetting at constant deviator stress (as observed in the experimental tests),
because of yielding on the fs surface. In addition, the hardening rule for fs

is dependent on the internal state [Equation (7.27)] and the plastic modulus
can reduce substantially as the stress states of the specimens lie below the
critical state line.

Comparisons between model predictions and
experimental results for decomposed volcanic soil

Undrained tests on saturated specimens of fine-grained
sandy silt (DV)

To further illustrate the capability of the model, it is also used to predict the
test results of a fine-grained sandy silt. Two initially identical saturated spec-
imens (si4-v and si5-v) were isotropically compressed to different confining
pressures before undrained shearing. The measurements and model predic-
tions of the undrained tests are compared in Figure 7.14. It can be seen that
the model predictions are in good agreement with the experimental data for
the fine-grained soil. In particular, the model captures the phase transfor-
mation of the effective stress paths for both specimens (Figure 7.14c).

Constant water content tests on unsaturated specimens of
fine-grained sandy silt (DV)

Figure 7.15 compares the model predictions and measurements of three
constant water content tests on unsaturated specimens of the sandy silt (ui1-
v, ui2-v and ui3-v) conducted at a suction of 80 kPa. All three specimens were
isotropically compressed to different confining pressures before shearing
(see Table 7.4). Test ui1-v �� = −0�033� lies on the dense side of the critical
state, ui2-v �� = 0�082� and ui3-v �� = 0�137� lie on the loose side of the
critical state.
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Figure 7.14 Measured and predicted (a) stress–strain relationship; (b) relationship
between excess pore water pressure and shear strain; (c) effective stress
path for undrained tests on saturated specimens of sandy silt (after Chiu and
Ng, 2003).
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Figure 7.15 Measured and predicted (a) stress–strain relationships; (b) volumetric strain–
shear strain relationships for constant water content tests on unsaturated
specimens of sandy silt at initial s = 80kPa (after Chiu and Ng, 2003).
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Similar to the coarse-grained gravelly sand, the model prediction is consis-
tent with the experimental data over a range of internal states (i.e. density),
in particular the stress–strain and volumetric–shear strain relationships at
confining pressures smaller than 150 kPa (i.e. ui1-v and ui2-v).

Summary

A state-dependent elasto-plastic constitutive model for both saturated and
unsaturated soils has been developed to model the behaviour of soils over
various ranges of densities, stress levels and soil suctions. The model is for-
mulated under an extended critical state framework using two independent
stress state variables: net normal stress and matric suction. The concept of
state-dependent dilatancy is incorporated for modelling saturated as well as
unsaturated soils. The effects of internal state, stress level and soil suction
on dilatancy are considered in the model. Relevant testing procedures have
been demonstrated to calibrate and obtain the required model parameters.

The capabilities of the model are illustrated by predicting three series
of triaxial tests (undrained tests on saturated specimens, constant water
content tests and wetting tests at constant deviator stress on unsaturated
specimens) performed on a coarse-grained gravelly sand (DG) and a fine-
grained sandy silt (DV). By using a single set of soil parameters and the
incorporation of state-dependent dilatancy, the model’s predictions are gen-
erally consistent with the experimental results, in particular for the effective
stress paths and stress–strain relationships observed in undrained tests on
saturated specimens, stress–strain and volumetric–shear strain relationships
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measured from constant water content tests on unsaturated specimens over
various ranges of densities and stress levels, and some key features such as
a sudden increase in shear and volumetric strains during wetting tests at
constant deviator stress.
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Field trials and numerical
studies in slope engineering
of unsaturated soils
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Images that represent the content of this Part 4: (a) Field trial slope; (b) Vibrating wire
earth pressure cell; (c) Thermal conductivity suction sensor (left) and Theta probe for
measuring volumetric water content (right); (d) Jet Fill tensiometer.
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(d)

(Continued).

Chapter synopses

Chapter 8: Instrumentation and performance: A case study
in slope engineering

To assist in the design of the Middle Route of the South-to-North Water
Transfer Project (SNWTP) in China, two areas, each 16 m wide and 31 m
long, along an 11 m high 22� cut slope in a typical medium-plastic expansive
clay were extensively instrumented and their engineering performance was
monitored. The 1200 km Middle Route of the SNWTP is to carry potable
water from the Yangtze River region in the south to many arid and semi-
arid areas in the northern regions of China, including Beijing. One of the
major geotechnical problems is to design safe and economical dimensions
for cut slopes that form an open channel with a trapezoidal cross-section
in unsaturated expansive soils which possess high swelling and shrinkage
potential.

The unique instrumentation package was designed to consider the influ-
ence of both the independent stress state variables: soil suction and net
normal stress. The instrumentation package included tensiometers, ther-
mal conductivity suction sensors, moisture probes, earth pressure cells,
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inclinometers, a tipping bucket rain gauge, a vee-notch flowmeter and an
evaporimeter. The fundamental mechanisms of rainfall infiltration into the
unsaturated expansive soil during two artificial rainfall events and the com-
plex interaction among changes of soil suction (or water content), in situ
stress state and soil deformation leading to slope failure were studied. Not
only are the monitoring data useful for engineering designs of slopes in
expansive unsaturated clays, but they are also invaluable for calibrating
constitutive models and numerical simulation procedures. This case study
is thus an invaluable resource both for the practising civil engineer as well
as the numerical modeller.

Chapter 9: Engineering applications for slope stability

Limit equilibrium methods of slope stability analysis in unsaturated soils
using the extended Mohr–Coulomb failure criterion are introduced. A three-
dimensional numerical parametric study of rainfall infiltration into an unsat-
urated soil slope is described and the effect of various rainfall patterns on
groundwater is found. The critical influence of antecedent rainfall on pore
water pressure distributions and hence on slope instability is revealed. Other
numerical parametric studies show how slope stability is influenced by state-
dependent soil–water characteristic curves (SDSWCCs) undergoing wetting
and drying at different stress conditions. The critical influence of damming
ground water flow on slope stability is also modelled. A potential non-
conservative design method that uses a conventional SWCC is described.
Other factors affecting slope stability are investigated including the influence
of re-compaction, surface cover and impeding layers. The role of soil nails
in a potentially static liquefiable loose fill slope is investigated using a strain-
softening soil model. The theory of a new conjunctive surface–subsurface
modelling of rainfall infiltration is introduced and explained. This new
model is capable of simulating rainfall infiltration and surface ground flow
simultaneously and iteratively, without knowing the coefficient of rainfall
infiltration in advance. The importance of the effects of conjunctive mod-
elling on slope stability is reviewed. Based on the results of the numerical
parametric studies presented in this chapter, design engineers will improve
their understanding of rainfall infiltration mechanisms and transient flows
in unsaturated soil slopes and hence be able to predict slope stability with
greater confidence.



 

Chapter 8

Instrumentation and
performance: A case study in
slope engineering

Source

This chapter is made up of verbatim extracts from the following sources
for which copyright permissions have been obtained as listed in the
Acknowledgements.

• Ng, C.W.W., Zhan, L.T., Bao, C.G., Fredlund, D.G. and Gong, B.W.
(2003). Performance of an unsaturated expansive soil slope subjected
to artificial rainfall infiltration. Géotechnique, 53, 2, 143–157.

The South-to-North Water Transfer Project, China
(Ng et al., 2003)

Introduction

Expansive soils can be found on almost all continents. The destructive effects
caused by this type of soil have been reported in many countries around the
world, including the United States, Australia, South Africa, India, Canada,
China and Israel (Nelson and Miller, 1992; Steinberg, 1998). According
to Steinberg, the annual loss due to the damage caused by expansive soils
is US$10 billion and up to ¥100 million in the United States and China,
respectively. Clearly, there is an urgent need to improve our understanding
of the fundamental behaviour of expansive soils and design methodology
for civil engineering structures constructed on these soils.

A major infrastructure project, the South-to-North Water Transfer Project
(SNWTP), has been proposed to carry potable water from the Yangtze
River region in the south to many arid and semi-arid areas in the northern
regions of China, including Beijing. The proposed 1200 km ‘middle route’ is
likely to be an open channel with a trapezoidal cross-section formed by cut
slopes and fills. At least 180 km of the proposed excavated canal will pass
through areas of unsaturated expansive soils. One of the major geotechnical
problems is to design safe and economical dimensions for the cut slopes in
the unsaturated expansive soils, which possess high swelling and shrinkage
potential (Bao and Ng, 2000).
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Although field studies of the effects of rainfall infiltration on slope sta-
bility have been carried out on residual soil slopes by some researchers
(Lim et al., 1996), the fundamental mechanisms of rainfall infiltration into
unsaturated expansive soils during wet seasons, and the complex interac-
tion among changes of soil suction (or water content), in situ stress state
and soil deformation leading to slope failure are not fully understood. To
improve our understanding of the fundamental mechanisms of rain-induced
retrogressive landslides in unsaturated expansive soils, an 11 m high cut
slope in a typical medium-plastic expansive clay in Zaoyang, close to the
‘middle route’ of SNWTP in Hubei, China, was selected for a comprehen-
sive, well-instrumented field study of rainfall infiltration. The instrumenta-
tion includes tensiometers, thermal conductivity suction sensors, moisture
probes, earth pressure cells, inclinometers, a tipping-bucket rain gauge, a
vee-notch flowmeter and an evaporimeter. Calibrations of these instruments
are described and discussed by Zhan et al. (2006).

The test site

The test site is located on the intake canal of the Dagangpo second-level
pumping station in Zaoyang, Hubei, China (Figure 8.1). It is about 230 km
northwest of Wuhan and about 100 km south of the intake canal for the
SNW TP in Nanyang, Henan, China.

The site is in a semi-arid area with an average annual rainfall of about
800 mm, and 70 per cent of the annual rainfall is distributed from May to
September.

The intake canal at the test site was excavated in 1970 with an average
excavation depth of 13 m. The slope angle following excavation was 22°.
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Figure 8.1 Site location for field trial (after Ng et al., 2003).



 

Instrumentation and performance: a case study in slope engineering 475

Several years after construction, a number of slope failures have taken place
in succession, and parts of a masonry retaining wall have been seriously
deflected or destroyed. Most of the mass movement has occurred during
wet seasons, and the slip surfaces are in the order of 2 m deep.

The test site areas were selected on a cut slope on the northern side of the
canal (Figure 8.2). The area has a uniform slope angle of 22° and a uniform
slope height of 11 m (measured from the top of the retaining wall). There
was a 1 m wide berm at the mid-height of the slope. The slope surface was
well grassed, but no trees were present. The area has a significant depth
of typical unsaturated expansive soil. The ground level at the toe of the
slope is approximately +96m OD (ordnance datum). About 5 m away from
the slope toe there is a 3 m high masonry retaining wall. The depth of the
canal below the slope toe is about 3–5 m. Just to the west of the selected
testing area there are a number of typical shallow slips and retrogressive
slope failures. In this chapter, only the instruments and monitored results for
the bare slope are described and reported. Details of the monitoring in the
grassed area and comparisons between the results for the bare and grassed
areas are given by Zhan et al. (2007) and Ng and Zhan (2007), respectively.

Soil profile and properties

Three groups of boreholes were drilled to a layer with hard and coarse cal-
careous concretions around the monitored area on the bare slope (Figure 8.3).
Each group comprised two boreholes spaced 1 m apart. One borehole was

Grassed area

N

16 m

31
 m

Bare area

16 m

Figure 8.2 Overall view of the selected cut slope (after Ng et al., 2003).
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Figure 8.3 Instrumented bare slope and layout of boreholes (after Ng et al., 2003).

for sampling and standard penetration tests (SPTs), the other was for
dilatometer tests (DMT). Two boreholes (BH7 and BH8) were drilled in the
monitored area and used for the installation of inclinometers after sampling
and SPTs. The soil profiles and geotechnical parameters obtained from the
boreholes around mid-slope (BH5 and BH6) are shown in Figure 8.4.

As shown in Figure 8.4, the predominant stratum in the slope was a
yellow-brown stiff fissured clay. The clay layer was sometimes inter layered
with thin layers of grey clay or iron concretions. The yellow-brown clay
contained about 15 per cent hard and coarse calcareous concretions (particle
size generally from 30 to 50 mm). X-ray diffraction analyses indicated that
the predominant clay minerals are illite (31–35 per cent) and montmoril-
lonite (16–22 per cent), with a small percentage of kaolinite (8 per cent) (Liu,
1997). The natural water content was generally slightly larger than the plas-
tic limit �wp = 19�5 per cent� Ip = 30� with the exception of a relatively low
water content within the top 1 m. The dry density profile down to 2 m indi-
cated that a relatively dense soil layer was present at a depth of about 1–5 m.

The clay was typically overconsolidated because of desiccation, as indi-
cated by the total stress K0 value obtained from dilatometer tests, and by
its swelling pressure, which ranged from 30 to 200 kPa. The clay exhibited
significant swelling and shrinkage characteristics upon wetting and drying,
and an abundance of cracks and fissures were observed in the field. The
width of some cracks was as large as 10 mm on the slope surface, and could
be observed to extend as deep as 1 m.

The soil–water characteristics of the expansive clay near the test site were
investigated by Wang (2000). Figure 8.5 shows some soil–water character-
istic curves (SWCCs) measured on two undisturbed specimens with a dry
density of 1�40Mg/m3, which is smaller than the measured average dry



 

0 1 2 3 4 5 6 7 8 9 10

10
 

20
 

30
 1

.4
0 

1.
55

 
1.

70
 1

0 
20

 
30

 0
 

75
 

15
0 

0 
2 

4 
0 

10
0

Depth (m)

W
at

er
 c

on
te

nt
 (

%
)

ρ d
 (

M
g/

m
3 )

S
P

T
 (

N
)

c u
 (

kP
a)

K
0D

M
T

E
D

M
T
 (

M
P

a)

Y
B

 m
ot

tle
d 

gr
ey

 c
la

y

Y
B

 m
ix

ed
 g

re
y 

cl
ay

Y
B

 c
la

y 
w

ith
 m

an
y

iro
n 

co
nc

re
tio

ns

Y
B

 m
ot

tle
d 

gr
ey

cl
ay

 w
ith

 s
m

al
l i

ro
n

co
nc

re
tio

ns

Y
B

 c
la

y 
w

ith
 m

an
y

iro
n 

co
nc

re
tio

ns

Y
B

 m
ix

ed
 g

re
y 

cl
ay

Y
B

 c
la

y 
w

ith
 c

oa
rs

e
ca

lc
ar

eo
us

 c
on

cr
et

io
n

B
H

5
B

H
6

B
H

7

4.
4 

N

20
0

Y
el

lo
w

-b
ro

w
n 

(Y
B

)
st

iff
 c

la
y 

w
ith

 c
ra

ck
s

Fi
gu

re
8.

4
So

il
pr

of
ile

s
an

d
ge

ot
ec

hn
ic

al
pa

ra
m

et
er

s
fr

om
th

e
bo

re
ho

le
s

lo
ca

te
d

at
m

id
-s

lo
pe

(a
ft

er
N

g
et

al
.,

20
03

).



 

478 Field trials and numerical studies in slope engineering

40

35

30

25

20

15

10
1 10 100 1,000 10,000

Matric suction (kPa)

G
ra

vi
m

et
ric

 w
at

er
 c

on
te

nt
 (

%
)

ZY-N1 (desorption)
ZY-N2 (desorption)
ZY-N2 (adsorption)
ZY-N1 (shifted)
ZY-N2 (shifted)
ZY-N2 (shifted)

ρd = 1.37 Mg/m3

ρd = 1.43 Mg/m3

ρd = 1.56 Mg/m3

Figure 8.5 Soil–water characteristic curves for the soil from Zaoyang (after Ng et al., 2003).

density for the soils in the monitoring area �1�56Mg/m3�. Based on a study
of the effects of soil density on SWCCs of a sandy silt (Ng and Pang, 2000),
the SWCCs for the expansive soil with a density of 1�56Mg/m3 may be
approximately deduced and constructed by shifting the measured SWCCs
at 1�40Mg/m3, as shown in Figure 8.5. The shape of the SWCCs for the
expansive soil is relatively flat, which indicates that the expansive soil pos-
sesses a high water-retention capability. The air-entry value of the soil is
about 30 kPa. The drying and wetting hysteresis between the desorption and
adsorption curves is relatively insignificant.

Field instrumentation programme (bare area only)

An area 16m wide by 31 m long with a cleared surface (Figure 8.3) was
selected for instrumentation and artificial rainfall simulation tests. The
instruments included jet fill tensiometers, thermal conductivity suction sen-
sors (Fredlund et al., 2000), ThetaProbes for determining water content
(Delta-T Devices Ltd, Cambridge, UK), vibrating-wire earth pressure cells,
inclinometers, a tipping-bucket rain gauge, a vee-notch flowmeter and an
evaporimeter. The layout and locations of the instruments are shown in
Figures 8.6 and 8.7, and the details for each instrument are summarized in
Table 8.1.

Monitoring soil suction and water content

As shown in Figures 8.6 and 8.7, there were three rows of instrumentation
for soil suction and water content monitoring: R1 at the upper part, R2
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Figure 8.7 Layout of instruments in the bare area. All dimensions are in metres; numbers
denote depths (after Ng et al., 2003).
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Table 8.1 Summary of instruments in the bare area of the trial slope (after Ng et al.,
2003)

at the middle part and R3 at the lower part of the slope. In each row,
there were seven to nine suction sensors (i.e. jet fill tensiometers or thermal
conductivity sensors; Fredlund et al., 2000) and four ThetaProbes, which
were used for measuring volumetric water content (VWC) indirectly. These
probes use the standing-wave technique to measure the apparent dielectric
constant of a soil, which is then correlated with the volumetric water content
in the soil. The sensors at each row were spaced 1 m apart. Most of the
sensors were embedded within a depth of 2 m. For each depth, there were
generally two soil suction sensors and one ThetaProbe.

Disturbed samples were taken slightly below the three rows of instrumenta-
tion using a small-diameter auger. This was done every day for determination
of the gravimetric water content (GWC) profiles during the rainfall simu-
lation period. All the auger holes were backfilled immediately after sampling.
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Monitoring horizontal total stresses

Three pairs of earth pressure cells were installed for monitoring horizontal
total stress in two orthogonal directions. As mentioned before, a mid-slope
berm divided the slope into two parts. Two pairs of earth pressure cells
were embedded 2.5 m above the toe in the upper half and the lower half
of the slope, respectively. The other pair of earth pressure cells was located
midway between the former two pairs. For each pair, one earth pressure cell
was installed to measure the horizontal stress in the north–south direction
(i.e. the inclination direction of the slope); the other was placed in the
east – west direction (i.e. parallel to the longitudinal direction of the canal).
All six earth pressure cells were installed vertically at a depth of 1.2 m.
The installation procedure proposed by Brackley and Sanders (1992) was
adopted to minimize soil disturbance due to the excavation of a slot for a
pressure cell.

Monitoring horizontal movements and surface heave

Two inclinometers were installed in two orthogonal directions: one (I1) near
the toe of the upper portion of the slope and the other (I2) near the toe of
the lower portion of the slope. The inclinometers were bottomed at depths
of 8.0 and 6.5 m, respectively (i.e. down to the hard layer with coarse and
hard calcareous concretions).

In order to measure the swelling of the unsaturated expansive soil as a
result of rainwater infiltration, three rows of movement points were set up
near the three main rows of instrumentation (R1, R2 and R3), respectively.
The movement points were constructed with concrete blocks. Each row has
four movement points founded at depths of 0.1, 0.5 and 1.0 m, respectively.
Two levelling datum points were constructed 20 m outside the artificial
rainfall area and founded at a depth of 3 m. These two datum points were
frequently monitored and checked using a city grid datum located over
100 m away from the site. The monitoring and checking confirmed that the
two datum points were stable and were not affected by the artificial rainfall.

Monitoring rainfall intensity, run-off and evaporation

A tipping-bucket rain gauge was installed to record the intensity and dura-
tion of rainfall. Flowmeters were installed in the main water-supply line of a
sprinkler system to record the total amount of water sprinkled onto the slope
within a given time interval. A water collection channel was constructed
along the toe of the slope to measure surface run-off using an automatic
vee-notch flowmeter system installed at the end of the channel. An evapor-
imeter was installed at the middle of the slope outside the monitoring area
to measure potential evaporation.
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Apart from the two inclinometers and the movement points, all other
instruments were connected to the computerized data acquisition system
housed at the top of the slope.

Artificial rainfall simulations for the bare area

Rainfall was artificially produced using a specially designed sprinkler system.
This was done to accelerate the field test programme. The sprinkler system
comprised a pump, a main water-supply pipe, five branches and 35 sprinkler
heads. The system could produce three levels of rainfall intensity (3, 6
and 9 mm/h).

The site was fairly dry from November 2000 to April 2001, with a total
rainfall of only 60 mm. In May, when the wet season generally begins, there
was only about 40 mm of rainfall. From June to 18 August, prior to the start
of the rainfall simulation tests, the monitored area was protected against
rainfall infiltration with a plastic membrane. The rainfall simulation tests
therefore started from a relatively dry soil condition.

Figure 8.8 shows the two simulated rainfall events during the one-month
monitoring period, from 13 August to 12 September 2001. Two rainfall
events were simulated. The first lasted for 7 days, from the morning of 18
August to the morning of 25 August 2001, with an average daily rainfall of
62 mm. The second simulated rainfall was from the morning of 8 September
to the afternoon of 10 September 2001. During both rainfall periods, in the
morning of each day, the artificial rainfall was stopped for 2–3 h to allow
the measurement of horizontal displacements and soil swelling, as well as
to auger disturbed specimens for the determination of GWC profiles. Apart
from this regular stoppage, the artificial rainfall intensity was maintained
constant at 3 mm/h.
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Figure 8.8 Intensity of rainfall events for the bare area during the trial period (after
Ng et al., 2003).
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The surface run-off from the artificial rainfall was measured by the vee-
notch flowmeter. If the amount of infiltration during the two rainfall periods
is assumed to be equal to the difference between the rain intensity and surface
run-off, then the percentage of infiltration can be calculated by dividing
the amount of infiltration by the rain intensity. During the first 11/2 days
after the beginning of the artificial rainfall, the percentage of infiltration
was equal to 100 per cent i.e. no run-off. Thereafter, the percentage of
infiltration decreased with rainfall duration. After 4 days of rainfall, the
percentage of infiltration tended towards a steady 30 per cent. Note that the
measured percentage of infiltration was corrected for evaporation. Based
on the measurements made by the evaporimeter, it was found that the
evaporation potential ranged from 2 to 8 mm/day, which was relatively
small compared with the rainfall intensity of 60 mm/day.

Observed field performance for the bare area

Effect of simulated rainfall on pore water pressures and soil suction

RESPONSES OF SOIL SUCTION OR PORE WATER PRESSURE

Since the changes of in situ pore water pressure (PWP) or soil suction, in
response to the simulated rainfalls, exhibited a similar characteristic for the
three different sections (R1, R2 and R3, located at the upper, middle and
lower sections of the slope, respectively), typical monitored results at R2
have been selected and are shown in Figure 8.9. The results recorded by
four tensiometers and four thermal conductivity sensors are presented in
terms of PWP and soil suction in Figure 8.9a and b, respectively.

Immediately prior to the first artificial rainfall on 18 August 2001, nega-
tive PWPs ranging from 18 to 62 kPa were recorded by the four tensiometers
(see Figure 8.9a). As expected, the higher the elevation of the tensiometer,
the larger the negative PWP. With the exception of the thermal conductivity
sensor (R2-TC-0-6), which showed a high soil suction of about 250 kPa
at 0.6 m below ground (see Figure 8.9b), soil suctions deduced from the
remaining three sensors were generally consistent with the measurements
obtained from the tensiometers.

After the first heavy artificial rainfall started on 18 August 2001, the
negative PWP and soil suction measured by most sensors began to decrease
only after about 2 days of rainfall (about 90 mm of rain). As shown in
Figure 8.9a, there was a clear delay in PWP response to rainfall infiltration,
even at a depth of 0.6 m. Within the depth of 1.5 m, the duration of delay
appeared to decrease as depth increased. Based on field reconnaissance and
observations in trial pits, it was found that many cracks and fissures occurred
near the ground surface, and a layer of relatively impermeable material was
identified at about 1.5 m below the ground surface. It is postulated that, as
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Figure 8.9 Response from suction sensors located at R2: (a) pore water pressures mea-
sured by tensiometers; (b) soil suctions measured by thermal conductivity
sensors (after Ng et al., 2003).

the intact expansive clay has a relatively low water permeability, water can
ingress the clay only through cracks and fissures. While rainwater flowed
through the cracks and fissures initially, the tensiometers did not register any
significant changes of soil suction around their tips, and this led to the initial
response delay. Subsequently, when the infiltrated rainwater started to rise
from the bottom of the cracks or from a perched water table formed owing
to the presence of the impeding layer and seep in all directions, the lower the
tensiometer, the quicker the response (i.e. the shorter the delay). Obviously, a
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rapid response was shown by a sharp reduction in negative PWP when water
reached the locations of the tensiometers above the impeding layer. The
tensiometer located below the impeding layer showed the slowest and most
gradual rate of response to rainfall and the lowest magnitude of reduction
of negative PWP.

After the first rainfall, the lower three tensiometers showed a gradual
increase (or recovery) in negative PWP, and appeared to reach a steady state
condition after 2 September, recording negative PWP from 3 to 10 kPa.
The rate of recovery was very similar for the lower three tensiometers. On
the other hand, the top one showed a much more rapid recovery initially.
However, the final magnitudes of recovered negative PWP fell within a
narrow range, and did not appear to be strongly governed by the depths of
the tensiometers.

During the second artificial rainfall, the lower three tensiometers showed
almost no delay in response to the rainfall. There was a change in PWP
from negative to positive, although the magnitude of the change (about
10 kPa) was not very significant. On the other hand, the top tensiometer
showed a 1-day delay in response to the second rainfall. However, the ‘final
equilibrium’ PWP recorded during the second rainfall was similar to those
during the first one.

The general responses of indirect soil suction measurements by thermal
conductivity sensors to the two artificial rainfalls (see Figure 8.9b) were
similar to those recorded by the tensiometers, except that the former showed
a slower rate of response than the latter. The magnitudes of PWPs measured
by the two different types of sensor were generally consistent, particularly
at the depth of 1–6 m below ground. However, the inconsistency shown
between the two sensors located at the depth of 0–6 m before the first rainfall
may be due to the inherent limitation of tensiometers caused by cavitation
at high suction.

RESPONSES OF PIEZOMETRIC LEVEL

Figure 8.10 shows the variations of piezometric level (i.e. elevation head plus
PWP head) with time for sections R1, R2 and R3. The piezometric levels
were calculated from the monitored results of the suction sensors installed
at three different depths (0.6, 1.2 and 2.4 m) at each section. The elevation
head for each sensor was calculated according to the local datum (96 m
OD) located at the slope toe. The responses of piezometric levels within and
below the 1 m depth are shown in Figure 8.10a and b, respectively.

Prior to the commencement of the first rainfall event, the piezometric
levels at a depth of 0.6 m decreased with the elevation of the three sections
(i.e. from R3 to R1: see Figure 8.10a). This suggests that there was an
up-slope water flow within 1 m depth below the ground surface, resembling
the capillary rise of water in an inclined column of unsaturated soil. In
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Figure 8.10 Variations of piezometric level at various depths: (a) by suction sensors within
1 m depth; (b) by suction sensors below 1 m depth (after Ng et al., 2003).

contrast, at a given depth of 1 m or more below the ground surface,
the piezometric levels increased with the elevation of the sections (see
Figure 8.10b). This indicates a down-slope water flow below the depth of
1 m or more. The observed difference in the water flow directions above
and below a depth of 1 m prior to the rainfall may be due to the presence
of large numbers of opened cracks and fissures near the ground surface.
These structural features enhanced the process and rate of evaporation, and
hence resulted in substantial high negative PWP or soil suction near the
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ground surface (see Figure 8.9). By contrast, as the number of open cracks
and fissures decreased significantly with depth, the influence of cracks and
fissures appeared to be negligible at greater depths.

After the commencement of the first rainfall, the piezometric levels at
each section increased owing to the decrease in negative PWP. At a given
depth along the slope, the piezometric levels decreased with reduction in the
elevations. A down-slope water flow phenomenon appeared as a result of
rainfall infiltration. During the two-week non-rainfall period, the magnitude
of the difference in the piezometric levels at sections R1, R2 and R3 still
remained the same, even though there was a slight recovery of negative
PWPs in the soil, indicating that there was a water flow in the down-slope
direction after the rainfall. These results were consistent with the observed
exit of groundwater near the slope toe for several days after the first rainfall
period.

VARIATIONS OF IN SITU PORE WATER PRESSURE (PWP) PROFILES

Figure 8.11 shows the PWP distributions with depth. Prior to the com-
mencement of the first rainfall period, the negative PWPs near the ground
surface were substantially higher than those at greater depths, and hence the
PWP profiles deviated significantly from theoretical hydrostatic conditions.
The negative PWPs below a depth of 2 m were relatively low and decreased
gently with an increase in depth.

After 3 days of heavy rainfall of about 180 mm, the PWPs increased
significantly within the upper 2 m of soil. A positive PWP appeared at
a depth of about 1–5 m below the ground at sections R2 and R3. The
continued rainfall after 21 August resulted in a further increase in PWP but
at a significantly reduced rate.

At the end of each of the two rainfall periods (i.e. 25 August and
10 September), the significant positive PWP was observed by tensiometers
within the upper 2 m of soil, was the largest at a depth of about 1.5 m at
each section. This seemed to indicate the presence of a perched groundwater
table at about 1.5 m below the ground surface. The measured in situ dry
density profiles demonstrated that there was a denser ��d ≥ 1�60Mg/m3�
soil layer, ranging from 0.3 to 0.5 m, located at about 1.5 m (see Figure 8.4).
It is believed that the dense soil layer possesses a relatively low coefficient
of water permeability, and hence the infiltrated rainwater is retained above
this dense layer. Owing to the impedance effect of the dense layer, the influ-
ence of rainfall on PWP below the 1.5 m depth at this site was generally
insignificant. The presence of the perched groundwater table at a depth of
about 1.5 m caused the development of significant positive PWPs, which
led to the expansion of the initially dry expansive soil upon wetting, result-
ing in a reduction in the shear strength of the soil layer. This may explain
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why most rain-induced landslides appear to be relatively shallow, generally
found within a 2 m depth (Bao and Ng, 2000).

RESPONSE OF VOLUMETRIC WATER CONTENT (VWC)

Figure 8.12 shows the monitored results of VWC by four ThetaProbes
located at the R2 section during the two artificial rainfalls. The response
of VWC recorded by the ThetaProbes was generally consistent with the
corresponding PWP responses shown in Figure 8.9. With the exception of
the ThetaProbe located at 0–3 m below ground surface (i.e. R2-�-0.3), there
was a delay of at least 2 days in changes of VWC in response to the first
artificial rainfall, which started on 18 August. The infiltration characteristics
revealed by the lower three ThetaProbes were generally consistent with the
pore water pressure responses shown in Figure 8.9. The rapid response of
R2-�-0.3 might be attributed to the presence of a large number of cracks
and fissures near the surface. For the lower three ThetaProbes, the one at
l.2 m depth (R2-�-1.2) responded first, followed by the one at 0.6 m depth,
and finally the one at 1.6 m depth. The order of response may perhaps be
explained by the presence of an impeding layer located at about 1.5 m depth,
as discussed before.

After 3 days of rainfall, all measured VWCs at various depths appeared
to reach a steady-state condition. About 3 days after the cessation of rain,
the VWCs at different depths began to decrease progressively to another
steady-state condition. The shallow probes reached new equilibrium values
first, followed by the deeper ones on 2 September. After the commencement
of the second rainfall on 8 September, all ThetaProbes responded quite
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Figure 8.12 Volumetric water content changes in response to rainfall measured by
ThetaProbes located at R2 (after Ng et al., 2003).
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rapidly, but the magnitude of the increase in VWC was generally smaller
than that during the first rainfall.

VARIATIONS OF IN SITU WATER CONTENT PROFILES

Figure 8.13a–c illustrates the variations of water content profiles in response
to rainfalls at sections R1, R2 and R3 respectively. In each Figure, the GWC
profiles were obtained by direct sampling of the soil, and the two dashed
lines in the middle denote the calculated minimum and maximum VWC
profiles based on the measured GWC profiles and the measured dry density
profiles. The solid lines labelled with opened symbols represent the VWC
profiles measured by ThetaProbes.

Just prior to the commencement of the first rainfall event, the initial GWCs
generally increased with depth within 1.5 m below ground, suggesting an
upward flow of moisture via evaporation. The measured relationship of
the initial GWC profiles and the measured initial negative PWP profiles
(Figure 8.11) was approximately consistent with the wetting curve of the
SWCCs shown in Figure 8.5. For example, the measured GWCs varied from
16.5 to 22.8 per cent within the 2 m depth at the R1 section and were
reasonably consistent with the estimated range of GWC (17.5–25 per cent)
deduced from the wetting curve of the SWCCs and the negative PWP profiles
measured by tensiometers, as shown in Figure 8.11.

After the start of rainfall, the measured GWC profiles were generally con-
sistent with those of the PWP responses discussed previously (Figure 8.11). A
significant increase in GWC could be found within the upper 1.5 m, and the
influence of the rainfall on the GWCs below 1.5 m seemed to be essentially
negligible, particularly at R2. This finding supports the previous postulation
that there is a low-permeability layer at mid-slope. The reduction in GWC
during the two-week no-rain period appeared to be small, even in the soil
layer near the ground surface.

By comparing the measured VWC profiles attained using the ThetaProbes
with the calculated bounds of VWC attained using the measured GWC
profiles, it can be seen that the measured VWC is, in general, significantly
larger than the upper bound of VWC calculated from the GWC profiles at
all three sections. Note that the lower and upper bounds of the calculated
VWC, represented by the dashed lines, were obtained using the envelopes
of measured GWC profiles taken on 17 August and the maximum of the
two data sets recorded on 25 August and 2 September, respectively. The
inconsistency between the measured and calculated VWCs may be attributed
to the accuracy of the indirect measurements of VWC using the ThetaProbes.
The measuring accuracy using ThetaProbes can be affected by many factors,
such as variations in soil composition, dry density and cracks (Li et al.,
2002). It is suggested that the measured VWC can only be interpreted as an
indication of what is happening.



 
(G) gravimetric water content
(V) volumetric water content

Aug 17 (G)
Aug 25 (G)
Sep 2 (G)
Sep 10 (G)
Aug 21 (G)

Aug 17 (V)
Aug 25 (V)
Sep 7 (V)
Sep 10 (V)
Bounds (V)

10 5015 20 25 30 35 40 45

Water content (%)

0.0

0.5

1.0

1.5

2.0

2.5

D
ep

th
 (

m
)

(a)

Water content (%)

0.0

0.5

1.0

1.5

2.0

2.5

D
ep

th
 (

m
)

10 5015 20 25 30 35 40 45

(b)

Water content (%)

0.0

0.5

1.0

1.5

2.0

2.5

D
ep

th
 (

m
)

10 5015 20 25 30 35 40 45

(c)
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R3 (after Ng et al., 2003).
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RESPONSE OF HORIZONTAL TOTAL STRESSES TO CHANGES OF PORE WATER

PRESSURE OR SUCTION

Figure 8.14 shows the monitored total stress ratio �	h/	v� with time from
six vibrating-wire earth pressure cells (EPCs) installed in the slope. All EPCs
were installed at a depth of 1.2 m, giving rise to an estimated total vertical
stress �	v� of about 23.4 kPa, which corresponded to an average dry density
of 1�56Mg/m3. Pressure cells EP1, EP3 and EP5 (see Figure 8.7) measured
the stress changes acting in the east–west direction (i.e. perpendicular to
the inclination of the slope), whereas EP2, EP4 and EP6 recorded pres-
sures acting in the north–south direction (i.e. parallel to the inclination of
the slope).

Prior to the first rainfall, the total stress ratios recorded by all the cells
were lower than 0.3. An initial equilibrium stress ratio appeared to have
been established for each cell shortly before the rainfall on 18 August. Two
out of six cells registered a small tensile stress, probably induced as a result
of soil drying. (Note: the vibrating-wire-type cells are able to record tensile
stress.) During installation, the clearance between the wall of the EPC and
the soil was backfilled with an epoxy resin. The thin layer of epoxy resin
attached the cell securely to the soil and allowed transmission of tensile force
between the cell and the soil. This installation procedure, originally proposed
by Brackley and Sanders (1992), and its monitoring results demonstrated
that a tensile force could be detected by the vibrating-wire cell.

After the start of the first rainfall, none of the EPCs registered any sig-
nificant changes of stress for about 1½ days. The delayed response of the
pressure cells was consistent with the PWP and VWC measurements, shown
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Figure 8.14 Changes of in situ total stress ratio measured by earth pressure cells (after
Ng et al., 2003).
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in Figures 8.9 and 8.12, respectively. Once the EPCs started to respond,
the ratios �	h/	v� increased very rapidly and significantly within 1 day, and
then approached a steady value during the first rainfall event. It appeared
that the magnitude of increase in total horizontal stress was strongly related
to the elevation of the EPCs and the initial negative PWP (see Figure 8.11).
The higher the EPC’s elevation, the larger the initial negative PWP present
in the ground, and hence the larger the increase in 	h/	v. This performance
appeared to be consistent with the relationship between swelling potential
of expansive soils and initial soil suction: that is, the swelling potential of
an expansive soil generally increases with an increase in the initial negative
PWP or suction of the soil (Fredlund and Rahardjo, 1993; Alonso, 1998).
For a given pair of pressure cells located at the same elevation, the mea-
sured stress ratio in the east–west direction was always larger than that in
the north–south direction. This is probably related to a higher constraint
imposed as a result of sloping ground in the east–west direction as opposed
to that in the north–south direction.

During the two-week no-rain period, a further increase in 	h/	v was
observed at EP1 and EP2. On the other hand, the EP3 and EP4 pressure
cells showed a slight decrease in stress ratio throughout the no-rain period,
and EP5 and EP6 recorded a larger reduction in stress ratio than EP3 and
EP4. The reduction in 	h/	v appeared to be due primarily to a decrease
in the positive PWPs at a depth of 1–2 m during the no-rain period (see
Figure 8.9). However, the continuous and gradual increase in 	h/	v at EP1
and EP2 (but at a reduced rate) may be due to an ongoing ‘soaking’ of the
soil near the location of the EPCs at R2, even after the first rainfall event.

After the start of the second rainfall event, the responses at the three
pairs of EPCs were distinctly different. At EP1 and EP2, the observed 	h/	v

decreased rather than increased. This may be attributed to the softening of
the soil after prolonged swelling during the no-rain period. For the pressure
cells (EP5 and EP6) near the toe of the slope, an increase in 	h/	v was
recorded owing to the recovery of positive PWP during the second rainfall.
The performance of EP3 and EP4 fell between the former two cases.

To make a comparison between the measured total stress ratios after the
simulated rainfalls with the corresponding theoretical limiting conditions,
the total stress ratios at the passive failure conditions were calculated using
the total stress and effective stress approaches, respectively (Fredlund and
Rahardjo, 1993). For the total stress approach, the undrained shear strength
was assumed to be equal to 4.4 times the SPT N value obtained in the
monitored area after the rainfalls, and the calculated total stress ratio for
passive earth failure conditions was 4.4: these values were greater than the
measured earth pressures except at cells EP1 and EP2, which appeared to
be close to passive failure conditions.

For the effective stress approach, the calculated total passive stress
ratio ranged from 2.0 to 3.1 if the saturated shear strength parameters,
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c′ = 5�15kPa and 
′ = 17� obtained from testing specimens with fissures
and cracks (Liu, 1997), were used in the calculations. The calculated passive
stress ratios appeared to be close to the measured values recorded by EP1
and EP2 after the simulated rainfalls. This seemed to suggest that the expan-
sive soil, after the simulated rainfalls may reach passive failure along existing
cracks and fissures. This finding is consistent with that observed by Brackley
and Sanders (1992). This further supports the possible softening behaviour
of the soil upon prolonged wetting. The high in situ stress ratios due to the
swelling of expansive soils upon wetting might be one of the main reasons
for the retrogressive shallow failures found near the monitored slope.

Response of ground deformations in response to the simulated
rainfalls

HORIZONTAL DISPLACEMENTS DUE TO CHANGES IN SOIL SUCTION

Figure 8.15 shows the horizontal displacements of the ground in response
to the simulated rainfalls. All horizontal displacements shown in the Figure
were calculated by taking the rotations measured just prior to the commence-
ment of the rainfalls as the reference datum. The calculated displacements
of the inclinometers from the south to the north direction (i.e. the up-slope
direction) and from the west to the east direction are defined as positive.

Figure 8.15a and b show the monitored horizontal displacements from
inclinometer I1 (located just above the mid-slope) in the north–south and
east–west directions, respectively. The results indicate that the ground moves
towards the down-slope direction and towards the east direction. The
measured horizontal displacements in the two directions illustrate similar
characteristics. The horizontal displacements in the upper 1.5 m were under-
standably more significant than those below this depth, which looked like
a ‘cantilever’ mode of deformation. The variations in horizontal displace-
ment profiles were consistent with changes of PWP, which showed that the
most significant changes took place at shallow depth (i.e. less than 2 m), as
discussed previously in Figure 8.11.

By comparing the displacements on 19 August and 21 August, it can be
seen that there was a significant increase in horizontal displacements, par-
ticularly near the ground surface, in both directions. The observed increase
in displacements after 3 days of rainfall appeared to be consistent with the
2-day delayed response in pore water pressures, as discussed previously in
Figure 8.9. As the rainfall continued, further changes in horizontal displace-
ment were relatively insignificant. After the first rainfall event, a recov-
ery of horizontal displacement (i.e. shrinkage response) was observed with
respect to both directions during the two-week no-rainfall period (i.e. from
25 August to 7 September 2001), owing to the increase in soil suction or
decrease in positive PWPs. The recovery of 2 mm at the ground surface
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Figure 8.15 Observed horizontal displacement in response to rainfall: (a) from I1
(north–south); (b) from I1 (east–west); (c) from I2 (north–south); (d) from
I2 (east–west) (after Ng et al., 2003).
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from the east to the west direction was far more significant than that in
the up-slope direction (i.e. only about 0.2 mm). The effects of an increase in
soil suction on the up-slope movements were counteracted by the influence
of gravity. At the end of the second rainfall event, the observed horizontal
displacements were similar to those measured at the end of the first rainfall
in both directions.

Figure 8.15c and d show the monitored horizontal displacements from
inclinometer I2 in the down-slope and the east direction, respectively. It can
be seen that the magnitudes of displacement and deformed shapes observed
were consistent in both directions, but the magnitudes were significantly
larger, and the depth of influence was substantially deeper (deep-seated)
than those observed at the mid-slope (i.e. at I1). It is believed that the
observed larger displacements near the toe are attributed to the lower initial
negative PWP (or soil suction) present at I2 than those at I1 (see Figure 8.11),
resulting in a lower soil stiffness near the toe. The greater influence depth
near the toe of the slope was consistent with the deeper influence of the
simulated rainfalls on the GWC measured at section R3, as opposed to
section R2 (see Figure 8.13).

At both I1 and I2, the consistently observed eastern movements of the
ground due to rainfall infiltration might be attributed to the direction of
subsurface water flow from the west to the east caused by the presence of
slightly dipping geological planes. On 23 August, a seepage exit point was
observed at about 15 m to the east along the lower part of the masonry
wall, outside the monitoring site area. This observation seemed to support
the postulation on the direction of water flow and ground movement.

SOIL SWELLING AT SHALLOW DEPTHS UPON WETTING

Figure 8.16a–c shows the measured vertical swellings in response to the
simulated rainfalls near the three sections, R1, R2 and R3, respectively. It
can be seen from Figure 8.16a that the top two movement points registered
an upward soil movement of about 3 mm 1 day after the commencement of
the first rainfall event. The rate of soil swelling was almost constant during
the first 5 days of rainfall, and the soil continued to swell, but at a reduced
rate, throughout the reminder of the monitoring period. On the other hand,
there was no recorded swelling at the movement points embedded at both
0.5 and 1.0 m depths during the first 4 days of rainfall. Thereafter, the
measured rates of swelling at the two depths were similar to those recorded
at the depth of 0.1 m. As anticipated, the shallower the embedded movement
point, the larger the magnitude of the measured swelling, owing to the larger
changes in soil suction at shallower depth associated with rainfall infiltration
(see Figure 8.11) and the cumulative swelling of the underlying soil. During
the two-week no-rain period, the ground continued to swell but at a reduced
rate. The continuous soil swelling at all three depths could be attributed
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et al., 2003).
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to the slow seepage of infiltrated water from opened cracks and fissures
into the surrounding soil, leading to the secondary swelling of the expansive
soil. Marked secondary swelling behaviour has been observed and reported
by Chu and Mou (1973) and Sivapullaiah et al. (1996). Alonso (1998)
has postulated that the marked secondary swelling behaviour of expansive
clays is due to the slow and progressive hydration of the expansive soil
microstructures. Certainly the observed characteristics of soil swelling can
assist in explaining the measured increase in earth pressures at EP1 and EP2
during the no-rain period, as reported in Figure 8.15. During the second
rainfall event, the rates of soil swelling increased, particularly at a depth
of 0.1 m.

As shown in Figure 8.16b and c, the observed soil swelling patterns at
R2 and R3 were similar to that observed at R1, except that the duration of
the delayed response to rainfall was longer at a lower elevation. At a given
depth, the magnitudes of soil swelling at R2 and R3 were smaller than that
observed at R1. This is probably due to the smaller initial soil suction at R2
and R3 than at R1 (see Figure 8.11). Based on the measurements at the three
sections, it can be generalized that the higher the initial suction, the larger
the soil swelling at a given depth. Within the same section, the shallower
the embedded movement point, the larger the measured soil swelling.

Summary and conclusions for the bare area (Figure 8.2)

Based on the field observations and interpreted results of the in situ mea-
surements, the following conclusions can be drawn:

• Prior to the rainfall events, high soil suctions (or negative PWPs) were
measured within the top 1 m of soil. The high initial soil suction induced
an upward flux of water and moisture both in the vertical direction
and along the inclined slope. On the other hand, a down-slope flux of
water and moisture occurred at depths greater than 1.5 m, which may
be attributed to the presence of a relatively impermeable soil layer at
about 1.5 m below ground level.

• The observed responses in PWP, water content, horizontal stress and
soil deformation generally showed a 1 to 2 day delay related to the
initiation of the rainfall event. The combined effects of the first 3 days of
rainfall (i.e. about 180 mm) on the observed responses were much more
significant than the effects of the ongoing rainfall or the second rainfall
event, except the down-slope deformations at the toe of the slope.

• The effect of the simulated rainfalls on the variations of PWP, water
content, horizontal stress and soil deformation was generally much more
significant within 2 m below ground surface than below a depth of 2 m.

• A significant perched water table was deduced at a depth of about
1.5 m below the slope surface. The perched water table is believed to
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be related to the presence of a dense soil layer lacking in open cracks
or fissures at that depth. The presence of the perched groundwater
table caused the development of positive PWP and an expansion of the
initially dry expansive soil upon wetting. This led to a reduction in the
shear strength of the soil layer. This may help to explain why most
rain-induced landslides occurring in similar unsaturated expansive soil
slopes appear to be relatively shallow, with slip surfaces generally found
within a 2 m depth.

• A significant increase in the total stress ratio �	h/	v� was observed after
the simulated rainfalls, particularly in the soil layer with a high initial
negative PWP or soil suction (at a high elevation in the slope). The
maximum in situ total horizontal stress after the simulated rainfalls
was more than three times the total vertical stress. This indicated the
possibility of passive pressure failures in the softened clay after the
simulated rainfalls.

• Two distinct modes of down-slope deformation were observed: a
cantilever deformation within the top metre at the mid-slope and a
deep-seated down-slope displacement near the toe of the slope. The
observed modes of soil deformation appeared to be consistent with PWP
responses and water content determinations. The deep-seated displace-
ment was likely to be caused by the delayed subsurface water flows. An
unusual but significant non-symmetric horizontal soil displacement was
observed towards the east direction along the longitudinal axis of the
slope at both the mid-slope and slope toe.

• A substantial soil swelling was measured in the vertical direction after
the simulated rainfalls, particularly in the soil layer with a high initial
negative PWP (e.g. at shallow depths and at a high elevation of the
slope). The higher the initial soil suction, the larger the soil swelling.
The observed soil vertical movement also revealed a marked secondary
swelling characteristic in the expansive clay.

• The abundant cracks and fissures in the expansive soils played an impor-
tant role in the soil–water interaction in the expansive soil slope, and
greatly affected the groundwater flows and soil suction.
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Methods of slope stability analysis in unsaturated
soils (Fredlund and Rahardjo, 1993)

Introduction

Slope stability analyses have become a common analytical tool for assessing
the factor of safety of natural and man-made slopes. Two-dimensional limit
equilibrium methods of slices are generally used in practice. These methods
are based upon the principles of static (i.e. static equilibrium of forces and/or
moments), without giving any consideration to the displacement in the soil
mass. Several basic assumptions and principles used in formulating these
limit equilibrium analyses are outlined prior to deriving the general factor
of safety equations.

In total stress analysis of soil slopes, total stress strength parameters (cu

and �u) are often used. Pore pressures are not considered. These total stress
analyses are appropriate in the short term only and not in the long term
where slope stability is a minimum (Simons et al., 2001). On the other hand,
in an effective stress analysis, effective shear strength parameters (i.e. c′ and
�′) are generally used when soils are saturated (Simons et al., 2001). The
shear strength contribution from the negative pore water pressures above
the groundwater table is usually ignored by setting the magnitudes to zero.
The difficulties associated with the measurement of negative pore water
pressures, and their incorporation into the slope stability analysis, are the
primary reasons for this practice. It may be a reasonable assumption to
ignore negative pore water pressures for many situations where the major
portion of the slip surface is below the groundwater table. However, for
situations where the groundwater table is deep or where the concern is over
the possibility of a shallow failure surface, as shown in Figure 9.1, negative
pore water pressures can no longer be ignored. Moreover, it is vital to
consider negative pore water pressures in any forensic study assessing slope
failures in unsaturated soils.

In recent years, there has developed a better understanding of the role of
negative pore water pressures (or matric suctions) in increasing the shear
strength of the soil. Recent developments have led to several devices which
can be used to better measure the negative pore water pressures. Therefore,
it is now appropriate to perform slope stability analyses which include the
shear strength contribution from the negative pore water pressures. These
types of analyses are an extension of conventional limit equilibrium analyses.

Several aspects of a slope stability study remain the same for soils with
positive pore water pressures (e.g. saturated soils) and soils with negative
pore water pressures (e.g. unsaturated soils). For example, the nature of the
site investigation, the identification of the strata and the measurement of
the total unit weight remain the same in both situations. On the other hand,
extensions to conventional testing procedures are required with respect to
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Figure 9.1 A steep natural slope with a deep groundwater table (after Fredlund and
Rahardjo, 1993).

the characterization of the shear strength properties of the soil. The analyt-
ical tools used to incorporate pore water pressures and calculate the factor
of safety also need to be extended.

Location of the critical slip surface

A study of the stability of a slope with negative pore water pressures involves
the following steps:

• A desk study to identify any previous failures of a slope or nearby
slopes,

• Asurveyof theelevationof thegroundsurfaceonaselectedsectionperpen-
dicular to the slope and to identify any unusual geological features,
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• Advancement of several boreholes to identify the stratigraphy and
obtain undisturbed soil samples,

• Laboratory testing of the undisturbed soil specimens to obtain suitable
shear strength parameters for each stratigraphic unit (i.e. c′� �′ and �b

parameters),
• Measurement of negative pore water pressures above the groundwa-

ter table.

These steps provide the input data for performing a stability analysis. How-
ever, the location and shape of the most critical slip surface is unknown.
Some combination of actuating and resisting forces along a slip surface of
unknown shape and location will produce the lowest factor of safety. Of
course, in the case of an already failed slope, the location of the slip surface
is known.

In design, the shape of the unknown slip surface is generally assumed,
while its location is determined by a trial-and-error procedure. If the shape
of the slip surface is assumed to be circular, a grid of centres can be selected,
and the radius varied at each centre, providing coverage of all possible
conditions. When the slip surface takes on a composite shape (i.e. part
circular and part linear), it is still possible to use a grid of centres and varying
radii in order to search for a critical slip surface. In addition, a general shape
can also be assumed using a series of straight lines to define the slip surface.

Various automatic search routines have been programmed to reduce the
number of computations. Some routines start with a centre at an assumed
point and seek the critical centre by moving in a zigzag manner (Wright,
1974). Others use an initially coarse grid of centres which rapidly converges
to the critical centre (Fredlund, 1981).

There is probably no analysis conducted by geotechnical engineers which
has received more programming attention than the limit equilibrium meth-
ods of slices used to compute a factor of safety (Fredlund, 1980). The main
reasons appear to be as follows. First, the limit equilibrium method has
proved to be a useful and reasonably reliable tool in assessing the stability of
slopes. Its ‘track record’ is impressive for most cases where the shear strength
properties of the soil and the pore water pressure conditions have been prop-
erly assessed (Sevaldson, 1956; Kjaernsli and Simons, 1962; Skempton and
Hutchison, 1969; Chowdhury, 1980). Second, the limit equilibrium meth-
ods of slices require a limited amount of input information, but can quickly
perform extensive trial-and-error searches for the critical slip surface.

General Limit Equilibrium method

The General Limit Equilibrium method (i.e. GLE) provides a general theory
wherein other methods can be viewed as special cases. The elements of static
used in the GLE method for deriving the factor of safety are the summation



 

Engineering applications for slope stability 505

of forces in two directions and the summations of moments about a common
point (Fredlund et al., 1981).

These elements of static, along with the failure criteria, are insufficient
to make the slope stability problem determinate (Morgenstern and Price,
1965; Spencer, 1967). Either additional elements of physics or an assump-
tion regarding the direction or magnitude of some of the forces is required
to render the problem determinate. The GLE method utilizes an assump-
tion regarding the direction of the inter-slice forces. This approach has
been widely adopted in limit equilibrium methods (Fredlund and Krahn,
1977). The various limit equilibrium slope stability methods that follow this
approach have been demonstrated to be special cases of the GLE method
(Fredlund et al., 1981).

Calculations for the stability of a slope are performed by dividing the
soil mass above the slip surface into vertical slices. The forces acting on a
slice within the sliding soil mass are shown in the Figures 9.2 and 9.3 for a
circular and a composite slip surface, respectively.

The forces are designated for a unit width (i.e. perpendicular direction to
motion) of the slope. The variables are defined as follows:

W = the total weight of the slice of width b and height h,
N = the total normal force on the base of the slice,
Sm = the shear force mobilized on the base of each slice,
E = the horizontal inter-slice normal forces (the L and R subscripts desig-

nate the left and right sides of the slice, respectively),
X = the vertical inter-slice shear forces (the L and R subscripts designate

the left and right sides of the slice, respectively),
R = the radius for a circular slip surface or the moment arm associated

with the mobilized shear force, Sm, for any shape of slip surface,
f = the perpendicular offset of the normal force from the centre of rotation

or from the centre of moments,
x = the horizontal distance from the centreline of each slice to the centre

of rotation or to the centre of moments,
h = the vertical distance from the centre of the base of each slice to the

uppermost line in the geometry (i.e. generally ground surface),
a = the perpendicular distance from the resultant external water force to

the centre of rotation or to the centre of moments; the ‘L’ and ‘R’
subscripts designate the left and right sides of the slope, respectively,

A = the resultant external water forces; the L and R subscripts designate
the left and right sides of the slope, respectively,

� = the angle between the tangent to the centre of the base of each slice
and the horizontal; the sign convention is as follows: when the angle
slopes in the same direction as the overall slope of the geometry, � is
positive, and vice versa and

� = sloping angle across the base of a slice.
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The examples shown in Figures 9.2 and 9.3 are typical of steep slopes with
a deep groundwater table. The crest of the slope is highly desiccated, and
there are tension cracks filled with water. The tension crack zone is assumed
to have no shear strength, and the presence of water in this zone produces an
external water force, AL. As a result, the assumed slip surface in the tension
crack zone is a vertical line. The depth of the tension crack is generally
estimated or can be approximated analytically (Spencer, 1968, 1973). The
weight of the soil in the tension crack zone acts as a surcharge on the crest
of the slope. The external water force, AL, is computed as the hydrostatic
force on a vertical plane. An external water force can also be present at
the toe of the slope as a result of partial submergence. This water force is
designated as AR.

Shear force mobilized equation

The mobilized shear force at the base of a slice can be written using the
shear strength equation for an unsaturated soil:

Sm = ��c′ + ��n −ua	 tan �′ + �ua −uw	 tan �b


F
(9.1)

where
�n = total stress normal to the base of a slice
F = factor of safety which is defined as the factor by which the shear strength
parameters must be reduced in order to bring the soil mass into a state of
limiting equilibrium along the assumed slip surface.

The factor of safety for the cohesive parameter (i.e. c′) and the frictional
parameters (i.e. tan�′ and tan�b) are assumed to be equal for all soils
involved and for all slices. The components of the mobilized shear force at
the base of a slice are illustrated in Figure 9.4.

The contributions from the total stress and the negative pore water pres-
sures are separated using the tan�′ and tan�b angles, respectively.

It is possible to consider the matric suction term as part of the cohesion of
the soil. In other words, the matric suction can be visualized as increasing the
cohesion of the soil. As a result, the conventional factor of safety equations
does not need to be re-derived. The mobilized shear force at the base of a
slice, Sm, will have the following form:

Sm = ��c+ ��n −ua	 tan �′

F

(9.2)
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 β
Sm =    [c ' + (σn – ua) tan φ' + (ua – uw) tan φb]
 F

ua is generally 
atmospheric
(i.e., ua = 0)
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(σn – ua) (ua – uw)

Figure 9.4 Pressure and shearing resistance components at the base of a slice:
(a) pressure components on the base of a slice; (b) contributors to shear
resistance (after Fredlund and Rahardjo, 1993).

where
c = total cohesion of the soil, which has two components (i.e. c′ + �ua −
uw	 tan�b).

This approach has the advantage that the shear strength equation retains
its conventional form. It is therefore possible to utilize a computer program
written for saturated soils to solve unsaturated soil problems. When this is
done, the soil in the negative pore water pressure region must be subdivided
into several discrete layers, with each layer having a constant cohesion. The
pore air and pore water pressures must be set to zero within the computer
program. This approach has the disadvantage that the cohesion is not a
continuous function, and the appropriate cohesion values for each soil layer
must be manually computed.

The formulations presented in the next sections are the revised derivations
for the factor of safety equations that directly incorporate the shear strength
contribution from the negative pore water pressures. The mobilized shear
force defined using Equation (9.1) is used throughout the derivation. The
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effect of partial submergence at the toe of the slope, the effect of seismic
loading and external line loads are not incorporated in the derivations.

It must be pointed out that the use of Equation (9.1) may overestimate
the shear strength of an unsaturated soil at high suctions. This is because
the shear strength of an unsaturated soil does not increase linearly with soil
suction at high suction ranges. Also the value of �b is not a constant over a
wide range of suctions.

Normal force equation

The normal force at the base of a slice, N , is derived by summing forces in
the vertical direction (see Figure 9.2):

W − �XR −XL	−Sm sin �−N cos� = 0 (9.3)

Substituting Equation (9.1) into Equation (9.3) and replacing the ��n�	 term
with N gives

W − �XR −XL	−
{

c′�
F

+ N tan�′�
F

− ua tan�′�
F

+ �ua −uw	 tan�b�

F

}

× sin�−N cos� = 0 (9.4)

or

N

{
cos�+ sin� tan�′

F

}
= W − �XR −XL	− c′� sin�

F
+ ua� sin�

F

× �tan�′ − tan�b	+uw
� sin�

F
tan�b (9.5)

Rearranging Equation (9.5) gives rise to the normal force equation:

N =
W − �XR −XL	− c′� sin�

F
+ ua� sin�

F
�tan�′ − tan�b	+uw

� sin�

F
tan�b

m�

(9.6)

where
m� =

{
cos�+ sin� tan�′

F

}

The factor of safety, F , in Equation (9.6) is equal to the moment equilibrium
factor of safety, Fm, when solving for moment equilibrium, and is equal to
the force equilibrium factor of safety, Ff , when solving for force equilibrium.
In most cases, the pore air pressure, ua, is atmospheric, and as a result,
Equation (9.6) reduces to the following form:
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N =
W − �XR −XL	− c′� sin �

F
+uw

� sin �

F
tan �b

m�

(9.7)

If the base of the slice is located in the saturated soil, the �tan�b	 term
in Equation (9.7) becomes equal to �tan�′	. Equation (9.7) then reverts to
the conventional normal force equation used in saturated slope stability
analysis. Computer coding for solving Equation (9.7) can be written such
that the angle �b is used whenever the pore water pressure is negative, while
the angle �′ is used whenever the pore water pressure is positive. The �b

angle can also be considered to be equal to �′ at low matric suction values,
while a lower �b angle is used at high matric suctions (Fredlund et al., 1987).

The vertical inter-slice shear forces, XL and XR, in the normal force equa-
tion can be computed using an inter-slice force function, as described later.

Factor of safety with respect to moment equilibrium

Two independent factor of safety equations can be derived: one with respect
to moment equilibrium and the other with respect to horizontal force equi-
librium. Moment equilibrium can be satisfied with respect to an arbitrary
point above the central portion of the slip surface. For a circular slip sur-
face, the centre of rotation is an obvious centre for moment equilibrium.
The centre of moments would appear to be immaterial when both force
and moment equilibrium are satisfied, as in the case for the complete GLE
method. When only moment equilibrium is satisfied, the computed factor of
safety varies slightly with the point selected for the summation of moments.

Consider moment equilibrium for a composite slip surface with respect
to the centre of rotation of the circular portion:

ALaL +∑WX −∑Nf −
∑

SmR = 0 (9.8)

Substituting Equation (9.1) for the Sm variable into Equation (9.8) and
replacing the ��n�	 term with N yields

ALaL +∑WX −∑Nf =∑
�c′�R+ �N tan �′ −ua tan �′�+ �ua −uw	 tan �b�
R�

Fm
(9.9)

where Fm = factor of safety with respect to moment equilibrium. Rearranging
Equation (9.9) yields

Fm =
∑[

c′�R+
{

N −uw�
tan �b

tan �′ −ua�

(
1− tan �b

tan �′

)}
R tan �′

]

ALaL +∑Wx −∑Nf

(9.10)



 

Engineering applications for slope stability 511

In the case where the pore air pressure is atmospheric (i.e. ua = 0), Equa-
tion (9.10) has the following form:

Fm =
∑[

c′�R+
{

N −uw�
tan �b

tan �′

}
R tan �′

]

ALaL +∑Wx −∑Nf

(9.11)

When the pore water pressure is positive, the �b value can be set equal to
the �′ value. Equation (9.10) can also be simplified for a circular slip surface
as follows:

Fm =
∑

�c′�R+ �N −uw�−ua�
 tan �′�R

ALaL +∑Wx −∑Nf

(9.12)

For a circular slip surface, the radius, R, is constant for all slices, and the
normal force, N , acts through the centre of rotation (i.e. f = 0).

Factor of safety with respect to force equilibrium

The factor of safety with respect to force equilibrium is derived from the
summation of forces in the horizontal direction for all slices (see Figure 9.5):

−AL +∑Sm cos�−∑N sin� = 0 (9.13)

Direction for computation

Tension crack
zone

EL = AL

1st
slice

Intermediate slice
ER

XR
XL

EL

XR
ER

Figure 9.5 Convention for the designation of inter-slice forces (after Fredlund and
Rahardjo, 1993).
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The horizontal inter-slice normal forces, EL and ER, cancel when summed
over the entire sliding mass. Substituting Equation (9.14) for the mobilized
shear force, Sm, into Equation (9.13) and replacing the �n� term with N gives

1
Ff

∑[
c′� cos�+{N tan�′ −ua tan�′�+ �ua −uw	 tan�b�

}]

= AL +∑N sin� (9.14)

where Ff = factor of safety with respect to force equilibrium.
Rearranging Equation (9.14) yields

Ff =
∑[

c′�R+
{

N −uw�
tan�b

tan�′ −ua�

(
1− tan�b

tan�′

)}
tan�′ cos�

]

AL +∑N sin�

(9.15)

In the case where the pore air pressure is atmospheric (i.e. ua = 0), Equa-
tion (9.15) reverts to the following form:

Ff =
∑[

c′�R+
{

N −uw�
tan�b

tan�′

}
tan�′ cos�

]

AL +∑N sin�
(9.16)

When the pore water pressure is positive, the �b value is equal to the �′

value. Equation (9.16) remains the same for both circular and composite
slip surfaces.

Inter-slice force function

The inter-slice normal forces, EL and ER, are computed from the summation
of horizontal forces on each slice, as follows

Convention for the designation of the inter-slice forces

EL −ER = N cos� tan�−Sm cos� (9.17)

Substituting Equation (9.3) for the �N cos�	 term in Equation (9.17) gives
the following equation:

EL −ER = �W − �XR −XL	Sm sin�
 tan�−Sm cos� (9.18)

Rearranging Equation (9.18) gives

ER = EL + �W − �XR −XL	
 tan�−Sm/ cos� (9.19)
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The inter-slice normal forces are calculated from Equation (9.19) by inte-
grating from left to right across the slope (see Figure 9.5). The procedure
is further explained in the next section. The left inter-slice normal force on
the first slice is equal to any external water force which may exist, AL, or it
is set to zero when there is no water present in the tension crack zone.

The assumption is made that the inter-slice shear force, X, can be related
to the inter-slice normal force, E, by a mathematical function (Morgenstern
and Price, 1965):

X = f�x	E (9.20)

where
f�x	 = a functional relationship which describes the manner in which the
magnitude of X/E varies across the slip surface and
 = a scaling constant which represents the percentage of the function, f�x	,
used for solving the factor of safety equations.

Some functional relationships, f�x	, that can be used for slope stability anal-
yses are shown in Figure 9.6.

Basically, any shape of function can be assumed in the analysis. How-
ever, an unrealistic assumption of the inter-slice force function can result

L = Left dimensional x-coordinate of the slip surface
R = Right dimensional x-coordinate of the slip surface
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Figure 9.6 Various possible inter-slice force functions (after Fredlund and Rahardjo,
1993).
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in convergence problems associated with solving the non-linear factor of
safety equations (Ching and Fredlund, 1983). Morgenstern and Price (1967)
suggested that the inter-slice force function should be related to the shear
and normal stresses on vertical slices through the soil mass. Maksimovic
(1979) used the finite element method and a non-linear characterization of
the soil to compute stresses in a soil mass. These stresses were then used in
the limit equilibrium slope stability analysis.

Other limit equilibrium methods

The GLE method can be specialized to correspond to various limit equilib-
rium methods. The various methods of slices can be categorized in terms
of the conditions of static equilibrium satisfied and the assumption used
with respect to the inter-slice forces. Table 9.1 summarizes the conditions
of static equilibrium satisfied by the various methods of slices. The static
equilibrium used in each of the methods of slices for computing the factor of
safety is summarized in Table 9.2. Most methods use either moment equi-
librium or force equilibrium in the calculation for the factor of safety. The
ordinary and Simplified Bishop methods use moment equilibrium, while the
Janbu Simplified, Janbu Generalized, Lowe and Karafiath and the Corps of
Engineers methods use force equilibrium in computing the factor of safety.
On the other hand, the Spencer and Morgenstern–Price methods satisfy
both moment and force equilibrium in computing the factor of safety. In
this respect, these two methods are similar in principle to the GLE method
which satisfies force equilibrium and moment equilibrium in calculating the
factor of safety.
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The GLE method can be used to simulate the various methods of slices
by using the appropriate inter-slice force assumption. The inter-slice force
assumptions used for simulating the various methods are given in Table 9.2.

Three-dimensional numerical parametric study of
rainfall infiltration into an unsaturated soil slope
(Ng et al., 2001b)

Introduction

Rainfall-induced landslides are one of the most concerned natural disas-
ters in many parts of the world, including Hong Kong, Japan and Brazil
(Lumb, 1962, 1975; Fukuoka, 1980; Wolle and Hachich, 1989; Brand,
1995; Rahardjo et al., 1998). An example considered in this study is a cut
slope located at Lai Ping Road in Shatin, Hong Kong, which has failed
several times over the past 20 years due to rainfall. The most notable failure
incident was in July 1997 (Sun et al., 2000a) in which a massive slope fail-
ure occurred when several days of light, intermittent rainfalls were followed
by a heavy short-duration rainstorm. A three-dimensional (3D) numerical
back-analysis was conducted for studying the groundwater responses of Lai
Ping Road cut slope (Tung et al., 1999) using FEMWATER (Lin et al., 1997)
based on the detailed hydrogeological characteristics of the failure site (Sun
et al., 2000b). FEMWATER is three-dimensional finite element program
for simulating subsurface flow in variably unsaturated and saturated media
(Lin et al., 1997). The back-analysis of the groundwater responses was to
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explore the possible slope-failure mechanisms due to the rainstorm (Tung
et al., 1999; Sun et al., 2000b).

In dealing with infiltration and subsequent slope stability problems, water
permeability is one of the most important factors on groundwater flow in
saturated and unsaturated soils. Modelling infiltration and subsurface flow
ranges from simple one-dimensional (1D) Green–Ampt Model (Green and
Ampt, 1911) to two-dimensional (2D) analyses (Lumb, 1962; Leach and
Herbert, 1982; Lam et al., 1987; Pradel and Raad, 1993; Wilson, 1997;
Rahardjo and Leong, 1997; Ng and Shi, 1998; Ng and Pang, 1998a) and
field studies on rainfall infiltration (Houston and Houston, 1995; Lim et al.,
1996; Zhang et al., 1997). Besides water permeability, rainfall characteris-
tics such as rainfall duration and return periods (i.e. rainfall amount) are
important factors affecting infiltration and transient seepage in unsaturated
soils. Despite some recent work (Tung et al., 1999), three-dimensional anal-
ysis of transient seepage in unsaturated soils has not received adequate
attention. Moreover, the role of rainfall pattern plays in three-dimensional
groundwater response is rarely considered in literature.

In this section, a three-dimensional numerical parametric study on ground-
water responses in an initially unsaturated soil slope subjected to various
rainfall conditions is conducted. Due to the availability of abundant in situ
information such as geological stratigraphy, hydrological and geotechnical
data, the Lai Ping Road cut slope was chosen for this parametric study. Using
FEMWATER, the finite element mesh and boundary conditions (except
rainfall flux boundary) were kept the same as those used in Tung et al.
(1999), in which the computed initial groundwater conditions were verified
by field measurements. The main objective of this three-dimensional para-
metric study is to investigate the influence of typical rainfall patterns with
different rainfall intensity, duration and return periods (i.e. total rainfall
amount) on groundwater pressure responses. Based on the computed pore
water pressure responses, an attempt is made to discuss possible causes of
shallow and deep-seated slope failures in Hong Kong.

Three-dimensional subsurface flow modelling

The governing equations

The computer program, FEMWATER (Lin et al., 1997), is a three-
dimensional finite element software for flow and solute transport analysis
in both unsaturated and saturated media. In this study, the focus is placed
on subsurface flow in the slope. Therefore, the effects of compressibility
of water and soil skeleton and chemical concentration on pore water pres-
sure and suction are not considered. Furthermore, under the assumption of
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isotropic flow, the governing equation for subsurface water flow in the 3D
space with x� y and z coordinate system by adopted FEMWATER is

kw

(
�2h

�x2
+ �2h

�y2
+ �2h

�z2

)
+ �kw

�x

�h

�x
+ �kw

�y

�h

�y
+ �kw

�z

�h

�z
+q = F

�h

�t
(9.21)

where F = storage coefficient; kw = water permeability; h = hydraulic head;
q = boundary flux and t = time.

The three-dimensional finite element mesh

The finite element mesh and the geological conditions employed in this study
are taken from the Lai Ping Road landslide analysis (Tung et al., 1999).
The finite element mesh (see Figure 9.7) was constructed based on the field
geometrical conditions from borehole information. The dimensions of the
site are also shown in Figure 9.7. The site is idealized as three different
layers of soil and rock. The top layer is colluvium with an average thickness
of 20 m, the second and third are rock layers of average 30 m thick each, in
which the third layer is less pervious. Details of the geological characteri-
zations, topographical maps and the location of the landslide are described
by Koor and Campbell (1998), Sun et al. (2000a) and Tung et al. (1999).

560 m

890 m

80 m

B

C

A
z

y

x

Figure 9.7 Three-dimensional finite element mesh of the Lai Ping Road site (after Tung
et al., 1999; Ng et al., 2001b).
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The grain size, shear strength, soil–water characteristic curves (SWCCs) and
water permeability of the soil are reported by Sun and Campbell (1998),
Ng and Pang (1998b, 2000a,b) and Sun et al. (2000a,b).

In this flow analysis, the SWCCs and water permeability functions
adopted for various porous media are shown in Figure 9.8a and b,
respectively. The saturated water permeability values for the three material
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Figure 9.8 Hydraulic properties: (a) water retention curves; (b) permeability with
respect to pore water pressure (after Ng et al., 2001b).
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layers modelled from top to bottom are 1×10−5� 1×10−7� 2�8×10−9 m/s,
respectively (Tung et al., 1999). For simplicity, hysteresis between drying
and wetting paths (Topp and Miller, 1966; Ng et al., 2000a,b; Ng and Pang,
2000b), and state-dependency of SWCCs, are not considered in the analysis.

The boundary conditions

The finite element mesh adopted for this study site has a total number of
4,005 elements with 2,500 nodes. The bottom of the mesh is assumed to
be impermeable, whereas the ground surface is a flux boundary receiving
rainwater infiltration. The boundary along the perimeters AB and BC in
Figure 9.7 is set as a zero-flux boundary, whereas the perimeter AC is a
fixed-head boundary governed by the water level in a stream along the
perimeter. Any seepage face is calculated automatically by FEMWATER.

Initial steady-state conditions

All the simulations conducted in this study use the same initial groundwater
condition. It is a steady state subsurface flow condition obtained from
applying a very small flux of 10 mm/day to the ground surface for about
100 days and by controlling a fixed-head boundary along AC according to
the hydraulic head in the stream. The hydraulic heads along the perimeters
AB and BC are computed by solving the governing equation (9.21) using
FEMWATER automatically. The initial flow velocity vectors over the entire
mesh are shown in Figure 9.9, with OO′ being the cross-section cut across the
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x

B

A

O

O'

C

(a)

Location of the
landslide in 1997

Figure 9.9 Velocity vectors in (a) the 3D mesh, and (b) in cross-section O–O′ (after
Ng et al., 2001b).
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Figure 9.9 (Continued).

centre of the cut slope. Figure 9.9a shows the region with high flow velocity
coincides with the landslide region, and water flow directions are generally
in agreement with the directions of the failed soil movement (Tung et al.,
1999). For clarity, Figure 9.9b shows that the direction of the subsurface
flow is generally parallel to the slope inclination angle, and the low water
permeability of the two rock layers makes flow in these rock layers almost
negligible, as indicated by their relatively very small velocity vectors.

The initial pore water pressure head along the cross-section OO′ is shown
in Figure 9.10. The water pressure heads range from about −5 to 70 m
across the depth of OO′ section. The complex pore water pressure contours
at the upper slope were due to the imposed boundary flux of 10 mm/day.
The two sections, XX′ and YY′, are located at the crest and the toe of the cut
slope at which the initial groundwater tables at the two sections are located
at the depths of 19.45 m (117.15 mPD) and 1.7 m (98.7 mPD), respectively.
These two sections are selected to present simulation results because they
are suitable for illustrating different groundwater responses due to an initial
shallow and deep groundwater tables. Their respective initial soil suctions at
the ground surface are 53 and 15 kPa, which are within the common range
of measured surficial soil suction in slopes in Hong Kong. The validity of the
computed initial condition was verified by comparing field monitoring data
(Tung et al., 1999). As shown in Figure 9.10, the measured groundwater
table at borehole TT2, which is near to section XX′, was 19.5 m in May,
1998. This was consistent with the computed groundwater table of 19.45 m.
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Figure 9.10 Contours of pore water pressure head for the initial groundwater con-
ditions at cross-section O–O′ . The initial water table at cross-sections
X–X′ and Y–Y′ is located at 19.45 and 1.7 m, respectively, below ground
surface. All values are in metres (after Ng et al., 2001b).

Rainfall conditions simulated

Figure 9.11a shows six typical rainfall patterns of 24-h duration initially
considered in this chapter. Dimensionless rainfall hyetographs can be easily
converted to actual rainfall hyetograph by multiplying the former by the
total rainfall depth. The storm patterns were extracted from the statistical
analyses of hour rainfall records at 15 automatic gauges in Hong Kong
(Leung, 1998). For the 24-h rainfalls, three total rainfall depths of 358,
597 and 805 mm are considered in the analysis, each corresponding to the
return period of 10, 100 and 1,000 years, respectively, at the Hong Kong
Observatory (Lam and Leung, 1995).

Figure 9.11b shows thee prolonged 168-h (7-day) rainfall patterns
adopted for investigating the effects of different rainfall duration on ground-
water responses. The input rainfall conditions considered in this investi-
gation are summarized in Table 9.3. Since the dimensionless hyetograph
divides the entire storm duration into 12 equal time intervals, then, �t = 2
and 14 h for the 24- and 168-h storms, respectively. It should be noted that
the rainfall intensity of 168-h storm is less intense than the 24-h storm for
a given amount, although the total rain depth is larger for the former. With
a lower intensity and longer duration, a prolonged rainstorm results in a
more evenly distributed rain pattern.
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et al., 2001b).



 

Engineering applications for slope stability 523

Table 9.3 Summary of various rainfall cases simulated (after Ng et al., 2001b)

It should be noted that the flux applied on the upper boundary in the
numerical simulations is the assumed rainfall infiltration rather than the
rainfall intensity. Actual infiltration pattern in the field is very difficult to
measure. The potential infiltration rate is a function of time even under
the constant rainfall intensity (Mein and Larson, 1973; Wilson, 1997;
Hillel, 1998) – it decreases with time and finally approaches saturated
water permeability. In the numerical simulation, an average value of 60
per cent of the rainfall intensity was adopted as the surface influx to the
slope (Tung et al., 1999). This average value was estimated according to
rainfall and surface run-off measurements at a few slopes in Hong Kong
(Premchitt et al., 1992).

Preliminary study of rainfall patterns

In a series of preliminary simulations, a 10 year 24-h storm (358 mm) is
used to investigate the effects of the six different rainfall patterns (refer to
Figure 9.11a) on pore water pressure distributions inside the slope. It should
be noted that the variations of the hydraulic head, actually reflects changes
in pore water pressure head because the elevation heads are constants.
Due to similarity of subsurface pore water pressure distribution, only the
temporal variations of hydraulic head at the ground surface at XX′ and YY′

sections are shown in Figure 9.12a and b. Among the six patterns analysed,
the hydraulic head distributions of patterns A2 and D1 seem to be the two
extreme cases because their responses appear to envelop the other patterns.
The pressure changes resemble their respective rainfall patterns. The soil is
wetted most rapidly under Pattern A2 and most slowly under the rainfall
of Pattern D1, as illustrated by the peak intensity occurring at the very
beginning of Pattern A2 whereas most of the rainwater is distributed towards
the end of Pattern D1. Consequently, these two extreme patterns (advanced
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Figure 9.12 Variation of hydraulic head at the ground surface along (a) section X–X′
and (b) section Y–Y′ , for 24-h rainfalls with a 10-year return period (after
Ng et al., 2001b).

type – A2 and delayed type – D1) are selected for subsequent analyses
presented in this chapter. Pattern C is also selected because it behaves like a
median case. Thus, the three rainfall patterns selected represent advanced,
central and delayed patterns.

In order to investigate the subsurface ground water pressure responses
subjected to various rainfall conditions, a total of 12 computer simulations
summarized in Table 9.1 are carried out and they are grouped into four
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series; within each three storm patterns are considered. The first three series
are for 24-h storm each corresponding to different rainfall amounts associ-
ated with return periods of 10, 100 and 1,000 years. These three series of
tests aim at investigating the effects of storm pattern and rainfall amount on
groundwater responses. The fourth series considers long duration (168-h)
storms with a return period of 100 years. Under the same return period,
the 168-h storm would have a greater rainfall amount than the 24-h storm,
but they are less intense than the short-duration rainfalls. By comparing the
second and the fourth series, the influence of different rainfall durations can
be studied.

Typical groundwater response to rainwater infiltration

To illustrate the typical responses of pore water pressure in an initially
unsaturated slope, a 24-h, 100-year rainfall with Pattern C is used. The
temporal variations of vertical pore water pressure at sections XX′ and YY′

are shown in Figure 9.13.
At section XX′, the initial soil suction around 50 kPa is nearly constant

in the top 6 m. The initial groundwater table is located at the depth of
19.45 m. After raining for 12 h, the soil suction within the top 6 m of soil
is reduced. The soil suction on the ground surface decreases to 10 kPa, and
the soil is wetted to a depth of about 10 m at the end of storm period, that
is, t = 24 h. It can be seen that rainwater infiltration reduces the soil suction
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Figure 9.13 Variation of pore water pressure distribution with depth for pattern C
of 24 h rainfall with a 100 year return period (after Ng et al., 2001b).
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gradually, but a clear continuously moving wetting front is not observable.
At t = 192 h, that is, 168 h after the cessation of rainfall, the soil suction in
the top 6 m below the ground surface recovers. The soil suction within the
top 1 m of soil even exceeds the initial value on the ground surface. However,
the pore water pressure continues to increase in deeper soils from 6 to 20 m
underground during this period of no rainwater infiltration. At section XX′,
no visible rise in the groundwater table during the storm period. After the
rain stops, however, the groundwater table rises by about 0.5 m to about
19 m at t = 168h as water continues to flow down into the deeper soils.

From Figure 9.13, it can also be seen that the initial groundwater table
is 1.7 m below the ground surface at section YY′ (i.e. at the toe of the cut
slope). The pore water pressure distribution along depth is nearly linear,
which is quite different from that at section XX′. At t = 12h, soil suction on
the ground surface decreases to zero indicating that the groundwater table
rises to the ground surface. At the end of the storm �t = 24h	, there is a
general rise in pore water pressure along the entire soil depth. At 168 h after
the cessation of the rainfall �t = 192h	, the pore water pressure generally
decreases but does not return to its original condition. The groundwater
table is located about 1.1 m below the ground surface.

In general, the time rate of change in pore water pressure at section
XX′ decreases with depth, whereas the vertical rate of increase in pore
water pressure at section YY′ is almost constant as shown by the parallel
lines. This is because that, unlike section XX′, rainwater infiltration mainly
affects soil suction but it has little influence on the deep groundwater level
at section XX′. Infiltration at section YY′ brings about a clear rise in the
groundwater table and an obvious increase in pore water pressure due to
its initial high groundwater table.

It can be deduced that the water permeability at section XX′ is lower than
that at the downstream section YY′ because the soil suction at section XX′

is much higher than that at section YY′. As the soil near ground surface
at section XX′ is wetted by infiltration, the soil suction in deeper part of
the soil remains high and the water permeability decreases with depth. This
gives less water flow downwards at section XX′ instead more water flow
laterally in the soil near the ground surface flows towards section YY′.
Apart from the water flowing laterally from the upstream, the soil near
section YY′ also experiences relatively large amount of infiltration through
ground surface due to high water permeability. As a result, the groundwater
table at section YY′ rises much more visibly than that at section XX′.

The above discussion generally suggests that there is an insignificant rise in
groundwater table even under a 100 year rainfall. Nonetheless, the reduction
of soil suction in shallow depth is rather significant. As reported by a number
of researchers (Fourie, 1996; Ng and Shi, 1998), many observed shallow
slope failures were not caused by a rise in groundwater table but rather could
be attributed to the destruction of soil suction in the slope. Infiltration of
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rainfall may reduce the soil suction in the surficial soil substantially enough
to trigger a shallow failure (Fourie et al., 1999).

Effects of rainfall patterns on groundwater response

To study the influence of different rainfall patterns on groundwater
response, 24 h rainfalls corresponding to different rainfall amounts with
the three representative rainfall patterns (i.e. A2, C and D1 shown in
Figure 9.11a) are used. Since the general trends on groundwater response
are similar under different rainfall amounts, results corresponding to
24-h 100-year rainfall (i.e. 597 mm) under the three rainfall patterns are
illustrated.

Groundwater responses to different rainfall patterns at sections
XX′ and YY′

Because there is no significant change in groundwater flow in the deep
rock layers, time variation of hydraulic heads due to the different
storm patterns at three shallow depths, namely 0, 6.1 and 18.3 m, are
reported.

As shown in Figure 9.14a, the initial hydraulic heads at the three depths at
section XX′ are less than the elevation heads implying negative pore water
pressures above the depth of 18.3 m before rainfall. The pore water pressure
on the ground surface rises immediately after the rainfall starts. It rises most
rapidly and significantly in response to the advanced storm pattern, followed
by the central pattern and then the delayed pattern. On the ground surface,
the hydraulic head within the first 12 h is the highest under the advanced
pattern, whereas towards the end of the rainfall the highest hydraulic head is
produced by the delay storm pattern. At the depth of 6.1 m, the pore water
pressure also rises most significantly under the advanced storm pattern than
the other two rainfall patterns considered at the end of the 24-h rainfall.
The increase in pore water pressure induced by the advanced storm pattern
is about 2 m greater than the other two rainfall patterns. No visible increase
in pore water pressure can be seen at the depth of 18.3 m during the entire
period of rainfall. The influence of rainfall patterns on pore water pressure
is most visible on the ground surface, and such effect gradually diminishes
as the depth increases.

After the cessation of the rain, the pore water pressure on the ground
surface (0 m) starts to drop (see Figure 9.14a). However, the underground
pore water pressure continues to rise. At depth of 6.1 m, the pore water
pressures under all three storm patterns reach their peaks 42 h after the
cessation of rainfall. The effect of different storm patterns on pore water
pressure distribution tends to be minimal after t = 168h (1 week). However,
at the greater depth of 18.3 m at section XX′, the pore water pressure
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Figure 9.14 Variation of hydraulic head at (a) section X–X′ and (b) section Y–Y′ , for
24-h rainfall with a 100-year return period (after Ng et al., 2001b).

increases under all storm patterns even 168 h after the cessation of rain,
particularly under the advanced storm pattern. The pore water pressure
head for storm Pattern A2 rises about 2 m, which is twice the amount under
storm Patterns C or D1.

Figure 9.14b illustrates the time variations of hydraulic head at
section YY′. The variation of hydraulic head at section YY′ clearly is
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much smaller as compared with that at section XX′. This suggests that
the influence of rainfall patterns on hydraulic heads depend on the initial
groundwater conditions. The higher the initial pore water pressure or water
table, the greater the susceptibility of groundwater conditions to rainfall
patterns.

At section YY′ the hydraulic head under Pattern A2 reaches the ground
surface at t = 6h, whereas under Patterns C and D1, the hydraulic head
reaches the ground surface at t = 12 and 24 h, respectively. This means
that the groundwater table at section YY′ rises to the ground surface. In
other words, a seepage surface is formed at section YY′ at that time which
may lead to slope instability such as the slope failure at Lai Ping Road
(Tung et al., 1999; Sun et al., 2000a). At the depth of 7.3 m, hydraulic head
rises most quickly under the advanced storm pattern with the maximum
rise of 2 m after 18 h. It should be pointed out that from 10 to 24 h, the
hydraulic head at the depth of 7.3 m under storm Pattern A2 exceeds the
ground surface elevation, indicating an upward flow from underground to
the ground surface at the toe of the slope during the period and reducing
slope stability. At the depth of 23.4 m, the hydraulic head curve corre-
sponding to the advanced storm pattern is the highest among the three
rainfall patterns considered. This may be due to more water infiltrating
into the upstream soil under the advanced Pattern A2, as indicated by high
pore water pressure at section XX′, and consequently a greater amount of
groundwater flows from the upstream to the toe of the slope. As a result,
the pore water pressure distribution along the depth is also the highest
under storm Pattern A2. This postulation can be verified by inspecting the
velocity field of cross-section OO′, which shows that the majority of flow
vectors are downwards in the same direction as the inclination angle of
the slope.

After the rain stops, the hydraulic head starts to decrease on the ground
surface under both storm Patterns C and D1, but not Pattern A2 (see
Figure 9.14b). For storm pattern A, the hydraulic head on the ground surface
remains at 100.4 mPD, even at t = 168 h. This means that the groundwa-
ter table remains at the ground surface for this long period of time. It can
be attributed to the great amount of groundwater that flows downstream
from upstream after the rainfall. At t = 192 h, the difference in pore water
pressure heads at the ground surface between storm Pattern A and two
other patterns is about 1.5 m. A similar trend can be observed underground,
with storm Pattern A consistently yielding the greatest change in pore water
pressure among the three.

Considering pore water pressure changes within the slope subjected to
the 24-h rainfalls, storm Pattern A has the most critical implication on
slope stability at the study site, since it induces higher pore water pressure
underground than the other two patterns, not only at the crest but also at
the toe of the slope.
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Role of hydraulic gradient ��h/�z�

Under one-dimensional (1D) conditions, the infiltration rate is governed
by the water permeability of surficial soil and hydraulic gradient. The
one-dimensional flow rate can be calculated by Darcy’s Law, � = −kwi =
−kw�h/�z, in which v is the infiltration rate, kw the water permeability
for a given soil suction, h the hydraulic head (total head), z the elevation
(elevation head) and i the hydraulic gradient, �h/�z, along the z-direction.
It should be noted that the infiltration rate is not a constant even under a
rainfall of constant intensity. According to the model proposed by Mein and
Larson (1973), the potential infiltration rate is the highest at the beginning
of a rainfall and then decreases as the rainfall continues. The highest infiltra-
tion rate is primarily caused by the high hydraulic gradient at the beginning
of a rainstorm, when the soil is partially saturated, i.e. when the surficial soil
suction is relatively high (Wilson, 1997). As the rainfall continues, the soil
near the ground surface is wetted gradually and the soil suction is reduced by
infiltration, whereas the water permeability of the soil approaches saturated
permeability �ksat	. As a result, the infiltration rate finally approaches the
ultimate value, ksat, when the hydraulic gradient near the ground approaches
unity. If rainfall intensity is lower than ksat, all rainwater can infiltrate into
soil. When rainfall intensity is higher than ksat, only some of the rainwater
infiltrates and the excessive rainwater becomes surface run-off.

Figure 9.15a and b show the hydraulic heads along the depth at both
sections XX′ and YY′ at 6 and 24 h, respectively. It can be seen from
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Figure 9.15 Hydraulic heads at sections X–X′ and Y–Y′ for (a) 6 h and (b) 24 h, into
the 24-h rainfall with a 100-year return period (after Ng et al., 2001b).
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Figure 9.15 (Continued).

Figure 9.15a that the initial hydraulic gradient, �h/�z, in the vertical direc-
tion above 12 m underground at section XX′ is greater than zero but nearly
equal to zero below 12 m. At 6 h after rain started, the influence of Pattern
A2 has reached as deep as 8 m, twice as deep as other two patterns (i.e. Pat-
terns C and D1). The hydraulic gradient is clearly higher for Pattern A2.
This is attributed to the high rainfall intensity at the beginning of rainfall
Pattern A2. The resulting higher gradient enables the infiltrated water flow
at a higher rate, which in turn saturates the soil more quickly than the
other two patterns. The resulting higher water permeability leads to higher
subsurface flow rate and a higher pore water pressure along the depth at
section XX′.

The line of the initial hydraulic head at section YY′ is nearly vertical and
hence the hydraulic gradient is almost zero at this section. At this section, the
groundwater table is initially at a depth of 1.7 m and the soil suction near
the ground surface is low, while the water permeability is high. Although
the gradient is small, the water permeability is relatively high. Therefore,
there still can be significant infiltration. Moreover, the groundwater flow
from upstream to downstream is significant (see Figure 9.9b). At 6 h into the
rainfall, the hydraulic head along depth is increased significantly by rainfall
Pattern A2, whereas the hydraulic heads of the other two patterns remain
nearly unchanged. This can be ascribed to not only the higher infiltration
rate at this section but also higher water flow from upstream under Pattern
A2. Ultimately, it is attributed to the higher rainfall intensity of Pattern A2
during the first several hours of the rainfall.
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Figure 9.15b shows the hydraulic head profiles with depth at the end
of the 24-h rainfall. With the top 4 m at section YY′, the line for Pattern
A2 has a slightly negative slope angle, implying an upward flow. This is
consistent with Figure 9.14b in which the hydraulic head at 7.3 m below
ground is higher than that at the ground surface from t = 10h to t = 24h.
Meanwhile, it can be noticed that the slope angles of the hydraulic head
lines for Pattern D1 and C are clearly positive, and the angle for Pattern D1
is slightly greater than that for Pattern C. Therefore, for these two cases,
water flows in the downward direction at this section.

Among the three rainfall patterns, the higher hydraulic head and the
upward water flow of Pattern A2 are due to the high infiltration rate,
corresponding to the high rainfall intensity in the first several hours of this
rainfall pattern. The upward flow of water is caused by water flowing from
upstream. Because a certain amount of time is needed for water to flow from
one place to another, the upward flow for Pattern A2 is not observed at
t = 6h into rainfall (Figure 9.15a). The difference in various rainfall patterns
at the beginning also affects the groundwater condition later on. For Pattern
D1, a significant amount of rainwater infiltration occurs at the end of the
rainfall, while the pore water pressure underground is low due to its low
infiltration at the beginning, resulting in a relatively larger vertical hydraulic
gradient. Thus, a relatively significant downward flow occurs at section YY′

at the end of the Pattern D1 rainfall. Pattern C is a median case, so its pore
water pressure distribution is right in the middle of the pore water pressure
distributions of Patterns A2 and D1.

Effect of rainfall return period (or amount) on groundwater
responses

For a given duration, a higher return period would correspond to a larger
total rain amount and the corresponding average rainfall intensity. In this
study, 24 h storm with the total rainfall depths of 398, 597 and 805 mm,
each respectively corresponding to 10-, 100- and 1,000-year storms at the
study site are considered to investigate the effect of rainfall amount on pore
water pressure distribution in the cut slope.

The pore water pressure distributions along depth at section XX′ under
storm Pattern A2 with different rainfall amounts at t = 6 and 192 h are
shown in Figure 9.16. At t = 6h, the top 10 m of soil is wetted. The soil
suction on the ground surface under the 398 mm (10 year) rainfall is reduced
to about 29 kPa from 53 kPa, whereas rainfall amounts of 597 mm (100
year) and 805 mm (1,000 year) rainfalls reduce it to zero on the ground
surface. The pore water pressure profiles (dash lines) associated with the
two higher rainfall amounts overlap. This implies surface run-off resulting
from the 1000 year rainfall will be larger than that of from the 100 year
rainfall.
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Figure 9.16 Pore water pressure distributions with depth for 24-h pattern A2 rainfall
with 10-, 100- and 1,000-year return periods after 6 and 192 h (after Ng
et al., 2001b).

At t = 192 h, there is no noticeable difference between the pore water
pressure profiles corresponding to the 100 and 1000 year rainfalls. This
suggests that when the 24-h rainfall amount with a return period higher than
100 year, no significant difference in ground water response can be found
at the study site under the advanced rainfall pattern. Similar behaviour can
also be seen at section YY′ and is not repeated here.

As for storm Pattern C, the rate of change in pore water pressure profile at
section XX′ decreases as the rainfall amount increases. This can be observed
that the difference in pore water pressure profiles is larger between 10 year
and 100 year rainfall than between 100 year and 1000 year rainfall. The
difference in rainfall amount from one return period to the next higher
return period is about the same of 200 mm. For the delayed storm pattern,
the trend of pore water pressure profile lies between the two other storm
patterns, but closer to that of the advanced storm pattern. Details results
under storm Patterns C and D1 can be found in Wang (2000).

As an increase in rainfall return period actually increases the rainfall
intensity, there should be a critical rainfall return period, above which no
significant increase in pore water pressure underground can be induced. For
example, the value is 100 year in this study. The reason for this is that an
increasing pore water pressure is due to infiltration and the infiltration rate
is in turn determined by water permeability and hydraulic gradient. Water
permeability in soil has its own limit, i.e. the saturated water permeability.
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Although rainfall intensity is higher for a higher return period, not all of
the rainwater can actually infiltrate the soil and so no significant difference
in groundwater response can be induced.

Effect of rainfall patterns of prolonged rainfall on
groundwater responses

In this section, comparisons of groundwater responses resulting from 24 and
168 h rainfalls of 100 year return period are made under the three different
rainfall patterns. It should be noted that the rain depth of 168 h/100 year
storm is 892 mm, which is about 1.5 times that of the 24 h/100 year storm
of 597 mm. The average intensity of the 168 h rainfall is only about one-fifth
that of the 24-h rainstorm.

The variations of hydraulic head resulting from storms of different dura-
tion at three soil depths are shown in Figures 9.17a–c. For 24 h rainfall of
different patterns, the time variations of hydraulic head on the ground sur-
face coincides well with rainfall patterns (see Figure 9.17a). The 24-h rain-
falls with storm Patterns A2 and D1 result in the maximum and minimum
increase in hydraulic head, respectively. However, there is no significant
difference about the maximum hydraulic heads for 168 h rain under the
three storm patterns. The pore water pressure of storm Pattern A2 reaches
its peak at t = 42h and the storm Patterns C and D1 reach their respective
peaks at t = 84h and t = 168 h. The time when the maximum pore water
pressure head occurs at the ground surface coincides with the time of peak
intensity of each rainfall.

Unlike the instantaneous response at the ground, there is a time lag
between the peak rainfall intensity and the maximum induced hydraulic
heads or groundwater pressures at 6.1 m below the ground for different
patterns of 168-h rainfalls (see Figure 9.17b). For instance, the peak rainfall
intensity of the Pattern A2 rainfall is at t = 42h into rainfall and the maxi-
mum induced pore water pressure at the depth of 6.1 m occurs at 48 h later
(i.e. 84 h into rainfall). Similarly, the peak intensity and the maximum pore
water pressure response of the Pattern C rainfall occur at 84 and 126 h into
rainfall, respectively. The time difference between the peak intensity of the
two rainfall patterns, which is 42 h, is exactly equal to the time lag between
the induced peak pore water pressures at the depth of 6.1 m for the two
rainfalls.

At the depth of 18.3 m, the difference in hydraulic head or pore water
pressure for various 24-h rainfalls is not significant at all (see Figure 9.17c).
For the prolonged 168-h rainfalls with different rainfall patterns, the Pattern
A2 rainfall appears to cause the greatest pore water pressure rise at the end
of rainfall. However, the difference in maximum pore water pressure for
various rainfall patterns is small and it becomes negligible at 240 h after
the cessation of rainfall (i.e. at t = 408 h). This implies that the influence of
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Figure 9.17 Variation of hydraulic head (a) at the ground surface, (b) at a depth of
6.1 m and (c) at a depth of 18.3 m at section X–X′ for 168-h rainfall with
a 100-year return period (after Ng et al., 2001b).
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different rainfall patterns on pore water pressure response is not important
at this depth. Comparing with the ground water responses at depth of 18.3 m
under the 24-h rainfall (see Figure 8a), the 168-h prolonged rainfalls lead
to a higher continuous rise of hydraulic head even after the cessation of the
rainfalls. This is because the prolonged rainfall has a larger total rain depth
than that of the short 24-h rainstorm. The continuous rise of hydraulic head
after the cessation of the prolonged rainfalls indicates a continuous decrease
in the effective stress at depth and hence potentially the decrease may induce
delayed and deep-seated slope instability such as the slope failure at Lai Ping
Road (Tung et al., 1999; Sun et al., 2000a).

The variation of hydraulic heads at section YY′ is not presented here
since the key features observed at the toe are similar to those at the crest
(i.e. section XX′). Details of computed results are described by Wang (2000).

Summary and conclusions

• In this section, groundwater responses in an initially unsaturated cut
slope subjected to different rainfall conditions were investigated by
using a three-dimensional groundwater model. Three rainfall patterns
typically found in Hong Kong with three return periods, 10, 100 and
1,000 years, were adopted for detailed study. Temporal variations of
hydraulic head at different depths were studied at two selected sections,
one at the crest and the other at the toe of the cut slope.

• At the crest noticeable difference in groundwater responses on the
ground surface was observed under different storm patterns of the
24-h/100-year rainfall. This difference mainly derives from the first sev-
eral hours of rainfall during which there is a significant difference in the
infiltration rates. For the 24-h rainfalls, the influence of rainfall patterns
on pore water pressure is the most significant at the ground surface but
it gradually diminishes as the depth increases.

• For a given rainfall amount and duration, the advanced storm pat-
tern is the most critical among the three patterns considered for its
potential to induce the greatest increase in pore water pressure along
depth in both the crest and the toe of the cut slope. The reason for
this greatest increase is due to high hydraulic gradient induced by the
advanced storm pattern during the first several hours of intense rain-
fall, which results in a higher infiltration rate than other two storm
patterns.

• The groundwater responses to various rainfall patterns are different at
the crest and the toe of the cut slope implying that the initial ground-
water condition has a significant influence on groundwater response.
At the crest, where the initial groundwater table is deeply seated, the
rainwater infiltration only reduces the soil suction and the groundwater
table is not affected significantly. However, at the toe where the soil
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is nearly saturated because of the shallow initial groundwater table,
various rainfall patterns have limited influence on water permeability
and the pore water pressures near the ground surface. In addition, the
groundwater response at the toe is influenced by groundwater flow from
the upstream of the cut slope.

• For a given rainfall pattern of 24-h intense rainstorms under a given
initial hydraulic gradient, a higher the return period generally leads to a
greater increase in pore water pressure. At the study site, when rainfall
amount exceeds that of 100 year, the rate of increase in pore water
pressure caused by rainwater infiltration decreases. Under the advance
storm pattern (A2), there is no discernible difference in pore water
pressures resulting from rainfall amount with return periods of 100 and
1,000 years. The main reason is that the surficial water permeability
governs infiltration during the intense rainfalls and some rainwater
become surface run-off when rainfall intensity far exceeds the surficial
water permeability. This implies that a storm with higher intensity does
not necessarily produce more adverse affect on slope stability once
a critical return period is reached. This is because the infiltration is
dependent on the surficial water permeability.

• Comparing with 24- and 168-h rainstorms, the latter has a lower
average rainfall intensity but with greater total rainfall amount (rain
depth) under a given return period. Because of the lower intensity
and longer duration, the 168-h rainfalls with three different patterns
induces approximately the same maximum hydraulic head on the
ground surface. During the 168-h rainfalls, the difference in the max-
imum hydraulic heads among different storm patterns decreases sig-
nificantly with depth. At 240 h after the cessation of rainfalls (i.e. at
t = 408 h), the influence of different rainfall patterns on pore water
pressure response is insignificant at any depth. By comparing with the
24-h rainfalls, however, the 168-h rainfalls lead to a continuous rise
in hydraulic head at great depths and hence a gradual reduction in
effective stress even after the cessation of the rainfalls. This implies that
prolonged rainfalls with relatively large rainfall amount could induce
slope failures at great depths (deep-seated) after the cessation of the
rainfalls.

Influence of state-dependent soil–water
characteristic curve and wetting and drying
on slope stability (Ng and Pang, 2000b)

Introduction

Rain-induced landslides pose substantial threats to property and life and
over the years have caused severe damage in many countries such as Brazil,
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Italy, Japan, Malaysia, Hong Kong and mainland, China (Fukuoka, 1980;
Brand, 1984; Wolle and Hachich, 1989; Malone and Pun, 1997). The
physical process of rainfall infiltration into unsaturated soil slopes and the
influence of infiltrated rainwater on soil suction and hence the slope insta-
bility have been investigated by researchers both in the laboratory (Fredlund
and Rahardjo, 1993) and in the field (Lim et al., 1996; Rahardjo et al.,
1998). Numerical simulations of rainfall infiltration have also been con-
ducted (Anderson and Pope, 1984; Lam et al., 1987; Wilson, 1997; Ng and
Shi, 1998). Similar to saturated soils, water flow through unsaturated soils
is also governed by Darcy’s law (Fredlund and Rahardjo, 1993). However,
there are two major differences between the water flows in saturated and
unsaturated soils. First, the ability of the unsaturated soils to retain water
varies with soil suction has to be known. Second, the coefficient of water
permeability is not a constant in unsaturated soils but it is a function of
soil suction. Thus, it is essential to determine (a) the so-called soil–water
characteristic curve (SWCC), which defines the relationship between the
soil suction and either the water content or the degree of saturation and
(b) the water permeability function that varies with soil suction for simulat-
ing transient seepage in unsaturated soil slopes. Currently, it is a common
practice to derive the water permeability function from a measured saturated
water permeability and a drying SWCC using the procedures established by
Fredlund and Xing (1994) and Fredlund et al. (1994).

The soil–water characteristic of a soil is conventionally measured by
means of a pressure plate extractor in which any vertical or confining stress
is not applied and volume change of the soil specimen is assumed to be
zero, whereas in the field the soil usually is subjected to certain stress.
Although it is theoretically recognized that the stress state of a soil has
some influence on SWCC theoretically (Fredlund and Rahardjo, 1993), few
experimental results can be found in the literature. Some exceptions are
perhaps the publications by Vanapalli et al. (1996, 1998, 1999), who stud-
ied the influence of the total stress state on the SWCC of a compacted
fine-grained soil indirectly. The soil specimens were first loaded and then
unloaded using a conventional consolidation apparatus to create a known
stress history or stress state in the specimens. Subsequently, the SWCCs
of the pre-loaded specimens were determined using a traditional pressure
plate apparatus, in which the change of water content due to the varia-
tion of soil suction was measured under almost zero applied net normal
stress ��–ua	. It was found that the SWCCs are significantly influenced by
the stress state for specimens compacted at initial water contents dry of
optimum.

Although the total net normal stress on the soil elements in an unsaturated
soil slope is seldom altered, the stress state at each element is different. This
may affect the soil–water characteristic of these elements, i.e. the storage
capacity when subjected to various soil suctions during rainfall infiltration.
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To correctly predict pore water pressure distributions and hence the slope
stability of an unsaturated soil slope, it is thus essential to investigate the
influence of stress state on SWCCs (or SDSWCCs). For transient flows and
slope stability problems, osmotic suction is normally not very important and
therefore ignored. Soil suction is generally referred to matric suction only.

Numerical simulations

In order to investigate the influence of SDSWCCs on the predictions of
pore water distributions in unsaturated soil slopes and their stability, a
series of finite element transient seepage and limit equilibrium analyses are
carried out using SEEP/W and SLOPE/W (Geo-slope, 1998), respectively.
The flow laws and governing equations for transient seepage analyses are
given in Chapter 3. A typical steep unsaturated soil cut slope in Hong Kong
is selected for illustrative purposes. The computed results from the transient
seepage analyses are then used as input parameters for a subsequent limit
equilibrium analysis of the stability of the slope.

Input parameters and analysis procedures for transient
seepage analyses

As infiltration of rainwater into the soil slope is a wetting process, the
measured wetting SWCC [completely decomposed volcanic (CDV)-N1] and
SDSWCCs (CDV-N2 and N3 – see Chapter 3 for the measured SDSWCC)
are adopted for the transient seepage analyses. In addition, a water per-
meability function varying with soil suction is required. For comparison, a
conventional transient analysis using a drying path of the SWCC (CDV-N1)
under zero net normal stress is also included.

By using the measured saturated water permeability �ks	 of the soil in
a triaxial apparatus under some appropriate stress conditions (Ng and
Pang, 1998a,b), these selected SWCC and SDSWCCs are fitted by a
highly non-linear equation, as proposed by Fredlund and Xing (1994) for
obtaining a permeability function varying with matric suction. The input
parameters for predicting the permeability functions are summarized in
Table 9.4. Figure 9.18 shows the permeability functions computed from
the selected curves. As expected, the soil specimen loaded to a higher net
normal stress has a lower permeability function. This is because the applied
net normal stress led to a smaller pore size distribution inside the soil
specimen.

For investigating the effects of SDSWCC on pore water pressure distribu-
tions in an unsaturated soil slope during rainstorms, a finite element mesh
of a typical cut slope of height 8.6 m inclined at 55� to the horizontal in
Hong Kong is created and shown in Figure 9.19. The cut slope is located
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Table 9.4 Input parameters for Predicting permeability(after Ng and Yung, 2000b)
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Figure 9.18 Permeability functions computed from measured soil–water characteristics
(after Ng and Pang, 2000b).

on a natural hillside. The entire soil mass in the finite element mesh is ide-
alized into three different soil layers according to their approximate stress
states so that the measured SWCC and SDSWCCs and their corresponding
water permeability functions can be specified. It is recognized that the cur-
rent method of specifications greatly simplifies the actual complexity of the
problem. However, computed results from the current simplified analyses
are sufficient to reveal the important role of the SDSWCC in any transient
seepage analysis.

In order to illustrate the influence of the SDSWCCs on pore water pressure
distributions, two series of transient seepage analyses are conducted. In the
first series of analyses, all soil layers are assumed to have the same drying
SWCCs and their corresponding water permeability functions. This series is
a conventional approach. In the second series of analyses, different hydraulic
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properties are specified in each soil layer. The wetting SWCC under 0 kPa
(CDV-N1) and SDSWCCs under 40 kPa (CDV-N2) and 80 kPa (CDV-N3)
applied net normal stresses and their corresponding permeability functions
are specified respectively for the first, second and third soil layers as shown
in Figure 9.19.

The initial groundwater conditions for each series of transient seepage
analyses are established by conducting two steady-state analyses, during
which a very small rainfall of intensity 0.001 mm/day is applied on the top
boundary surface together with a constant hydraulic head 15 m above the
Principal Datum (15 mPD or the sea level) specified on the left boundary.
The bottom boundary is assumed to be impermeable and no flux is specified
along the right boundary.

For the subsequent transient analyses, two rainfall patterns with an aver-
age intensity of 394 and 82 mm/day are applied on the top boundary surface
in both series of analyses to simulate a short and intensive 24-h rainfall infil-
tration and a prolonged 7-day rainfall infiltration, respectively. The rainfall
intensities adopted are based on the actual 10-year return period spanning
from 1980 to 1990 (Lam and Leung, 1995). Here, it is assumed that the
rate of infiltration is equal to 60 per cent of the rainfall intensity to simulate
an average of 40 per cent surface run-off in Hong Kong (Tung et al., 1999).
The numerical simulations conducted are summarized in Table 9.5.
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Input parameters and analysis procedures for slope stability analyses

After obtaining the pore water pressure distributions from the transient
seepage analyses, limit equilibrium analyses are then carried out to determine
the factor of safety of the cut slope. For estimating the factor of safety using
the Bishop’s simplified method, some basic mechanical soil parameters are
needed. In the limit equilibrium analyses, the shear strength of the soil is
assumed to be governed by the extended Mohr–Coulomb failure criterion
as follows:

� = c′ + ��n −ua	 tan�′ + �ua −uw	 tan�b (9.22)

The shear strength parameters include an effective cohesion c′ of 2 kPa, an
angle of friction �′ of 28� and an angle indicating the rate of increase in
shear strength relative to the matric suction �b, which is equal to 14�.

Influences of SDSWCC on pore water pressure distributions

Figure 9.21a–c shows the computed distributions of pore water pressure
varying with depth at sections A–A, B–B and C–C of the finite element mesh
(see Figure 9.19), respectively. It is clear that there is a substantial differ-
ence between the initial pore water pressure distributions computed using
the conventional drying SWCCs and the unconventional wetting SWCC
and SDSWCCs in the steady-state analyses. The conventional analysis pre-
dicts a significantly higher soil suction profile than that computed by the
unconventional analysis. This is because the soil in the former analysis, in
comparison with the soil in the latter analysis, has a lower air-entry value
and a faster rate of changing volumetric water content as values of soil suc-
tion increase (refer to Figure 9.20), and a higher water permeability function
(see Figure 9.18). In other words, the soil under the applied stress has a
stronger capability to retain moisture for a given soil suction due to the
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Figure 9.20 Effects of stress state on SWCCs (after Ng and Pang, 2000b).

presence of a smaller pore size distribution, as illustrated by a flatter SWCC
(refer to Figure 9.20). The computed results highlight the importance of
considering stress effects and drying–wetting history on SWCCs.

During the short but highly intensive rainfall (i.e. 236.4 mm/day or 2�74×
10−6 m/s for 24 h), the pore water pressure responses at the three selected
sections are similar in both the conventional and unconventional transient
analyses. Only the soil suctions in the top 1–2 m depth are destroyed irrespec-
tive of the magnitude of their initial values. A relatively shallow advancing
‘wetting front’ (Lumb, 1975) is developed as most of the rainfall cannot
infiltrate into the soil due to the relatively low water permeability to rain-
fall infiltration at high initial values of soil suction. On the contrary, the
pore water pressure distributions predicted by the conventional and uncon-
ventional analyses are completely different during the 7-day low-intensity
prolonged rainfall (49.2 mm/day or 5�69×10−7 m/s for 7 days), especially
at sections A–A and B–B. Due to the relatively low initial values of suc-
tion present in the soil, resulting in relatively high water permeability with
respect to rainfall infiltration, when the effects of stress state are considered,
soil suctions at sections A–A and B–B (see Figure 9.21a and b) are totally
destroyed by the advancing ‘wetting front’ to a depth of about 6 and 9 m
from the ground surface, respectively. At section C–C (see Figure 9.21c),
the advancement of the ‘wetting front’ is limited by the initial higher suc-
tion values than those at sections B–B and C–C. The less intensive but
prolonged 7-day rainfall facilitates the advancement of ‘wetting front’ into
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the soil to some great depths and cause significant reduction in soil suc-
tion which would have some devastating effects on slope stability. For the
case of the initial values of soil suction predicted using conventional drying
SWCC, rainfall infiltration is hindered as a result of relatively low water
permeability due to the presence of high soil suction.
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Figure 9.21 Pore water pressure distributions under various rainfall conditions along
(a) section A–A; (b) section B–B; (c) section C–C (after Ng and Pang, 2000b).
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Figure 9.21 (Continued).

Influences of SDSWCC on slope stability

By using the computed pore water pressure distributions in the transient
flow analyses, limit equilibrium analyses are performed on four selected
non-circular slip surfaces, which pass through the toe of the slope (see
Figure 9.22). It should be noted that these selected slip surfaces may not
warrantee the minimum factor of safety. They were selected only for illus-
trating the influence of SDSWCCs on the factor of safety of some possible
slips. The actual critical slip surfaces may be somewhat different.

Figure 9.23 shows the variations of factors of safety with elapsed time for
the four selected slip surfaces during the 7-day rainfall. It can be seen that
the limit equilibrium analyses, which adopted the pore water pressures com-
puted by using the conventional drying SWCCs, predict substantial higher
initial factors of safety at all four slip surfaces than those obtained from the
analyses using the unconventional wetting SDSWCCs. This is attributed to
the significant difference in the computed pore water pressure distributions
(see Figure 9.21a–c) with and without considering the effects of the stress
state and drying–wetting history. This implies that the traditional analyses
using the conventional drying SWCCs may lead to unconservative designs.

Due to the presence of higher initial suction at shallow depths, the shal-
lower the slip surface, the larger the initial factor of safety. With time the
factor of safety decreases but at different rates. For the shallow slips (S1 and
S2 – see Figure 9.22), the fall in the factors of safety is substantial when the
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effects of stress state are included. At the end of rainfall, the factor of safety
increases with depth, opposed to the initial safety conditions.

Conclusions

Measured SDSWCCs were adopted to derive water permeability functions
for transient seepage and limit equilibrium analyses of a typical unsaturated
cut slope in Hong Kong under various rainfall conditions. Based on the
experimental and the simplified numerical studies, the following conclusions
can be drawn:

• Numerical analyses using the measured wetting SDSWCCs and their
derived water permeability functions predict a substantially higher (less
negative) initial steady state pore water pressure distributions with depth
than those computed by using the conventional drying SWCCs. These
initial high (less negative) steady state pore water pressure distributions
with depth leading to higher water permeability in the ground facilitate
rainfall infiltration, which destroys soil suction to a great depth by an
advancing ‘wetting front’. This results in a substantially lower factor of
safety during a prolonged low intensity rainfall. On the contrary, the
numerical analyses suggest that only the soil suction at the top 1–2 m
of soil would be destroyed under highly intensive but short-duration
rainfalls, irrespective of whether the stress effects on SWCC and the
drying–wetting history are considered or not.

• Based on the current experimental measurements and the simplified
numerical investigations, the stress state and the drying–wetting his-
tory have a substantial influence on the soil–water characteristics of
unsaturated soils. During a prolonged rainfall, analyses using wetting
SDSWCCs would predict adverse pore water pressure distributions with
depth and lower factors of safety than those from the conventional
analyses using drying SWCCs. The wetting SDSWCCs should therefore
be considered for better and safer estimations of the factor of safety for
unsaturated soil slopes.

Effects of state-dependent soil–water
characteristic curves and damming on slope
stability (Ng and Lai, 2004)

Introduction

The objectives of this section are to study any difference in computed pore
water pressure distributions using drying SWCC, wetting SWCC and wetting
SDSWCC and to investigate damming effects (if any) on pore water pressure
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distributions and slope stability due to the presence of piles in an initially
unsaturated soil slope.

Finite element mesh and numerical analysis plan

An initially unsaturated natural soil slope located in Hong Kong is chosen
for this idealized parametric study. The slope inclines at approximately 26�

to the horizontal. Figure 9.24 shows a dimensional finite element mesh of
the slope. The 20-m thick CDV soil mass is idealized into three different
soil layers according to their approximate stress states so that the measured
SWCC and SDSWCCs and their corresponding water permeability functions
can be specified. To study damming effects due to construction obstructions
on pore water pressure distributions, two artificial hydraulic barriers such
as piles are simulated in some cases. The diameter and depth of the two piles
is 1 and 6 m, respectively. They are 16 m apart as shown in Figure 9.24.
It should be noted that the two artificial hydraulic obstructions essentially
behave as an infinite long 6 m deep impervious retaining wall in the two-
dimensional seepage analyses. In other words, damming effects are very
likely to be overestimated in this study, unless a three-dimensional transient
seepage analysis can be carried out (Ng et al., 2001b).

To investigate the influence of wetting SWCC and effects of stress states
(i.e. SDSWCCs) on pore water pressure distributions, three series of tran-
sient seepage analyses are conducted. Series D consists of ‘conventional’
transient analyses in which the drying path of the SWCC (CDV-N1) under
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Figure 9.24 Finite element mesh and slip surface considered in the slope stability
analysis (after Ng and Lai, 2004).
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zero net normal stress and its corresponding water permeability function are
specified for all the three soil layers in the slope. In Series W, since rainfall
infiltration into the soil slope is a wetting process, all soil layers are assumed
to have the same wetting SWCC (CDV-N1) under zero net normal stress and
the corresponding permeability function. In Series SW, the measured wet-
ting SWCC (CDV-N1) at zero stress and SDSWCCs (CDV-N2 and N3) are
specified for soil layers 1, 2 and 3, respectively, for investigating the influ-
ence of stress-dependency of soil–water characteristics on transient seepage
analyses. A summary of the three series of analyses is given in Table 9.6. For
each series, there are four cases considered to study damming effect (if any)
caused by the two pile obstructions. Case (a) is a reference run, in which
no pile is installed in the slope. In Case (b), a pile, i.e. Pile One, is installed
at the upstream only (see Figure 9.24). Similarly, Case (c) is to determine
damming effect caused by Pile Two installed at downstream only. Case (d)
is for studying damming effect caused by the two piles installed at both
upstream and downstream, located at 16 m apart.

Numerical simulation procedures and hydraulic boundary
conditions

Prior to each transient seepage analysis, a steady-state analysis is carried
out to establish the initial pore water distributions in the slope. This is
done by applying a uniform rainfall intensity of 0.01 mm/day (or 1�16 ×
10−10 m/s) on the top of the slope surface. At the right boundary of the
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mesh (see Figure 9.24), a constant hydraulic head of 47.6 m above the
Principal Datum (or 47.6 mPD above sea level) is specified. This specified
head is based on pore water pressure measured by a piezometer at the site
of the selected slope. The bottom hydraulic boundary is assumed to be
impermeable, and no flux boundary is specified along the left boundary
of the mesh. For the cases with piles installed, the piles are modelled as
an almost impermeable obstruction with a constant water permeability of
1�0×10−15 m/s.

During any transient seepage analysis, an average rainfall intensity of
82 mm/day is adopted. The average intensity used is based on actual
measurements of rainfall intensity for a 10-year return period spanning
from 1980 to 1990 in Hong Kong (Lam and Leung, 1995). To allow
for surface run-off, it is assumed that the average rate of infiltration
is equal to 60 per cent of the average rainfall intensity (Tung et al.,
1999). In the numerical simulations, infiltration due to rainfall is thus
modelled by applying a surface flux of 49 mm/day or 5�7 × 10−7 m/s
(i.e. 60 per cent of 82 mm/day) across the top boundary surface of the slope
for 10 days continuously in each case to simulate a prolonged rainfall
event.

Slope stability analyses

After pore water pressure distributions within the slope are computed
from the transient seepage analyses, factor of safety (FOS) of the slope
is determined by carrying out limit equilibrium analysis using a computer
software called, SLOPE/W (Geo-slope, 2002). Here computed pore water
pressures from SEEP/W are used as input parameters for slope stability
calculations.

Input parameters and procedures for slope stability analyses

For calculating FOS for each case, the Janbu’s simplified method is used
together with the extended Mohr–Coulomb failure criterion. The shear
strength parameters used include an effective cohesion c′ of 2 kPa, an effec-
tive angle of friction �′ of 28� and an angle �b of 14� which indicates the
rate of an increase in shear strength with respect to matric suction. Limit
equilibrium analyses are performed on a selected non-circular slip surface
(see Figure 9.24). It should be noted the selected slip surface does not nec-
essarily give the lowest FOS for each case. The selection of a slip surface
is merely to compare relative FOSs computed for different cases considered
as given in Table 9.6. As shown in Figure 9.24, locations ‘u’, ‘m’ and ‘d’
represent the intersections of the assumed slip surface and sections U–U,
M–M and D–D, respectively.
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Interpretation of computed results

Influences of wetting SWCC and SDSWCC on pore water pressure
distributions

Figure 9.25a–c shows the computed distributions of pore water pressure
with depth along section U–U of the slope without any pile obstruction
(i.e. Run D-a, Run W-a and Run SW-a as summarized in Table 9.6). It
is clear that there is a substantial difference among the initial pore water
pressure distributions computed using the drying SWCCs (Run D-a), the
wetting SWCCs (Run W-a) and the SDSWCCs (Run SW-a) in the three
steady-state analyses. Run D-a predicts a much higher soil suction profile
than that computed by the other two unconventional analyses (Run W-a
and Run SW-a). This is because at the steady state the mobilized water
permeability in the soil slope is close or equal to the applied constant
infiltration rate of 0.01 mm/day (or 1�16 × 10−10 m/s) when a hydraulic
gradient of unity or close to unity is set up for a soil zone near the ground
surface. In other words, as shown in Figure 9.18, for the given constant
infiltration rate of 1�16 × 10−10 m/s or mobilized water permeability, the
corresponding soil suction calculated in Run D-a using the drying CDV-N1
permeability function is higher than that of Run W-a using the wetting
CDV-N1 permeability function, which in terms is higher than that of Run
SW-a using the wetting CDV-N1, N2 and N3 permeability functions.

In the transient analyses of the 10-day prolonged rainfall with the constant
intensity of 49 mm/day (or 5�7×10−7 m/s), a wetting front is formed and it
moves progressively downwards as the rainfall continues in all three runs as
shown in Figure 9.25. In comparing the computed results of using a drying
SWCC (i.e. Run D-a) and a wetting SWCC (i.e. Run W-a) at Day 10, the
wetting front of Run W-a penetrates about 1 m deeper than that of Run
D-a (Figure 9.25a and b). This is because the initial soil suction in Run W-a
is lower and hence the soil is more permeable for the advancement of the
wetting front. Rahardjo and Leong (1997) conducted two similar analyses
to study the difference in transient seepage analyses of rainfall infiltration
using a drying and a wetting SWCC. In their two analyses, however, they
specified an identical initial pore water pressure distribution. They reported
that the analysis using a wetting SWCC produced a shallower wetting front,
which is not consistent to the results shown in Figure 9.25.

When SDSWCCs are considered, the wetting front in Run SW-a penetrates
about 13 m below ground at Day 10 (see Figure 9.25c). This is substantially
deeper than the computed 5-m depth in Run D-a and 6-m depth in Run
W-a. For the hydraulic parameters and geometry of the slope considered
in this chapter, SDSWCCs clearly facilitate the advancement of the wet-
ting front into the soil at great depths and lead to significant reduction in
soil suction. These could have some devastating adverse effects on slope
stability. Therefore, neglecting the influence of stress state on SWCC in a
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Figure 9.25 Pore water pressure distributions along section U-U: (a) Run D-a, (b) Run
W-a and (c) Run SW-a (after Ng and Lai, 2004).
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transient seepage analysis could result in non-conservative slope stability
calculations.

Damming effect on pore water pressure distributions

Since transient seepage analyses using SDSWCCs are theoretically correct
and relevant to geotechnical engineering problems, only computed results
from series SW are chosen to illustrate any damming effect due to the
presence of some hydraulic obstructions on pore water pressure distribu-
tions. It should be reminded that a summary of different arrangement of
the two hydraulic obstructions (i.e. piles) in series SW is given in Table 9.6.
Figure 9.26 shows the computed changes of hydraulic head at locations ‘u’,
‘m’ and ‘d’. The depths of locations ‘u’, ‘m’ and ‘d’ are 5, 8 and 5 m, respec-
tively (refer to Figure 9.24). At location ‘u’, due to the presence of Pile One
in Run SW-b and Run SW-d, the subsurface seepage at the upstream has
been dammed in these two analyses. Therefore, the initial hydraulic heads
computed in Run SW-b and Run SW-d are slightly higher than those of
SW-a and SW-c (Figure 9.26a). During the first five days of rainfall (Day 1
to Day 5), there is no significant change in hydraulic head in all four cases
considered. This is because there is not enough time for a wetting front
to reach location ‘u’. As shown in Figure 9.27a, the wetting fronts of all
the analyses are still above the level of location ‘u’ on Day 5. It should be
noted that the wetting front of Run SW-b penetrates slightly deeper than
that of Run SW-a (see Figure 9.27a) since seepage at the upstream face of
Pile One is dammed by the pile in Run SW-b. The dammed water is forced
to flow downwards around the pile tip. As the computed results of Run
SW-c and Run SW-d are similar to those of Run SW-a and Run SW-b,
respectively, therefore only the results from latter two runs are shown for
clarity.

On Day 6, the hydraulic heads of Run SW-b and Run SW-d increase
sharply, while the heads of Run SW-a and Run SW-c remain unchanged
(see Figure 9.26a). This is because the wetting fronts in Run SW-b and
Run SW-d seeped faster than those in Run SW-a and Run SW-c due to the
damming effect, and they reached location ‘u’ first (Figure 9.27b). Hence,
matric suction at location ‘u’ was dissipated (i.e. zero pore water pressure)
and hence the hydraulic head at location ‘u’ was equal to the elevation head
as shown in Figure 9.26a. In Run SW-a and Run SW-c, the wetting front
has not yet reached location ‘u’ and so the hydraulic heads remain the same
as the initial state.

From Day 7 to Day 10, the hydraulic head is almost the same for the four
cases considered (see Figure 6a). This is because the wetting front in each
analysis has reached and passed through location ‘u’ (Figure 9.27c) from
Day 7 onwards.
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Figure 9.26 Variations of hydraulic head during the 10-day rainfall: (a) Location ‘u’,
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Location ‘m’ is situated between Pile One and Pile Two and it is
8 m away from both the piles. At this location, there is no signif-
icant difference in computed hydraulic head from the four analyses
considered during the 10-day rainfall (Figure 9.26b). This implies that
damming does not affect pore water pressure distribution noticeably at this
location.

At location ‘d’, due to the presence of Pile Two which has dammed
seepage from the upstream, the initial hydraulic heads of Run SW-c and
Run SW-d are lower than those of Run SW-a and Run SW-b (Figure 9.26c).
From Day 1 to Day 6, no major change in hydraulic head is observed. This
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is because there is not enough time for wetting fronts to reach location ‘d’
as shown in Figure 9.28a. The computed wetting fronts from Run SW-c and
Run SW-d are shallower than those from Run SW-a and Run SW-b due to
damming at the upstream face of Pile Two in the former two runs. On Day
7, hydraulic heads of Run SW-c and Run SW-d increase less than those of
Run SW-a and Run SW-b (Figure 9.26c). This is because the wetting fronts
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Figure 9.28 Pore water pressure distributions at location ‘d’ (see Figure 9.24) at
(a) Day 6, (b) Day 7 and (c) Day 8 (after Ng and Lai, 2004).
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in Run SW-c and Run SW-d have seeped slower than those in Run SW-a
and Run SW-b as a result of damming effect (refer to Figure 9.28b). From
Day 8 to Day 10, there is almost no difference in hydraulic head among the
four analyses (Figure 9.26c) because the wetting front in each analysis has
reached and passed through location ‘u’ from Day 8 onwards. The hydraulic
head at location ‘u’ is equal to the elevation head suggesting that pore water
pressure is zero at this location (Figure 9.28c).
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Variation of slope stability factor of safety

Influence of wetting SWCC and SDSWCC

Based on pore water pressures computed by SEEP/W, slope stability anal-
yses of the assumed slip surface (see Figure 9.24) were carried out using
SLOPE/W. Figure 9.29 shows the variations of FOSs with elapsed time for
different cases during the 10-day rainfall. As expected, the computed FOS
decreases as time elapses during the 10-day rainfall. It can be seen that
the FOSs of the analyses using the drying SWCCs (i.e. Series D) are the
highest for a given rainfall condition. On the contrary, the FOSs computed
from the analyses using the wetting stress-dependent SDSWCCs (i.e. Series
SW) are the lowest. This difference between the two series of analyses is
attributed to the significant difference in the computed initial pore water
pressure distributions (Figure 9.25a–c). This implies that an analysis using
a drying SWCC would lead to non-conservative or even unsafe predictions.

Damming effect on slope stability

For the given assumed slip surface, there is no significant difference in the
computed FOSs due to damming effects. This is because the pore water pres-
sure distribution along the assumed slip surface is only slightly affected by
damming. Although some damming on pore water pressure can be observed
at locations ‘u’ and ‘d’, the effects are not significant (Figure 9.26a and c).
At location ‘m’, the influence of damming is even smaller (Figure 9.26b).
In fact, the extent of damming effects on pore water pressure and slope
stability has already been overestimated in this study. This is because the
numerical simulations are only two-dimensional. Actual three-dimensional
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groundwater flow around hydraulic obstacles is not permitted in the two-
dimensional analyses. In other words, damming effect on FOSs would be
even smaller if a three-dimensional analysis is carried out.

Conclusions

• Based on the simplified two-dimensional numerical investigations, the
influence of wetting process and stress state on pore water distributions
and FOS of an unsaturated soil slope have been investigated. During
the 10-day prolonged rainfall, the FOS obtained from a conventional
analysis using a drying SWCC is the highest, whereas an analysis using
wetting stress-dependent SDSWCCs would predict the most adverse
initial pore water pressure distributions with depth, and hence the lowest
FOS. Thus, stress-dependency of SWCC should be considered and used
in transient seepage analysis.

• For the geometry and ground conditions considered, damming of
groundwater due to the presence of pile obstacles is very limited in the
two-dimensional space. In other words, damming effects would be even
smaller if a three-dimensional analysis is carried out.

Fundamentals of recompaction of unsaturated
loose fill slopes (Ng and Zhan, 2001)

Introduction

Several thousand sizeable loose fill slopes more than 3 m high, constructed
before 1977, have been identified in Hong Kong (HKIE, 1998). The majority
of these loose fill slopes incline at an angle of between 30� and 45� to the
horizontal, and in a loose state (Sun et al., 1998). Failures of these slopes
pose a substantial threat to society and over the years have caused severe
damage and disruption in Hong Kong.

Following the 1976 Sau Mau Ping landslide, the Independent Review
Panel for Fill Slopes (Hong Kong Government, 1977) recommended that the
‘minimum treatment’ of existing loose fill slopes should consist of ‘removing
the loose surface soil by excavating to a vertical depth of not less than 3 m,
and recompacting to an adequate Standard’, and provision of ‘drainage of
the fill behind the recompacted surface layer at the toe of the slope’. This
has become the standard practice for the upgrading of loose fill slopes in
Hong Kong. However, limited transient seepage analyses have been car-
ried out to investigate the effects of the recompaction on pore water pres-
sure distributions in an initially unsaturated slope and hence on the slope
stability.
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Rainwater ingress into loose fill slopes is one of the primary contributory
factors for triggering landslides (Ng and Shi, 1998; Sun et al., 1998), espe-
cially in Hong Kong with abundant annual rainfall. Infiltrated water results
in a reduction of soil suction and hence a reduction of soil shear strength.
Moreover, the loose fill materials are generally contractive, so rainfall infil-
tration tends to result in the collapse of soil structure and cause flow slides
or static liquefaction (Sun et al., 1998). For more accurately predicting slope
stability, it is vital to understand the variations of soil suction due to rainfall
infiltration under various rainfall and ground conditions such as a surficial
recompacted layer.

In this section, transient seepage and limit equilibrium analyses have been
conducted on typical loose fill slopes with and without 3-m recompaction
subjected to one day intensive rainfall. The main objective of these analyses
is to investigate the fundamental effects of the recompaction on pore water
pressure distributions in fill slopes and hence on their stability, assuming
that no static liquefaction conditions are reached. In other words, strain-
softening behaviour of loose fill material during undrained shear is not
considered in this parametric analysis.

Analysis procedures

For investigating the effects of recompaction on pore water pressure dis-
tributions in fill slopes and hence on the slope stability, firstly, transient
seepage analyses for saturated and unsaturated soils were carried out using
a computer program called SEEP/W (Geo-Slope, 1998). After obtaining the
pore water pressure distributions from the transient seepage analyses, limit
equilibrium analyses were then carried out to determine the FOS of the
fill slopes using SLOPE/W (Geo-Slope, 1998), in which shear strength of
unsaturated soils can be represented by an extended Mohr–Coulomb failure
criterion (Fredlund and Rahardjo, 1993a,b).

Here, a typical unsaturated CDV fill slope in Hong Kong is adopted.
The slope is 30 m high and inclines at an angle of 32� to the horizontal.
The finite element mesh for the slope is shown in Figure 9.30. The ground
conditions in the slope without recompaction comprise a thick loose CDV
fill layer �8 ∼ 20m	 underlain by an inclined bedrock. To simulate the effects
of recompaction, a 3-m thick recompacted soil layer underneath the ground
surface is modelled with different hydraulic and shear strength parameters
from those of the loose fill.

A constant hydraulic head was specified along the lower vertical bound-
aries EF and GH according to the location of groundwater level measured
at San Mao Ping (Hong Kong Government, 1977), and the upper vertical
boundaries DE and AH are zero-flux boundary. The bottom boundary (GF)
is assumed to be impermeable.
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On the ground and sloping surface (AB, BC and CD in Figure 9.30),
a rainfall intensity of 394 mm/day is applied to simulate an average 24-h
rainfall of a 10-year return period (Lam and Leung, 1995). It was assumed
that the coefficient of infiltration is equal to 60 per cent for fill slopes in Hong
Kong (Tung et al., 1999). The initial groundwater conditions for transient
seepage analyses are established by conducting a steady-state analysis, in
which a very small rainfall infiltration rate of 1�0×10−9 m/s is imposed on
the ground surface (from A to C, Figure 9.30).

Model parameters

To simulate transient seepage in unsaturated soils, it was essential to specify
hydraulic parameters including SWCC, saturated water permeability and
permeability functions for loose and recompacted fills. The SWCCs and per-
meability functions for the loose and recompacted CDV fills are shown in
Figures 9.31 and 9.32, respectively. The saturated permeability adopted for
the loose and recompacted fills are 3�0×10−6 and 1�0×10−7 m/s, respec-
tively (Ng and Pang, 2000a).

In the limit equilibrium analyses, the shear strength of unsaturated soils
is assumed to be governed by the extended Mohr–Coulomb failure criterion
(see Equation 9.22). The shear strength parameters for the loose and recom-
pacted fills are based on laboratory measurements (Leung, 1999) and GEO
report (GEO, 1993), respectively. For the former, a mean value of ‘collapse
friction angle’, 26�8� was adopted. For the latter, a mean value of effective
friction angle for CDV recompacted fill in Table 8 of Geoguide 1 (GEO,
1993), of 36�5� was adopted because recompaction leads to a reduction of
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Figure 9.31 Soil–water characteristic curves for loose fill and recompacted fill (after
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Figure 9.32 Permeability functions for the loose and recompacted soils (after Ng and
Zhan, 2001).

void ratio of the soil. For both these two fills, the effective cohesion c′ was
taken to be 0 kPa, and the angle indicating the rate of increase in shear
strength relative to the soil suction, �b, was assumed equal to half of their
corresponding friction angles.

Influence of recompaction on pore water pressure
distributions

Figure 9.33a–c shows the computed distributions of pore water pressure
varying with depth at sections A–A (at the crest), B–B (at the middle) and
C–C (at the toe) of the slope (see Figure 9.30). It can be seen that the initial
pore water pressure distributions along sections A–A and B–B are similar
qualitatively (refer to Figure 9.33a and b). At a depth greater than 20 and
3 m for sections A–A and B–B, respectively, there is little difference in the
initial pore water pressure distributions between the loose and recompacted
fill slopes. However, for shallower depths at both sections, the initial pore
water in the recompacted fill slope is significantly lower than that of the
corresponding loose fill slope. This can be explained by the difference in
the ratio of rainfall infiltration rate to the instantaneous water permeability
�q/kw	 between the loose and recompacted fill slopes. Since rainfall infiltra-
tion is a wetting process, soil is relatively dry before rainfall and it possesses
a relatively high soil suction. As shown in Figure 9.32, at high soil suction
(greater than 9 kPa), the hydraulic conductivity of recompacted fill is larger
than that of loose fill, since the former has a higher water content. The high
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water permeability of recompacted fill (smaller q/kw) leads to a low degree
of saturation and hence a high initial negative pore water pressure in the
recompacted fill than the loose fills for the given small initial rainfall inten-
sity �1 × 10−9 m/s	. On the other hand, at section C–C (at the slope toe),
both the initial pore water pressure profiles in the loose and recompacted
fill slopes are approximately at the hydrostatic conditions.

During the short but intensive rainfall (i.e. 236.4 mm/day or 2�74 ×
10−6 m/s for 24 h), the corresponding pore water pressure responses along
sections A–A (Figure 9.33a) and B–B (Figure 9.33b) are similar. The
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Figure 9.33 Pore water pressure distributions along (a) section A–A, (b) section B–B
and (c) section C–C (after Ng and Zhan, 2001).
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variation of pore water pressure due to rainfall infiltration is limited in the
shallow soil layer (less than 4 m). For the loose fill slope, negative pore
water pressure in the shallow soil layers (2 ∼ 3m below the ground sur-
face) increases to zero after the 1-day rainfall, i.e. soil suctions in this soil
layer are completely destroyed. For the recompacted slope, 1-day rainfall
infiltration also results in an increase in the pore water pressure. How-
ever, only the negative pore water pressure at the ground surface increases
to zero, and the pore water pressure in the soil layer between ground
surface and the main groundwater table remains negative after the 1-day
rainfall.

In Figure 9.33c, the 1-day rainfall infiltration also results in an increase
in the pore water pressure at the slope toe, especially in the loose fill slope
(refer to section C–C). For the loose fill slope, the main groundwater table
at the slope toe rises to the ground surface and the initial soil suction is
completely destroyed after the 1-day rainfall. However, for the recompacted
fill slope, similar to the former two sections, the pore water pressure remains
negative in the soil layer within 2 m below ground surface.

The discrepancy between the variation of pore water pressure distribu-
tions in the loose and recompacted fill slopes is attributed to the difference in
the water permeability of the loose and recompacted fills at low soil suctions
(Figure 9.32). Since the applied 1-day rainfall intensity �2�74 × 10−6 m/s	
is larger than the water permeability of the initially unsaturated fill, the
surficial soil becomes saturated or nearly saturated immediately. Referring
to Figure 9.32, at a low soil suction (less than 9 kPa), the water perme-
ability of the loose fill is higher than that of recompacted fill due to its
larger void ratio. This indicates more rainwater can infiltrate into the slope
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than that of the recompacted fill slope. However, for the recompacted fill
slope, the water permeability (no more than 1�0 × 10−7 m/s) of the 3-m
thick recompacted fill at low soil suctions is much lower than the applied
rainfall intensity, so that relatively little rainwater can infiltrate into the
recompacted fill layer, and even less can permeate into the underlain loose
fill layer. Most of the rainwater runs off the slope surface. Therefore, the
recompacted fill layer having low water permeability at low soil suctions
acts as an impeding layer, which hinders rainfall infiltration and preserves
the initial soil suction underneath.

Influence of recompaction on slope stability

After obtaining the pore water pressure distributions in the two fill slopes,
two possible slip surfaces (shallow and deep-seated) were selected for limit
equilibrium analyses. The first is within the 3-m thick recompacted soil
layer, and the second is deeper than 3 m, i.e. passing though the loose fill
layer (see Figure 9.30). It should be noted that these selected slip surfaces
may not correspond to the minimum FOS. It is selected only for illustrating
the influences of recompaction on the FOS of the two possible slips.

Figure 9.34 shows the variations of FOS with elapsed time (i.e. rainfall
duration) for the two specified slip surfaces during the 1-day rainfall. FOS
of the loose fill slope decreases with rainfall duration, especially for the
shallow slip 1. On the other hand, only the FOS of the shallow slip 1 of the
recompacted slope is significantly affected by rainfall infiltration. For both
the shallow and deep-seated slip surfaces, FOS predicted for the recompacted
fill slope is significantly larger than that for the loose fill slope during the
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Figure 9.34 Relationships between factors of safety and rainfall duration for the loose
fill and recompacted fill slopes (after Ng and Zhan, 2001).
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1-day rainfall, especially for the shallow slip 1. For the case of shallow slip
surface, the higher FOS of the recompacted slope is attributed to both the
larger effective friction angle ��′	 and the larger negative pore water pressure
distributions than those in the loose fill slope. For the case of the deep-seated
slip surface, the computed high FOS of the recompacted fill slope is mainly
attributed to the high negative pore water pressure distributions present in
the soil (refer to Figure 9.33a–c).

Conclusions

• Based on the transient seepage analyses, recompaction of the top 3 m
of a loose fill slope leads to much higher negative pore water pressure
distributions in the recompacted slope than those in the loose fill during
a 1-day intensive rainfall.

• Limit equilibrium analyses predict a significantly larger FOS for the
recompacted fill slope than that of the loose fill slope during the 1-day
rainfall, especially for the shallow slip. Contributions of the recom-
paction to the slope stability are two-fold.

� First, the recompaction leads to a reduction in void ratio and hence
an increase in its shear strength.

� Secondly, assuming that no static liquefaction will occur, the recom-
pacted fill layer having low water permeability at low soil suctions
acts as an impeding layer, which hinders rainfall infiltration, pre-
serves the initial soil suction in the loose fill underneath, and hence
improves the stability of the fill slopes.

Effects of surface cover and impeding layers on
slope stability (Ng and Pang, 1998a)

Introduction

Rulon and Freeze (1985) have shown that the pore water pressure distribu-
tion in a layered slope is strongly dependent on the position of an impeding
layer and it has significant effects on shear strength of soils. In their study,
variations of hydraulic conductivity with respect to matric suction and tran-
sient seepage conditions were not considered.

Ng and Shi (1998) have studied the stability of unsaturated soil slopes sub-
jected to various boundary and hydraulic conditions such as rainfall inten-
sity, rainfall duration, boundary hydraulic head conditions and anisotropic
water permeability. It is shown that the FOS is not only governed by the
intensity of rainfall, initial groundwater table and the anisotropic perme-
ability ratio, but it also depends on antecedent rainfall duration. A critical
rainfall duration can be identified, at which the FOS is the lowest.
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In order to maintain soil suction and minimize soil erosion, relatively
impermeable surface covers are usually provided on soil slopes to improve
stability. Lim et al. (1996) have carried out a field instrumentation program
in Singapore to monitor negative pore water pressures or in situ matric
suctions in a residual soil slope which is protected by different types of
surface covers at various sections. It is evident that the variations of matric
suction in the ground are less significant under a covered section than a bare
section of the slope.

In this chapter, a section of parametric finite element transient seepage
and limit equilibrium analyses of a typical steep unsaturated soil cut slope
in Hong Kong are presented. The main objective of these analyses is to
investigate the influence of surface covers and impeding layers on slope
instability in unsaturated soils.

Finite element mesh and analysis procedures

For the parametric study presented here, a typical unsaturated cut slope in
colluvium in Hong Kong is adopted. The finite element mesh for the para-
metric study is illustrated in Figure 9.35. It is a two-dimensional vertical
cross-section through an unsaturated hillside with a steep cut slope. A con-
stant hydraulic head is specified along the boundaries AB (at 6 mPD) and
CD (at 61 mPD). The boundary BC represents bedrock and is assumed to be
impermeable. Rainfall may infiltrate into the flow region along the exposed
sloping surface (AD). For conducting the parametric study of transient seep-
age in the unsaturated soil slope, SEEP/W (Geo-Slope, 1995) is selected.
The required SWCC and permeability function of this selected colluvium
(Gan and Fredlund, 1997) are shown in Figure 9.36. In order to choose a
reasonable rainfall intensity, one in 10-year return rainfall records collected
by the Hong Kong Royal Observatory during 1980–1990 (Lam and Leung,
1995) was considered. Details of other input parameters are summarized
in Table 9.7. For the transient seepage analyses, it was assumed that the
rainfall intensity is equal to the rate of infiltration.

For estimating the FOS for a slope, some basic mechanical soil parameters
are needed. Based on recent triaxial tests with suction measurements on
the selected colluvium samples (GEO, 1994), c′ = 10kPa� �′ = 38�5� and
�b = 22� are adopted for the limit equilibrium analyses. Transient pore
water pressures used in the analyses are obtained directly from SEEP/W.
The linear failure criterion defined by Equation (9.22) was assumed. The
minimum FOS was calculated by using Janbu’s simplified method.

Influence of surface cover on slope stability

In order to protect slopes from infiltration of surface water and to minimize
soil erosion, a common practice in the Far East is to provide a layer of soil
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Figure 9.36 (a) Soil–water characteristic curves and (b) permeability functions for
colluvium and impeding layer (after Ng and Pang, 1998a).

cement and lime plastic cover called ‘chunam’ on many soil slopes. If no
proper maintenance is carried out, this type of surface covers will crack over
a period of time in service. Under this circumstance, the effectiveness of the
surface covers is in doubt and more understanding the role of the covers is
needed.

Here, an impermeable surface cover on the 55� steep colluvium cut slope
(see Figure 9.35) was modelled by a flux boundary with a zero percentage
of applied flux (i.e. no rainwater infiltrates the soil slope). Formation and
severity of cracks in colluvium were simulated by the percentage intake of
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the applied flux. The higher the percentage, the more severe the cracking. A
100 per cent of the applied flux is equivalent to no surface cover (i.e. 100
per cent of rainwater infiltrates the soil slope).

Figure 9.37 shows the pore water pressure distributions with depth at
section E–E in the cut slope after a 5-day rainfall which has an average
intensity of 120 mm/day. At one extreme, the presence of a perfect imper-
meable surface cover (i.e. 0 per cent of applied flux) preserves initial suction
in the ground very well. As expected, no significant increase of pore water
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Figure 9.37 Effects of surface cover on pore water pressure distributions at
section E–E (after Ng and Pang, 1998a).
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Figure 9.38 Factor of safety versus percentage of applied flux (after Ng and
Pang, 1998a).

pressures and rise of the main water table can be seen after the 5-day rain-
fall. On the other extreme, if the surface cover becomes ineffective (i.e. 100
per cent of flux), surface water infiltrates into the soil and causes a maximum
increase of pore water pressure (i.e. reduction of matric suction) of approx-
imately 30 kPa and a rise of the main water table from 40 to 41.3 mPD.
Between these two extremes, the pore water pressure responds non-linearly
with the percentage of applied flux. Modelling a larger percentage of flux
leads to a greater change in matric suction. Nevertheless, the most affected
zone due to infiltration falls within the top few metres of the slope. This
perhaps gives a theoretical explanation of why many slope failures in unsat-
urated residual and saprolitic soils are shallow in nature. Figure 9.38 shows
the calculated FOS varying with the percentage of applied flux. The FOS
decreases non-linearly as the percentage of the applied flux increases. This
is consistent with the pore water pressure response shown in Figure 9.37.

Influence of impeding layer on slope stability

In many natural slopes, hydraulic properties of soils such as saturated water
permeability may vary from place to place. The variations of the saturated
water permeability in the ground will affect the development of pore water
pressures and hence shear strength of the soil. The influence of a non-
uniform water permeability system on slope stability is not fully understood.
Here, a parametric study was conducted to investigate how the stability of
an unsaturated slope is affected due to the presence of a soil which has a
very different water permeability as compared with other soils existed in
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the same slope. To simplify the problem for the present study, only a single
soil layer called impeding layer was assumed to lie parallel to the natural
slope at varying elevations. For the purpose of the parametric study, this
impeding layer had the same mechanical properties, but with very different
hydraulic properties (see Figure 9.36), as the colluvium in the slope. The
elevation of the impeding layer varies and an expression �d/t	 is used to
represent the elevation of the impeding layer for each parametric analysis,
where d is the distance from the sloping ground surface to the bottom of
impeding layer, and t is the thickness of impeding layer which was assumed
to be 1 m in the study.

Figure 9.39 shows the contours of groundwater distributions in the
uniform (i.e. colluvium only) and the layered soil slopes after the 5-day
rainfall. Comparing the elevations of the main water table for the two
slopes, the rise of the main water table is larger in the uniform (collu-
vium only) than in the layered slope. As expected, the water permeability
of the impeding layer is lower than the one of the uniform slope. This
impeding layer serves as an impermeable cover with respect to the collu-
vium located underneath it. Relatively little water can infiltrate through the
layer for the given duration. Thus, a perched water table appears above

Perched
water

Impeding layer

Contours for
layered slope

Contour for 
uniform slope

Colluvium

Rock

Figure 9.39 Groundwater conditions in both uniform and layered slopes after 5-day
rainfall �d/t = 3� (after Ng and Pang, 1998a).
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Figure 9.40 Factor of safety versus �d/t� (after Ng and Pang, 1998a).

the impeding layer as shown in the Figure 9.39. If the rainfall continues,
the presence of the perched water may lead to a substantial rise of the
pore water pressures above the impeding layer and leads to shallow slope
failures.

Figure 9.40 shows the variations of FOS with the �d/t	 ratio. Initially the
FOS decreases with an increase in the �d/t	 ratio until a critical value, at
which the FOS is the lowest, is reached. After reaching the critical ratio, the
stability of the slope improves as the �d/t	 value further increases. In this
particular study, the critical d/t value is equal to 2. The existence of a critical
�d/t	 ratio may be explained by considering two extreme cases: d/t = l and
d/t = 20 (say). At one extreme (i.e. d/t = 1), this implies that the impeding
layer is just located at the ground surface. Very little infiltration is expected
and hence the stability of the slope is not likely to be affected by rainfall. At
the other extreme (i.e. d/t = 20), the presence of the impeding layer at such
a deep level is not likely to affect the distributions of pore water pressures
at shallow depths. The stability of the slope is not likely to be affected by
rainfall also. Therefore, there exists an intermediate but critical d/t ratio at
which the distributions of pore water pressures and hence the stability of
the slope are affected most.

Summary

• A series of finite element parametric analyses has been carried out to
investigate the influence of surface cover and impeding layer on tran-
sient seepage and hence slope stability in unsaturated soils. A typical
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unsaturated cut slope on a hillside in Hong Kong has been selected to
illustrate some key results from the parametric study.

• Based on the parametric study, it is found that the use of an imperme-
able surface cover on an unsaturated slope can substantially reduce the
change in soil matric suction and hence improve the stability of the
slope during rainfall. Once some cracks are formed in the cover,
the FOS decreases non-linearly with the number and size of the cracks
increase.

• When there is an impeding layer existed in an unsaturated slope, the
stability of the slope is generally affected. If the layer is located at
shallow depths, perched water table is likely to develop. By studying
various elevations of the layer, a critical elevation can be identified at
which the FOS of the slope is the lowest. For the cases considered in
this chapter, the most critical d/t value is equal to 2.

Numerical experiments of soil nails in loose fill
slopes subjected to rainfall infiltration effects
(Cheuk et al., 2005)

Introduction

Laboratory tests have demonstrated that loose granular soils such as sands,
silty sands or decomposed granitic soils may soften during undrained shear-
ing due to structural collapse (Castro, 1969; Vaid and Chern, 1985; Pitman
et al., 1994; Lade and Yamamuro, 1997; Zlatovic and Ishihara, 1997;
PWCL, 1998; Yamamuro and Lade, 1998; Ng et al., 2004a). The term ‘static
liquefaction’ derived from laboratory element tests is frequently adopted
to describe soil slope failures with a long travelling distance. In fact, static
liquefaction of a loose fill slope is very difficult (if not impossible) to be
verified in the field since no pore pressure measurements are available at the
time of failure. On the other hand, static (Take et al., 2004) and dynamic
centrifuge model tests (Ng et al., 2004c) have illustrated that the generated
positive pore pressures in loose decomposed granitic soil slopes are not large
enough to cause complete liquefaction even at a very high ground accelera-
tion of 0.3 g. Nevertheless, when these strain-softening soils are used as fill
materials in slopes and embankments, the reduction in shear strength trig-
gered by rainfall infiltration or rising groundwater table may lead to global
instability. The high mobility of the low strength debris could cause serious
destruction in urban areas. The 1976 Sau Mau Ping landslide in Hong Kong
(Hong Kong Government, 1977) that killed 18 people is a typical flow
failure of loose fill slopes.

Many existing loose fill slopes in Hong Kong were constructed prior to
the establishment of the Geotechnical Control Office (now the Geotech-
nical Engineering Office) in 1977. At that time, earthwork construction
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in Hong Kong was not subject to any regulatory geotechnical control.
Loose fill slopes were often constructed by dumping decomposed granitic
or volcanic soil without proper compaction to a desired density. These
slopes may be stable with the presence of suction. However, once the suc-
tion is destroyed, for example by rainfall infiltration, the loose fill mate-
rial might soften and exhibit a rapid and mobile failure upon undrained
shearing.

Following the recommendations set out by the Independent Review Panel
for Fill Slopes (Hong Kong Government, 1977), the current practice for
upgrading existing substandard loose fill slopes in Hong Kong consists of
excavating the top 3 m of the loose fill and recompacting the new filling
material to an adequate standard, together with the provision of a drainage
blanket at the base of the compacted fill. This approach has proved suc-
cessful for many existing fill slopes. However, due to the heavy machinery
required for the recompaction work, this procedure may be extremely diffi-
cult and it can be hazardous during the construction stage in many heavily
populated areas in Hong Kong. Moreover, slope failures during recom-
paction in wet weather have been reported. An alternative solution for the
safe upgrading of some of the existing loose fill slopes in Hong Kong in an
effective manner would be desirable.

One possible solution to this potential problem is soil nailing. Soil nails
have been widely used in upgrading cut slopes that are marginally safe.
The ease and speed of construction, together with the economies offered,
have led to a rapid increase in the use of soil nails. However, the suitability
of soil nailing in loose fill slopes has been a controversial question and
has generated many technical debates concerning the failure mechanism of
soil-nailed slopes. No rational conclusion can be reached due to a lack of
understanding of the interaction between the strain-softening material and
the soil nails (HKIE, 1998, 2003).

To investigate the possible behaviour of soil nails in loose fill slopes,
numerical analyses have been conducted using the finite different program
FLAC2D (Itasca, 1999). The strain-softening characteristic of loose fill mate-
rial was mimicked by a user-defined constitutive model (denoted as SP
model). The behaviour of loose fill slopes with and without soil nails sub-
jected to the effects of rainfall infiltration has been assessed. The modelling
procedure and findings are presented below.

Finite difference analyses

Slope geometry and soil nail arrangement

Two-dimensional plane-strain finite difference models were set up to repre-
sent a 20-m high loose fill slope with a face angle of 35� to the horizontal,
and a 2-m high retaining wall at the slope toe, as shown in Figure 9.41. The
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2 m
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(modelled by
Elastic Model)
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35°

Saturated loose fill zone (modelled by SP model)
Loose fill zone (modelled by an Elasto Plastic model with Mohr-Coulomb yield criterion)

Facing structure
(modelled by Pile Elements)

Soil nails
(modelled by Cable Clements)

17 m
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Figure 9.41 Slope geometry and finite difference mesh (after Cheuk et al., 2005).

boundary conditions of the models were taken as vertical rollers on the left
boundary with full fixity at the base. Sun (1999) reviewed the data collected
from about 2,000 existing fill slopes in Hong Kong and suggested that the
height of these slopes ranged from 5 to 25 m with a slope angle of between
30� and 45� to the horizontal. The model employed in this study therefore
represents typical fill slope geometry in Hong Kong.

The SP model was adopted in the finite difference zones at the top 3 m of
the slope, in which the soil is vulnerable to strain-softening upon wetting by
rainwater. The soil underneath was modelled by an elasto-plastic model with
a Mohr–Coulomb yield criterion, considering that the likelihood of strain-
softening due to surface infiltration at these deeper locations is relatively low.
Moreover, the user-defined SP model substantially increases the computer
time required in the analysis. Since the present study focuses on shallow
failures, it would unnecessarily increase the analysis time if the SP model
were used in all the soil zones in the slope.

For a nailed slope, 15 rows of soil nails were modelled by cable elements
available in FLAC2D. The lengths of the nails varied from 9 to 25 m.
The vertical spacing between each row of nails was approximately 1.5 m.
The lower ends of the bottom 9 rows of nails were attached to the lower
boundary of the finite difference grid to model the anchorage into the natural
ground. In one of the analyses, a facing structure, modelled by pile elements
in FLAC2D, was present in order to evaluate the possible beneficial effects
in the mobilization of nail forces. The simulated facing is a grid structure
consisting of vertical and horizontal concrete columns that connect all the
nail heads together (Figure 9.42). The upper ends of the nails were connected
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directly to the facing structure, whilst the lower end of the facing system
was attached to the toe wall.

Soil models

The SP model was developed based on the same principle as the liquefac-
tion model developed by Gu (1992) and implemented in FLAC2D by Sun
(1999) for the study of loose fill slope failures in Hong Kong. Cheuk (2001)
further improved the model by allowing an elastic response of the stress
path upon unloading from the collapse surface. This improvement allows a
more realistic stress redistribution in a soil-nailed slope.

A simplified representation of the SP model is given in Figure 9.43a and b.
The two-failure criteria at a particular void ratio, e, are plotted in q–p′ plane,
where q is the deviator stress and p′ represents the mean effective stress.
The SP model employs the collapse surface concept, which was introduced
by Sladen et al. (1985). They observed that for a given void ratio, the peak
strengths of soil specimens tested at different initial confining pressures lie
on a straight line (collapse line) that passes through the critical state. This
collapse line defines the stress condition for structural collapse in the q–p′

plane. In the same material tested at different void ratios, collapse lines with

Figure 9.42 A typical grid facing structure (after Cheuk et al., 2005).
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Figure 9.43 The SP model (a) q–p′ plane and (b) q–�s plane (after Cheuk et al., 2005).

the same slope were observed and these lines form the collapse surface in
the three-dimensional p′–q–e space.

One of the two-failure criteria in the SP model is used to mimic the col-
lapse surface. The Mohr–Coulomb failure criterion is used for this collapse
surface, whose inclination in the q–p′ plane is defined as Mcol, which is
assumed to be constant for different e. To present the three-dimensional
collapse surface in the two-dimensional q–p′ plane, the intercept of the col-
lapse line at the vertical axis is defined as a function of e. For soil elements
with different e values, collapse lines with different intercepts are used.
This also simulates the change in the critical state shear strength of the
soil element due to variations in density, as the intercept of the two-failure
criteria defines the critical state shear strength. Details of this function will
be discussed later.

The collapse of loose fill material is modelled assuming an undrained
condition. An illustration of the modelling of strain-softening is shown
in Figure 9.43a. A soil element is assumed to have an initial stress state
located at Point A in Figure 9.43a. Owing to the increase in pore water
pressure caused by surface infiltration, p′ of the soil element decreases.
Strain-softening is modelled to start under a constant e once the effective
stress path intercepts the collapse surface (i.e. Point B). As the shear strain
increases, the effective stress path corresponding to an increase in pore water
pressure is constrained to descend along the collapse surface towards the
critical state condition �p′

cs� qcs	 at Point D. When the critical state is reached,
the effective stress state will not vary any further by definition.

Before the critical state is reached, the mobilized deviator stress, qmob,
at intermediate stress states (i.e. Point C) is determined by the mobilized
shear strain, �s, experienced by the soil element as shown in Figure 9.43b.
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A hyperbolic equation was assumed for the stress–strain relationship in the
original model developed by Gu (1992). The same equation was adopted
here as follows:

qmob = qmax − �qmax −qcs	

√
1−

[
��smax −�s − s	

�smax

]2

(9.23)

where

s = �smax

⎡
⎣1−

√
1−

(
qmax −q1

qmax −qcs

)2
⎤
⎦

The terms in Equation (9.23) are defined as shown in Figure 9.43b where
qmax and �s max are two input parameters that define the shape of the
strain-softening curve. These parameters can be determined from laboratory
undrained triaxial tests and are constant for a particular soil. The param-
eter s is used to define the starting point of the strain-softening curve. As
shown in Figure 9.43b, this s value is actually controlled by q1 which is the
mobilized q when the effective stress path intercepts the collapse surface. In
the analyses, the total shear strain, �s, defined as the radius of the Mohr
strain circle, was calculated from the displacement vectors of a soil zone.

The other failure criterion is used to capture dilative behaviour of the
soil when the stress state is located on the dry side of the critical state line.
This state boundary surface below the critical; state is modelled by a Mohr–
Coulomb yield criterion (Figure 9.43a) with a positive angle of dilation. The
potential function is the same as the yield criterion. The details of the model
parameters will be discussed later.

For soil zones that are less likely to undergo strain-softening due to surface
infiltration (i.e. below 3 m) the built-in Mohr–Coulomb model in FLAC2D
was used.

Model for soil nails and soil–nail interface

In this study, soil nails were modelled by cable elements (Itasca, 1999).
These are one-dimensional axial elements that can yield in tension and
compression, but cannot sustain a bending moment. To simulate the transfer
of loading due to relative displacement between the soil and the nails, shear-
coupling springs were modelled at the nodal points of a cable element. The
shear behaviour of the grout annulus in a cable element during relative
displacement between the reinforcement and the soil was assumed to be
linear elastic and governed by the grout shear stiffness, Ksn. The maximum
shear force that can be developed in the grout, per unit length of element,
is defined by the input parameter, Fsn.
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Considering the possibility of strength reduction around the soil–nail
interface, the model was modified to allow adjustment of the frictional
resistance during strain-softening. The input parameter, Fsn, which defines
the maximum frictional resistance of the soil nails was defined as a function
of the available deviator stress, qav, of the confining soil element using
Equation (9.24) as the soil undergoes strain-softening once its effective stress
path reaches the collapse surface.

Fsn = qav

2
×� ×d� (9.24)

where d is the outside diameter of the nail–grout composite. The function
defining qav of the confining soil element is given by

qav = qcs +Mcol ×
(
p′ − qcs

M

)
if p′ > p′

cs (9.25a)

or by

qav = M ×p′ if p′ ≤ p′
cs� (9.25b)

These equations represent the two-failure criteria in the q–p′ plane as shown
in Figure 9.43a. The Mcol and M parameters are the inclinations of the two-
failure criteria, and p′

cs and qcs are the values of the two stress invariants at
the critical state. This approach conservatively adjusts the frictional resis-
tance of the soil–nail interface by assuming that it is the shear strength of
the soil when the soil starts to soften.

Model for facing structure

The structural facing in one of the analyses was modelled by pile elements
(Itasca, 1999). The interaction between the pile elements and the soil is
controlled by the shear and normal coupling springs at the nodal points.

The behaviour of the shear coupling springs in the pile elements is identical
to that of the cable elements described in the previous section. The stiffness of
the shear coupling springs in the pile elements is denoted by Ksf and it has the
same definition as the Ksn value in the cable elements. The maximum shear
force, Fsf , that can be developed along the pile–soil interface is a function of
the cohesive strength of the interface, Csf , and the stress-dependent frictional
resistance, �sf , along the interface. This is represented numerically by the
equation

Fsf

L
= Csf +p′ tan�sf ·Pf (9.26)
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where p′ is the mean effective confining stress normal to the pile element; Pf

the exposed perimeter of the pile element and L the length of the soil–nail
segment.

The behaviour of the pile–soil interface in the normal direction is assumed
to be linear elastic. The normal force developed during relative normal
displacement between the pile nodes and the grid is governed by the stiffness
of the normal coupling spring, Knf . A pair of limiting normal forces is
required in the model. These forces are dependent on the direction of the
movement of the pile node. The maximum compressive force is defined by
the input parameter Cnf , whereas the parameter Tnf controls the maximum
tensile force in the normal direction.

Input parameters for the soil models

The input parameters for the SP model adopted in this study are tabulated
in Table 9.8. They were obtained from published laboratory test results
on Hong Kong fill materials, mainly from the investigations of the 1976
Sau Mau Ping landslides (Hong Kong Government, 1977). Some simple
assumptions have been made if the parameters are not available from the
laboratory test results.

Two material parameters, dry density, �d, and porosity, n, of the saturated
loose fill material were assumed to be 1�400kg/m3 and 0.44, respectively.
The bulk modulus, K, and the shear modulus, G, were obtained based on
correlations between Young’s modulus, E, and SPT-N values (Chiang and
Ho, 1980). A typical SPT-N value of 10 and a Poisson’s ratio, �, of 0.3
were assumed.
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In the SP model, each failure criterion requires three input parameters,
including the effective cohesion, c′ and the effective friction angle �′, as
well as an angle of dilation, �. The parameters c′

1� �′
1 and �1 were adopted

for the Mohr–Coulomb yield surface below the critical state line as shown
in Figure 9.43a. They were deduced from the 1976 Sau Mau Ping investi-
gation to be c′

1 = 0� �′
1 = 36�8� �M = 1�5	. The angle of dilation, �1, was

taken as 15�.
For the collapse surface shown in Figure 9.43a, the parameters c′

2� �′
2

and �2 were adopted to define it. Based on undrained triaxial test results
from Hong Kong fill materials (PWCL, 1998), an average value of 25� was
adopted for �′

2. This is equivalent to an Mcol of 0.984 in the q−p′ space. At
the critical state, the angle of dilation, �2, was 0�. As mentioned before, the
intercept of the collapse surface at the vertical deviator stress axis, which
is c′

2, is a function of e. Since c′
2 governs the critical state shear strength,

the relationship between c′
2 and e can be derived from the critical state line

equation, which is given by

qcs = M exp
[

� −e−1


]
� (9.27)

where M� � and  are the critical state parameters. Based on measurements
from the Sau Mau Ping loose fill material, the critical state parameters can
be taken as

M = 1�5 ��′ = 36�8�	,
 = 0�108 and
� = 2�2.

By substituting these values into Equation (9.27), the relationship between
c′

2 and e can be obtained after the transformation from the q −p′ space to
the Mohr–Coulomb � −� space. The relationship is given by

c′
2 = f�e	 = 0�25exp�10�67 −9�27e	 (9.28)

In the analyses, the value of e required in Equation (9.28) is determined by
the stress p′ of a soil zone at the end of the formation of the slope. The
correlation between e and p′ was obtained through laboratory tests on local
fill materials (PWCL, 1998) and can be represented by the equation

e = 1�12−0�222 log p′� (9.29)

For tensile failure, the input parameter T , which governs the location of the
tension cut-off line, was set to zero to ignore any tensile strength of the soil.

The parameters qmax and �s max were determined from undrained triaxial
tests on Hong Kong decomposed granites (PWCL, 1998). To achieve similar
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Figure 9.44 Comparison of post-peak strain-softening behaviour between experi-
mental results and simulation by the SP model (after Cheuk et al., 2005).

strain-softening pattern, the qmax value was set to 4.5 times the qcs value and
the nominal value of �s max = 0�15 was adopted in the analyses. Figure 9.44
compares the post-peak strain-softening behaviour between experimental
results measured from triaxial tests and the simulation obtained by the SP
model. The comparison demonstrates that the selected model parameters
closely mimic the loss of shear strength, which is a key component of the
SP model.

Input parameters for the soil nail system

The input parameters for the soil nails are tabulated in Table 9.9. They were
determined based on a 32-mm diameter steel bar installed in each 100-mm
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diameter drilled hole. The soil nails were modelled at a horizontal spacing
of 1.5 m, material properties were therefore divided by 1.5 to take account
of the horizontal spacing of the elements in plane-strain conditions (refer to
Table 9.9). The cross-sectional area, An, of the cable element was taken to be
8×10−4 m2/m run. The maximum tensile force that can be developed in the
nails was calculated by assuming the tensile yield strength to be 460 MPa,
implying a Yn value of 245 kN/m run. The stiffness of the cable element,
En, has the same definition as the Young’s modulus and was taken to be
133 GPa/m run. The Fsn value was defined as a function of p′ of the confining
soil element (Equations 9.24 and 9.25). In order to incorporate the increase
in shear stiffness of the grout, a relatively large Ksn of 22,000 kN/m/m run
was assumed, corresponding to a shear modulus of 60,000 kN/m/m run.
The stiffness of the soil–grout interface may be lower in practice, requiring
larger strains for developing the nail forces. Nevertheless, parametric studies
(Cheuk, 2001) have illustrated that a reduction of grout stiffness would
not make significant difference to the principal observations made from the
results of the present study.

The input parameters for the facing structure are tabulated in Table 9.10.
The facing structure of the soil nails was assumed to consist of 300 mm wide
×300mm deep reinforced concrete columns at 1.5 m horizontal/vertical
spacing. For plane-strain simplification in the numerical analyses, material
properties were divided by 1.5 to allow for effects of horizontal spacing
(refer to Table 9.10).

Since only the bottom face of the beams interacts directly with the soil,
the exposed perimeter, Pf , was assumed to be 0.3 m/m run. The Young’s
modulus of the concrete beam was taken as 20 GPa/m run. The stiffness of
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the shear and normal springs was based on the shear and bulk modulus of the
soil, which are 5769 and 12,500 kPa, respectively. The ultimate resistance
of the shear coupling springs along the interface between the facing and the
slope surface is governed by Equation (9.26) with Csf = 0 and �sf = 30�.
This set of low c′ −�′ values conservatively estimates the frictional resistance
between the facing and the soil. The limiting compression force, Cnf , in the
normal coupling spring was assumed to be very high (106 kN/m run), and
the maximum tensile force, Tnf , was not input into the analysis, so it was
therefore assumed to be zero.

Analysis programme and modelling procedure

Three analyses were carried out to examine the behaviour of loose fill
slopes with and without soil nails subjected to undrained collapse brought
about by rainfall infiltration. The first analysis established a benchmark to
demonstrate the modelled behaviour of a loose fill slope without soil nails
under the applied pore pressure conditions. The second case was used to
study the behaviour of soil nails in loose fill slopes, but without nail heads
or a facing structure at the slope surface. The third analysis was used to
investigate the role of the facing structure in a nailed loose fill slope.

The modelling procedures can be divided into four stages as follows.

STAGE 1 – FORMATION OF THE LOOSE FILL SLOPE

The fill slope was gradually built up in layers approximately parallel to
the slope surface. After the placement of each soil layer, it was assumed
that static equilibrium condition was achieved. This step-by-step process
simulates the initial shear stress mobilization that is likely to occur in the
field during the construction of the fill slope. This construction stage was
modelled in a fully drained condition. The bulk modulus of water was set to
zero, so no excess pore pressure was generated at this stage. Subsequently,
an initial pore water pressure distribution in the slope was assigned as shown
in Figure 9.45. The distribution assumes a groundwater table located at 2 m
above the in situ ground, which is the lower boundary of the grid. The soil
above the groundwater table was assumed to be unsaturated. The negative
pore pressures were calculated based on hydrostatic conditions. The average
suction existing in the slope was limited to 50 kPa. The purpose of having
suction at this stage was to ensure that the stress state in the top 3 m of soil
was below the collapse surface (refer to Figure 9.43a) before wetting, as this
is likely to be the situation in the field. Once the top 3 m of soil has been
wetted by the effects of rainfall infiltration, full saturation was assumed.
Hence, the over-estimation of soil shear strength due to suction will only
affect the soil at depths deeper than 3 m.
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Figure 9.45 Initial pore pressure distribution before the simulations of the effects of rainfall
infiltration (after Cheuk et al., 2005).

STAGE 2 – INSTALLATION OF SOIL NAILS IN LOOSE FILL SLOPES

The installation of soil nails was modelled by specifying the geometries and
the structural properties of the cable elements in the loose fill slope models.
In the third analysis, the properties of the pile elements which modelled the
facing structure were also specified at this stage.

STAGE 3 – SIMULATION OF THE EFFECTS OF RAINFALL INFILTRATION

The actual process of rainfall infiltration was not modelled in the numerical
analysis. What was simulated was the effects of stress changes in the soil
caused by surface infiltration after heavy rainstorms. In order to mimic the
effects, the suction profile in the top 3 m was replaced by a triangular pore
water pressure distribution with 0 at the slope surface and 10 kPa at the
bottom of the 3-m wetted zone. For soil at depths below 3 m, the pore
water pressure (or suction) remained unchanged, as shown in Figure 9.45.
This simulates the existence of a relatively impermeable layer at a depth of
3 m, while a perched water table at 3 m depth is allowed to build up. The
depth of the wetted zone was selected based on the observation that the
failure zone in the 1976 Sau Mau Ping landslide was generally confined to
the top 3 m of the slope (Hong Kong Government, 1977). Trial runs were
conducted and the results show that values smaller than 10 kPa would not
trigger global failure. Consequently, a value of 10 kPa was selected for the
pore pressure at the bottom of the wetted zone.

Take et al. (2004) conducted static centrifuge model tests to investigate
the failure mechanisms of layered fill slopes formed by decomposed granitic



 

588 Field trials and numerical studies in slope engineering

soils. Failures were triggered by building up localized transient pore water
pressures in a 1-m coarse granitic soil layer which is overlaid by a 2-m fine
granitic soil to mimic possible heterogeneity formed during the construction
of the fill slope. The results showed that a pore water pressure of 16 kPa was
required to trigger global instability. This has a similar magnitude compared
to the loading conditions employed in the present study.

STAGE 4 – EVALUATION OF GLOBAL STABILITY

The global stability of the slope was then evaluated by carrying out dynamic
equilibrium calculations using FLAC2D assuming an undrained condition.
Dynamic instead of static analysis was chosen because it can achieve a
numerically stable solution even when the problem is not statically stable.
The calculation is based on a finite difference scheme to solve the full
equations of motion, using a lumped mass derived from the real density of
the surrounding zones (Itasca, 1999). With this approach, the development
of large strains and displacements before failure can be examined. Moreover,
the dynamic formulation has an advantage in modelling physical processes,
in which time is physically meaningful. As such, development of any possible
failure mechanism can be explained in a manner that includes the time
required for the failure to occur.

In each case, dynamic analysis was carried out for 60 prototype sec-
onds if no numerical problem was encountered. Each time step was taken
to be 10−5 s. The finite difference grid was updated automatically as grid
displacements were calculated.

Computed results

Initial stress distributions in the loose fill slope

The distributions of p′ and q at the end of the construction stage are shown in
Figure 9.46. It can be seen that, due to the presence of the groundwater table
(refer to Figure 9.45), which reduces the effective stress of soil underneath
it, the contour lines of p′ are not parallel to the slope surface at depths below
3 m. For the top several meters, where suction is assumed to be constant
�u = −50kPa	, the inclination of the contour lines is approximately equal
to the slope angle. It is important to note that the p′ of the soil near the toe
was generally higher than that in the soil near the crest at the same depth.
This was caused by the higher lateral stress exerted on the soil near the toe.
The maximum difference was about 25 kPa when a soil layer at the same
depth was compared.

For q, which is not affected by the pore water pressure, the contour lines
are approximately parallel. Nevertheless, they are not parallel to the slope
surface. The mobilized in situ shear stress near the toe was generally higher
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Figure 9.46 Stress distributions at the end of formation: (a) mean effective stress, p′ , and
(b) deviator stress, q (after Cheuk et al., 2005).

than the shear stress near the crest. Although the maximum difference of q
in this case was also about 25 kPa at the same depth, the effect was more
significant than in the case of p′, because it represents a higher percentage
difference, especially near the slope surface.

Behaviour of un-reinforced loose fill slopes

STRESS DISTRIBUTION SUBJECTED TO THE EFFECTS OF SURFACE INFILTRATION

Figure 9.47 shows the distributions of p′ and q in the loose fill slope imme-
diately after the simulation of the effects of surface infiltration. Due to an
increase in pore water pressure, the p′ of the top 3 m of soil decreased. Since
a hydrostatic condition was assumed when the positive pore water pressure
built up, the change in p′ in the soil at the bottom of the 3-m wetted zone
was higher than that in the soil near the slope surface. The distribution of q
in the loose fill slope was found to be unchanged, because q is not affected
by pore water pressure.
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Figure 9.47 Stress distributions to the effects of surface infiltration: (a) mean effective
stress, p′ , and (b) deviator stress, q (after Cheuk et al., 2005).

Figure 9.47 also shows that only one zone has initiated strain-softening
after the increase in pore water pressure. In the SP model, strain-softening
was assumed to have initiated when the effective stress path of a soil zone
intercepts the collapse surface. This localized softening zone initiated at the
toe where in situ shear stress was higher (Figure 9.45).

DEVELOPMENT OF THE FAILURE MECHANISM

The behaviour of the un-reinforced loose fill slope was monitored for only
22 s of prototype time before the grid was distorted to a state at which
further calculations could not be performed. To demonstrate the develop-
ment of the failure mechanism in the numerical model, the behaviour of
the loose fill slope model before failure was examined. It was found that
the development of the entire failure mechanism could be divided into two
stages.

As shown in Figure 9.48, the first stage is the propagation of the strain-
softening zone caused by the effects of surface infiltration. As mentioned
before, the localized softening zone first appeared near the toe of the slope
(refer to Figure 9.47). Due to the failure of this zone, additional shear stress



 

Engineering applications for slope stability 591

 

0.1 seconds 0.2 seconds

0.3 seconds 0.4 seconds

Unaffected zone (assumed)
Remains elastic 
Strain-softening initiated

10 m0
Scale

Figure 9.48 Development of progressive failure in the loose fill slope (after Cheuk
et al., 2005).

was mobilized at other locations in the slope due to stress redistribution.
This enlarged the extent of the softening zone. At 0.3 s of prototype time,
about half the soil zones in the top 3 m had begun to soften. Owing to
the relatively higher in situ shear stress (refer to Figure 9.46), the softening
zone was concentrated at the bottom of the 3-m wetted zone. Although
strain-softening was initiated in a large number of the soil zones in the 3-m
wetted zone, the associated deformation in this first stage was relatively
small. The maximum total displacement in the slope at 0.4 s of prototype
time was only 0.02 m, and the maximum shear strain was about 0.6 per cent.
Moreover, the rate of propagation of the softening zone began to decrease
at 0.3 s. The number of softening zones at 0.4 s was similar to that at 0.3 s.
This indicates that the demand for shear stress was reduced due to stress
redistribution.

The second stage of failure involved straining of the failed soil zones
due to their inherent strain-softening characteristics. As the shear strength
of the ‘failed’ soil zones decreased, the demand for shear stress increased
again. This led to further propagation of the softening zone. Because of the
continuous reduction in shear strength of the failed soil, an unbalanced force
in the slope built up, and excessive displacement was therefore induced.
When the shear deformation of the soil zone was large enough, calculations
could no longer be performed. This occurred at 22 s in the numerical model.
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DEFORMATION AND FAILURE MECHANISM

The behaviour of the un-reinforced loose fill slope at failure is summarized in
Figure 9.49a–c. It can be seen from Figure 9.49a that excessive deformation
was triggered in the top 3 m of the slope, and the maximum calculated
displacement at this moment was over 5 m. The failure mechanism involves
a well-developed shear band at shallow depths. The mobilized shear strain
(Figure 9.49b) along the concentrated shear zone was generally greater than
50 per cent, indicating extremely large shear deformation. Figure 9.49c
shows the extent of strain-softening at 22 s. A large proportion of the soil
zones within the top 3 m have triggered strain-softening. The development
of the softening zone is caused by two mechanisms as explained in the
previous section.

The deformation mechanism depicted in Figure 9.49a–c resembles the
observations obtained from 1976 Sau Mau Ping landslide. The report (Hong
Kong Government, 1977) described the failure as an almost instantaneous
conversion of the slope into a mud avalanche with considerable destructive
energy. This is consistent with the very large displacements calculated from
the analysis.

The results of this analysis are also consistent with the observations
reported by Yoshitake and Onitsuka (1999). They used a centrifuge to study
the failure mechanism of slopes filled with statically compacted decomposed
granite subject to rainfall. They observed that local failure occurred initially
at the toe, gradually reached the top of the slope and finally resulted in
global failure of the slope.
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Figure 9.49 Loose fill slope at 22 s: (a) displacement vectors, (b) strain distribution and
(c) extent of strain-softening (after Cheuk et al., 2005).
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Behaviour of nailed loose fill slopes with and without facing structure

DEFORMATION PATTERN AT 22 S PROTOTYPE TIME

To compare with the results from the un-reinforced loose fill slope, sim-
ulations with the two nailed loose fill slopes (with and without a facing
structure) at 22 s were examined. Figure 9.50a and b show the calculated
displacements in the nailed loose fill slopes at 22 s. In both cases, the defor-
mation pattern is similar to that of the loose fill slope without nails, which
involves mainly deformations at shallow depths. This implies that deep-
seated movement was not mobilized by the soil nails which can transfer the
loading at shallow depths into deeper ground. This may be partly due to
the anchorage of the soil nails in the natural ground, which prohibits the
development of deep-seated failure. Suction, which remains in the deeper
soil zones and increases the shear strength of the soil, also contributes to
this observation.

When compared with Figure 9.49a, it can be seen in Figure 9.50a that
when nails are installed in a loose fill slope without a facing structure, the
maximum displacement decreased from 5.2 to 0.4 m at 22 s. As shown in
Figure 9.50b, the maximum displacement decreased further to 0.1 m when
the nails were connected to a facing structure at the slope surface. Apart from
displacement, the maximum shear strain in the nailed slope also reduced
from 100 to 10 per cent at 22 s when soil nails were installed in the slope.

Vector scale
0.5 m (a)

(b)

Maximum
displacement: 0.1 m

Maximum
displacement: 0.4 m

10m0 
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Figure 9.50 Displacement vectors in the nailed loose fill slopes at 22 s: (a) without
facing and (b) with facing (after Cheuk et al., 2005).
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Figure 9.51 Nail forces mobilized in the nailed loose fill slopes at 22 s: (a) without
facing and (b) with facing (after Cheuk et al., 2005).

For the nailed slope with a structural facing, the mobilized shear strain was
in the range of 1 to 2 per cent at 22 s.

The improvement in stability observed in the nailed slopes was caused
by the mobilized nail forces as shown in Figure 9.51a and b. Without
a facing structure, the maximum mobilized nail force was about 100 kN
(Figure 9.51a). However, it is important to be aware that the mobilized
nail forces near the slope surface were relatively small, which can be
attributed to the low confining stresses at shallow depths. With the fac-
ing (see Figure 9.51b), the maximum nail force increased to about 200 kN.
Moreover, the mobilized nail forces were almost evenly distributed through-
out the entire length of the soil nails. This suggests that the tensile forces in
the soil nails were mobilized by the movement of the facing instead of by
relative movement between the soil and the soil nails. This also highlights
the importance of the anchorage of the nails into the natural ground, which
is a key assumption in the present study. The mobilization of nail forces
could only rely on the friction resistance along the nails, which can be very
low in strain-softening materials, if anchorage were not present.

DEFORMATION PATTERN AT 60 S PROTOTYPE TIME

Figure 9.52a and b show the displacement vectors in the nailed loose fill
slopes at 60 s. It can be seen from Figure 9.52a that, when the slope was
upgraded by soil nails only, the maximum displacement could reach 6 m at
60 s prototype time. The corresponding shear strain was over 100 per cent.
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Figure 9.52 Displacement vectors in the nailed loose fill slopes at 60 s: (a) without
facing and (b) with facing (after Cheuk et al., 2005).

A well-defined failure mechanism, which involved the development of a
shallow flow slide, was observed. It is of interest to point out that extremely
large relative displacement was observed between the failure mass and the
upper part of the soil nails. This was caused by the low frictional resistance
at the soil–nail interface at shallow depths due to the low confining stresses.
Moreover, strain-softening of the surrounding soil further reduced the fric-
tional resistance of the upper part of the soil nails. This resulted in a global
failure in the nailed loose fill slope. Although the failure was delayed by the
presence of soil nails, there was no reduction in the travel distance of the
debris as indicated by the large displacement vectors in Figure 9.52a.

For the nailed loose fill slope reinforced with a facing structure, the max-
imum displacement was only 0.3 m at 60 s of prototype time, as shown in
Figure 9.52b. The corresponding shear strain was about 8 per cent. Although
deformation was still triggered by the effects of rainfall infiltration, the mag-
nitude was greatly reduced. Complete static equilibrium was not achieved
in the analysis at 60 s, but the numerical model was stabilizing, as indicated
by the decreasing rate of deformation. Maximum incremental displacement
reduced from the maximum value of 0.42 m/s at 40 s to 0.12 m/s at 60 s of
prototype time after sliding failure of the loose fill began. More evidence
for the stabilizing trend will be discussed when the development of the nail
forces and structural forces in the slope are presented in later sections.

The tensile forces mobilized in the two nailed loose fill slopes with and
without a facing at 60 s are shown in Figure 9.53a and b. As shown in
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Figure 9.53 Nail forces mobilized in the nailed loose fill slopes at 60 s: (a) without
facing and (b) with facing (after Cheuk et al., 2005).

Figure 9.53a, the maximum induced-tensile force was about 110 kN without
the facing. It should be noted that only very small �< 10kN/m	 tensile forces
were mobilized at shallow depths when the soil nails were not attached to
any facing structure at the slope surface. This led to the flowing of the failure
soil mass through the upper part of the soil nails as previously described.
For the nailed slope with the facing (Figure 9.53b), the maximum tensile
force developed in the soil nails was about 230 kN at 60 s of prototype time,
which corresponds to a mobilization of 94 per cent of the yield force of the
steel bar. Again, the uniformly distributed nail forces along the soil nails
suggest that the tensile forces were induced by movement of the facing. The
mobilized nail forces in the upper rows were significantly lower due to the
free boundary conditions assumed at the bottom ends of these nails. This
once again highlights the importance of the anchorage of the nails.

Tang and Lee (2003) and Zhang et al. (2006) described a series of cen-
trifuge tests conducted on loose fill slope models reinforced by soil nails
aiming at studying the behaviour of the soil nails when the models were
subjected to rainfall infiltration coupled with rising groundwater table. The
nails in the models penetrated deep into the slope to ensure good anchorage,
while the other ends of the nails were fixed by a face plate. Although the
loading conditions were different from that assumed in the present study,
the results showed that the presence of the soil nails significantly reduced
the deformation in the slope. These results are in good agreement with the
observations obtained in the present study.
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THE ROLE OF THE SOIL NAILS AND THE FACING STRUCTURE

The results of the analyses suggest that soil nails function differently depend-
ing on whether a face support structure is present at the slope surface.
In the absence of a facing structure or nail heads, the soil nails bore the
loading generated from the failing mass directly by frictional resistance at
the soil–nail interface. However, due to the low confining stresses near
the slope surface, flow-type failure around the soil nails could still occur.
Although tensile forces of about 110 kN were mobilized in the soil nails
(refer to Figure 9.53a), they were concentrated deeper in the slope, presum-
ably caused by the fix boundary conditions at the ends of the nails at the
lower part of the slope. The high assumed shear stiffness of the grout was
also responsible for the relatively high nail forces which could be mobilized
at very small soil displacements. These nail forces prevented the soil nails
from pulling out of the slope. When compared to the un-reinforced loose
fill slope, the soil nails undoubtedly reduced the deformation caused by
strain-softening in the early stage due to the increase in the initial stiffness
of the slope. However, this can only delay the development of the shallow
failure, but not prevent it from happening.

When the soil nails were connected to a facing structure at the slope
surface, the whole soil nail system behaved like an earth-retaining structure
anchored with soil nails. When a potential flow slide was initiated by the
strain-softening of the filling material, the movement of the sliding mass was
restricted due to the presence of the facing. As the soil pushed the facing
away from the slope, axial forces and bending moments were induced in the
facing. Simultaneously, tensile forces were mobilized in the soil nails. The
development of nail forces and structural forces in the facing are presented
in Figure 9.54. It can be seen that the nail forces increased until 40 s of
prototype time. Afterwards, the mobilized tensile forces became stable. This
may indicate that the system had achieved a state of static equilibrium
and the required resistance from the soil nails had been fully mobilized.
Figure 9.54 also indicates that the bending moment increased until 40 s.
This is consistent with the observed nail forces. The value of the axial force
in the facing increased continuously until 60 s. Nonetheless, a shape change
was observed at 40 s.

The development of the nail forces and structural forces in the facing
indicates that the stabilizing mechanism in the nailed loose fill slope relied
on the structural facing, which resisted the forces generated from the poten-
tial failure mass. These forces were eventually sustained by the pull-out
resistance of the soil nails deeper in the ground through the development of
tensile forces in the nails.

The pattern of the mobilized nail forces (refer to Figure 9.53b) suggests
that a portion of the resistance comes from the bottom rows of the soil
nails. Although this might be due to the boundary conditions assumed in the
analyses, it would be beneficial from a practical point of view if soil nails
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Figure 9.54 Development of nail forces and structural forces in the facing (after Cheuk
et al., 2005).

are only needed at the lower part of a slope, where failure is initiated as
demonstrated in the analysis of an un-reinforced slope. This requires further
study to substantiate.

A preliminary design guide has been published for the design and use of
soil nails in loose fill slopes in Hong Kong (HKIE, 2003). The work carried
out to prepare the guide has been described in subsequent publications and
covers the following:

• the numerical study described above (Cheuk et al., 2005),
• laboratory tests on saturated and unsaturated loose fills (Ng and Chiu,

2001, 2003; Ng et al., 2004a),
• static and dynamic centrifugal model tests (Ng et al., 2002b; Ng et al.,

2004c, 2006; Zhang et al., 2006),
• pull-out tests and field trials (Tang and Lee, 2003).

Conclusions

• Three sets of finite difference analyses were conducted to explore the
operating mechanism of soil nails in loose fill slopes. The characteristics
of strain-softening material in the fill slopes were mimicked using a
user-defined strain-softening soil model. The first analysis acted as a
benchmark to illustrate the modelled behaviour of un-reinforced loose
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fill slopes subjected to the effects of rainfall infiltration. The numerical
results indicate that shallow failure can develop in a loose fill slope
when the pore water pressure in the top 3 m of fill material increases.
Global failure was found to begin near the toe of the slope.

• The numerical analyses showed that when soil nails were installed in a
loose fill slope without nail heads or a facing structure, global sliding
failure occurred. The predicted failure mechanism was similar to that
of a loose fill slope without soil nails. Although the development of
global failure was delayed by the presence of soil nails, the low frictional
resistance of the nails at shallow depths failed to arrest the development
of a flow slide.

• The deformation of the loose fill slope was found to be greatly reduced
if the soil nails were connected to a facing structure at the slope sur-
face. The entire nail-facing structure acted as an earth-retaining struc-
ture. Global failure due to rainfall infiltration was avoided under the
modelled conditions. The facing was found to play a key role in the
stabilizing mechanism. As the facing was pushed by the failing soil mass,
high tensile forces were mobilized in the soil nails. The applied loading
generated from the potential sliding mass was then transferred to the
frictional resistance between the soil and the nails deeper in the ground.

Effects of conjunctive modelling on slope stability
(Tung et al., 2004)

Introduction

Landslides cause enormous economic losses and threaten public safety in
many countries around the world. Among various mechanisms causing land-
slides, rainfall infiltration is one of the major triggering factors leading to
slope failures. Infiltration is a process by which rainwater moves downwards
through the earth surface to the soil underneath. As rainwater continues to
infiltrate into an initially unsaturated soil slope, it would gradually reduce
negative pore water pressure (suction) in the slope and weaken the slope
stability. Therefore, a realistic modelling and predictive tool is essential to
analyse transient seepage and pore pressure distributions in both saturated
and unsaturated soil slopes. Many conventional approaches in modelling
subsurface flow are to uncouple infiltration and run-off processes during a
storm event. For simplicity, run-offs are assumed to be discharged instantly
and the surface water depth can be thought as zero. Lam et al. (1987)
is among the earliest researchers to apply finite element method to solve
saturated–unsaturated seepage problem in geotechnical engineering. Ng and
Shi (1998) conducted the parametric study on stability of unsaturated soil
slope subjected to transient seepage using the two-dimensional finite element
program SEEP/W. Furthermore, Tung et al. (1999) and Ng et al. (2001b)
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performed a three-dimensional numerical investigation of rainfall infiltra-
tion in an unsaturated soil slope subjected to various rainfall patterns. In
most of these subsurface flow models, infiltration amount (or coefficient
of infiltration) is specified in advance. In reality, variations of infiltration
amount during a rainstorm event cannot be estimated easily unless interac-
tions between rainfall, infiltration and surface run-off processes are properly
considered and modelled.

The coupled process of surface–subsurface flow is initially investigated
by hydraulic and hydrological engineers. Akan and Yen (1981) developed a
conjunctive one-dimensional surface flow and two-dimensional subsurface
flow model. Recently, Morita and Yen (2002) further presented a conjunc-
tive two-dimensional surface flow and three-dimensional subsurface flow
model. Regarding surface flow modelling in hydraulic engineering, channel
slopes are rather small as compared with the slope angle of natural, fill and
cut slopes encountered in geotechnical engineering. Hence, the surface flow
governing equations should be modified to accommodate the steep slope
condition. Kwok (2003) investigates the coupled surface–subsurface flow
in steep slopes using finite difference method. While hydraulic engineers
mainly concern with water balance in the flow analysis, geotechnical engi-
neering applications are more interested in the spatiotemporal distribution
and variation of pore water pressure.

In this chapter, a new conjunctive surface–subsurface flow model is devel-
oped to consider the interaction between surface and subsurface flows in
transient seepage analysis of initially unsaturated soil slopes. Comparisons
between computed pore water pressure distributions from uncoupled and
coupled analysis will be presented and discussed. The implications of the
differences in pore water distribution on slope stability will be illustrated.

Conjunctive surface–subsurface flow model

Surface flow submodel

The basic equations describing gradually varied unsteady shallow water flow
are commonly known as the ‘Saint Venant equations’, which are developed
for low inclination slopes. In order to describe the behaviour of surface flow
on steep slopes, Yen (1977) modified the governing equations to accom-
modate the rapid varied unsteady flow condition using a new coordinate
system as shown in Figure 9.55.

For one-dimension surface flow, the modified governing equations are as
follows:

�h

�t
+ ��uh	

�x
= r − f (9.30a)

��uh	

�t
+ ��u2h	

�x
+gh cos �

�h

�x
= gh�S0 −Sf	 (9.30b)
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Figure 9.55 Variables used in Saint Venant equations (after Tung et al., 2004).

where the positive x-axis direction is along the ground surface downwards;
the y-axis is perpendicular to the x-axis as illustrated in Figure 9.55; t is
time; h is the surface water depth; u is the mean velocity along x-axis; � is
the slope angle measured from the horizontal plane; S0 = sin�, the bottom
slope; Sf is the friction slope; r is the rainfall intensity or lateral inflow; f is
the infiltration rate and g is the gravitational acceleration.

To determine the friction slope Sf in Equation 9.30, the Darcy–Weisbach
equation is used by Morita and Yen (2002), i.e.

Sf = fd
u2

8gh
(9.31)

where fd is the frictional resistance coefficient, which is a function of
Reynold’s number, Re = �uh	/�, with � being the kinematic viscosity, and
can be determined by

fd =
24+660

(
r

3
√

g�

)0�4

Re
(9.32)

for laminar flow with Re < 500; while

fd = 0�223

Re
0�25 (9.33)

for transitional flow with 500 < Re < 30�000; and

fd = 1
4

[
− log

(
ks

12R
+ 1�95
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0�9

)]−2

(9.34)



 

602 Field trials and numerical studies in slope engineering

for turbulent flow with Re > 30�000, where ks is the equivalent sand grain
roughness size and R is the hydraulic radius of the flow.

Subsurface flow submodel

Saturated–unsaturated subsurface flow is governed by Richard’s equations.
The two-dimensional Richard’s equation with total head as the main vari-
able can be expressed as:

�

�x

(
kx

�Hw

�x

)
+ �

�y

(
ky

�Hw

�y

)
+Q = mw�w

�Hw

�t
(9.35)

where mw = ��w/�uw represents the slope of the SWCC; uw is the pore
water pressure; �w is the volumetric water content; �w is the unit weight of
water; kx and ky are the hydraulic conductivities in the x- and y-directions,
respectively. In the saturated zone, kx and ky are the saturated hydraulic
conductivities in each direction, �w is the saturated volumetric water content,
and mw is equal to zero under the assumption of incompressibility of both
water and soil structures. In the unsaturated zone, however, kx� ky� �w

and mw all vary with pore water pressure uw. Given the boundary and
initial conditions, Richards’ equation can be solved numerically by the finite
element method or the finite difference method.

Conjunctive surface–subsurface flow model

The conjunctive surface–subsurface flow model consists of surface flow
governing equations (Equations 9.30a and b) and the subsurface flow gov-
erning equation (Equation 9.35) through for interface infiltration. Two sets
of equations are solved separately and iteratively during the same time step
to determine infiltration following the algorithm shown in Figure 9.56.

Here the procedure is to firstly apply the full rainfall intensity at a time
step to the slope surface as a flux boundary from which the subsurface
flow submodel solves for the pore water pressure distribution. If positive
water pressure does not occur on the slope surface, then the slope surface
is not saturated and all rainwater infiltrates into the slope. Otherwise, the
slope surface is saturated and so not all rainwater can enter the slope,
whence surface run-off will occur. To estimate the surface water depth,
Equation (9.36) is used (Morita and Yen, 2002) as follows:

Y = h+ r�t (9.36)

where h is the surface water depth at the previous time step; r is the rainfall
intensity; and �t is the time increment. Before run-off generation, the surface
water depth h is set to be zero initially.
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Figure 9.56 Flow chart for solving conjunctive surface–subsurface flow model (after
Tung et al., 2004).

Secondly, Y is used as the head boundary to calculate the subsurface flow
once again. The infiltration rate through this head boundary interface can
then be back-calculated. The rainfall intensity less the calculated infiltration
rate yields the corresponding run-off rate.

Thirdly, by applying this estimated run-off rate, the surface flow submodel
is used to calculate the corresponding surface water depth. Comparing the
calculated surface water depth with the previously applied head boundary
enables the model to update the head boundary according to the newly
estimated surface water depth and so resolve for the subsurface flow again.
The process is repeated until convergence is reached before switching to the
next time step.
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Numerical simulation

Introduction to the programs

CONJUNCTIVE SURFACE–SUBSURFACE FLOW ANALYSIS PROGRAM

Based on the conjunctive one-dimensional surface and two-dimensional sub-
surface flow model presented above, a Fortran program was written to solve
the coupled processes of rainfall, infiltration and surface run-off in steep and
low inclination slopes. In the program, one-dimensional surface flow govern-
ing equations (Equation 9.30) were solved by the finite difference method.
To achieve numerical stability and convergence, a four-point implicit finite
difference scheme, known as the Preissmann scheme (Chaudhry, 1993),
was adopted. Two-dimensional subsurface flow governing equations (Equa-
tion 9.35) were solved by the Galerkin finite element method. For numerical
stability, the lumped mass matrix method was adopted. A weighted spline
was used to fit the non-linear SWCC and hydraulic conductivity function. In
addition, the program can automatically adjust the boundary conditions for
different surface flow types, i.e. for supercritical flow, two upstream bound-
ary conditions are given; while for subcritical flow, one upstream boundary
and one downstream boundary conditions are given.

TWO-DIMENSIONAL SATURATED–UNSATURATED SEEPAGE ANALYSIS

PROGRAM SEEP/W

SEEP/W is a commercial two-dimensional finite element seepage analysis
program which is an uncoupled model used to solve rainfall infiltration
problems (Geo-slope, 1995). It has only a subsurface flow analysis model
which neglects the interactions between rainfall, infiltration and surface
run-off processes.

Pore water pressure distributions

Comparisons between computed pore water pressure distributions from
SEEP/W and the coupled model are presented and discussed. As shown in
Figure 9.57, the length of the slope is 100 m; the slope angle is 15� and
the depth of calculation zone is 11 m. Total 2,200 elements are divided for
subsurface flow domain with the mesh length of each element is �z = 0�25m
vertical and �x = 2m parallel to slope surface. The grid for surface flow
modeling is �x = 2m, the same as that of subsurface mesh along slope surface
direction. The initial groundwater table is shown in Figure 9.57 which is
obtained from a steady-state condition, where the depths of groundwater
table at top and toe of the slope are fixed at 10 and 7 m, respectively.
The slope surface is a flux boundary subjected to rainfall, while all other
boundaries are impermeable.
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Figure 9.57 Calculation profile and initial groundwater table (after Tung et al., 2004).

The slope material is homogeneous fine sand with the saturated conduc-
tivity 4�3×10−6 m/s (15.5mm/h), porosity 0.347 and SWCC and hydraulic
conductivity function shown in Figure 9.58.

Table 9.11 lists the three cases of uniform rainfall intensity and duration
used in the numerical simulation. The total rainfall applied in three cases is
about 267 mm which corresponds to a 10-year return period daily rainfall
at Hong Kong Observatory.

At the end of the rainfall event, the surface water depths are different with
various rainfall intensities. As shown in Figure 9.59, the surface water depth
increases towards the downstream direction along the slope. In addition,
given the same conditions except rainfall intensity, the surface water depth
is deeper, as expected, under larger rainfall intensity. In Figure 9.59, the
maximum surface water depths under 22, 45 and 89 mm/h rain are about 4,
6 and 10 mm occurring at the end of storm, respectively. During rainstorms,
the surface water depth on a steep slope could vary from several millimetres
to several centimetres depending on the rainfall intensity and slope angle.

For a rainfall intensity of 22 mm/h, a comparison of pore water pressure
distribution between coupled and uncoupled analyses at section A–A is
shown in Figure 9.60a. Without considering the interaction between surface
run-off and infiltration, the wetting front from the uncoupled model reaches
about 1.5 m deep from the ground surface at the time rain stops. While by
using coupled model, the wetting front reaches about 2.0 m in depth, an
half metre deeper than that of uncoupled model.
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Figure 9.58 Soil–water characteristic curve and hydraulic conductivity function (after
Tung et al., 2004).

As shown in Figure 9.60b, the rainfall intensity of case-2 is twice as
large as that of case-1. It is interesting to observe that the rainfall intensity
increases, the run-off portion in total rainfall increases, whereas the corre-
sponding portion of infiltration decreases. Under 45 mm/h rainfall intensity,
the wetting front reaches about 1.0 m deep from the ground surface accord-
ing to the coupled model, which is about 0.3 m deeper than the uncoupled
procedure at the end of rainfall.

Now consider case-3 – a heavy rainstorm of 89 mm/h. This is two times
larger than that of case-2 and four times larger than that of case-1. As shown
in Figure 9.60c, most of the rainfall transforms to run-off and the remaining
small portion infiltrates into the slope which affects the pore water pressure
distribution only within 0.7 m in depth. Regardless of interaction between
surface and subsurface flow, the wetting front reaches about 0.5 m in depth
below the ground surface.
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Figure 9.60 Vertical pore water pressure profile at section A–A for (a) 22-mm/h rain-
fall intensity, (b) 45-mm/h rainfall intensity (c) 89-mm/h rainfall intensity
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Slope stability analyses

As rainwater infiltrates into an unsaturated soil slope, pore water pressure
increases with time and the corresponding matric suction decreases with the
increase in water content. Based on the extended Mohr–Coulomb failure
criterion for unsaturated soil (Fredlund et al., 1978), Equation (9.22) shows
that the shear strength will decrease with loss in suction.

To illustrate the variation of FOS with pore water pressure distribution
change, a single circular slip surface is specified as shown in Figure 9.57,
which is about 2.5 m deep from the ground surface. The unit weight of soil
is assumed to be 19�6kN/m3, effective cohesion c′ = 0kPa, effective friction
angle �′ = 20� and the friction angle related to matric suction �b = 8�. Using
the Bishop simplified method in SLOPE/W to perform the slope stability
analysis, results were obtained as presented in Figure 9.61.

The slope is initially dry and the FOS of the specified slip surface is high.
As the rainwater infiltrates into the slope, the FOS decreases with decreasing
in matric suction. Under heavy rainstorm with intensity of 89 mm/h, and
rainfall of 3 h, the wetting front only reaches 0.5–0.7 m in depth, and the
FOS reduces only about 0.1. The differences in pore water pressure between
uncoupled and coupled models are not significant. Correspondingly, the
difference in FOS between the two results after 3-h rainfall is about 0.05.
Thus, the factors of safety calculated by the uncoupled and coupled models
have no significant difference either. When rainfall duration extends longer,
the wetting front penetrates deeper and the difference in pore water pressure
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Figure 9.61 Variation of factor of safety with time for different rainfall intensities and
for couple and uncoupled models (after Tung et al., 2004).
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becomes more pronounced. Then, the FOS of slope drops more significantly
as matric suction reduces. The differences in results between the uncoupled
and coupled models become larger. After 12-h rainfall with intensity of
22 mm/h, the FOS decreases by 0.5 and the differences in FOS between the
uncoupled and coupled models are about 0.2.

Conclusions

Using a new conjunctive surface–subsurface flow model, the interaction
between surface and subsurface flows was used to analyse transient seepage
for initially unsaturated soil slopes. Based on these studies, the following
conclusions can be drawn:

• Surface water depth on a steep slope increases with the rainfall intensity,
which is usually about several millimetres. Under a heavy rainstorm,
surface water depth can reach several centimetres.

• Interaction between surface and subsurface flow has significant effects
on infiltration process. Considering the coupled surface–subsurface flow
process, more rainwater will infiltrate into the slope. Therefore, pore
water pressure will change faster and the wetting front will move deeper
into the soil.

• Under smaller rainfall intensity with prolonged duration, the differences
in infiltration and pore water pressure between the conjunctive surface–
subsurface flow model and uncoupled model were more significant.
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Source (Fredlund and Rahardjo, 1993)

This appendix is made up of verbatim extracts from the following source
for which copyright permissions have been obtained as listed in the
Acknowledgements.

• Fredlund, D.G. and Rahardjo, H. (1993). Soil Mechanics for Unsatu-
rated Soils. John Wiley & Sons, Inc., New York, 517p.

Definitions

Density

Density, �, is defined as the ratio of mass to volume. Each phase of a soil
has its own density. The density of each phase can be formulated from
Figure A.1. Specific volume, �o, is generally defined as the inverse of density;
therefore, specific volume is the ratio of volume to mass.

Soil particles

The density of the soil particles, �s, is defined as follows:

�s = Ms

Vs
(A.1)

The density of the soil particles is commonly expressed as a dimensionless
variable called specific gravity, Gs. The specific gravity of the soil particles
is defined as the ratio of the density of the soil particles to the density
of water at a temperature of 4 �C under atmospheric pressure conditions
(i.e. 101.3 kPa).

Gs = �s

�w
(A.2)
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The density of water at 4 �C and 101.3 kPa is 1�000kg/m3. Some typical
values of specific gravity for several common minerals are given in Table A1.

Water phase

The density of water, �w, is defined as follows:

�w = Mw

Vw
(A.3)

Volume of
individual phase

Mass of
individual phase

Total volume
V = Va + Vw + Vs

Total mass
M = Ma + Mw + Ms

V MWater

Va Ma = ρaVa

Vw Mw = ρwVw

Vs
Ms = ρsVs
Ms = GsρwVs

Soil solids

Air

Figure A.1 Phase diagram for an unsaturated soil (after Fredlund and Rahardjo, 1993).
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For soil mechanics problems, the variation in the density of water due
to temperature differences is most significant than its variation due to an
applied pressure.

Air phase

The density of air, �a, is defined as follows:

�a = Ma

Va
(A.4)

The specific volume of air, �ao, is

�ao = Va

Ma
(A.5)

Air behaves as a mixture of several gases. The mixture of gases is called
dry air when no water vapour is present and is called moist air when water
vapour is present.

Dry and moist air can be considered to behave as an ‘ideal’ gas under pres-
sures and temperatures commonly encountered in geotechnical engineering.
The ideal gas law can be written as follows:

ūaVa = Ma

�a
RT (A.6)

where
ūa = absolute air pressure (note that a bar sign indicates an absolute pressure
ūa = ua + ūatm (kPa)
ua = gauge air pressure (kPa)
uatm = atmospheric pressure (i.e. 101.3 kPa)
Va = volume of air �m3�
Ma = mass of air (kg)
�a = molecular mass of air (kg/kmol)
R = universal molar gas constant (i.e. 8.31432 J/(mol K)
T = absolute temperature (i.e. T = t +273	16K)
t = temperature ��C�.

Since the right-hand side of the equation is a constant for a gas in a closed
system. Under these conditions, the equation can be rewritten as Boyle’s law:

ūa1Va1 = ūa2Va2 (A.7)
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Rearranging the ‘ideal’ gas equation gives:

�a = �a

RT
ūa (A.8)

The molecular mass of air, �a, depends on the composition of the mix-
ture of dry air and water vapour. The dry air has a molecular mass of
28.966 kg/kmol, and the molecular mass of the water vapour �H2O� is
18.016 kg/kmol. The composition of air, namely, nitrogen �N2� and oxygen
�O2� are essentially constant in the temperature. The carbon dioxide �CO2�
content in air may vary, depending on the environment, such as the rate
of consumption of fossil fuels. However, the constituent of air that can
vary most is water vapour. The volume per cent of water vapour in the air
may range as little as 0.000002 per cent to as high as 4–5 per cent (Har-
rison, 1965).The molecular mass of air is affected by the change in each
constituent. This consequently affects the density of air.

The concentration of water vapour in the air is commonly expressed in
terms of relative humidity (RH):

RH = 100ūv

ūvo
(A.9)

where
RH = relative humidity (per cent)
ūv = partial pressure of water vapour in the air (kPa)
ūvo = saturation pressure of water vapour at the same temperature (kPa).

The density of air decreases as the RH increases. This indicates that the
moist air is lighter than the dry air.

Volume-mass relations

Porosity, n, in per cent is defined as the ratio of the volume of voids, Vv, to
the total volume, V as follows:

n = 100Vv

V
(A.10)

Similarly, porosity type terms can be defined with respect to each of the
phases of a soil:

ns = 100Vs

V
(A.11)

nw = 100Vw

V
(A.12)
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na = 100Va

V
(A.13)

nc = 100Vc

V
(A.14)

where
ns = soil particle porosity (per cent)
nw = water porosity (per cent)
na = air porosity (per cent)
nc = contractile skin porosity (per cent).

The volume associated with the contractile skin can be assumed to be
negligible or part of the water phase. The water and air porosities represent
their volumetric percentages in the soil. The soil particle porosity can be
visualized as the percentage of the overall volume comprised of soil particles.
The sum of the porosities of all phases must equal 100%. Therefore, the
following soil porosity equation can be written as

ns +n = ns +na +nw = 100�per cent� (A.15)

The water porosity, nw, expressed in decimal form, is commonly referred to
as the volumetric water content, 
w, in soil science and soil physics literature.
The volumetric water content notation is also used.

Void ratio, e, is defined as the ratio of the volume of voids, Vv, to the
volume of soil solids, Vs as follows (Figure A.2):

e = Vv

Vs
(A.16)

Volume relations Mass relations

Total volume, V = Vv + Vs
= Va + Vw + Vs

Total mass
M = Ma + Mw + Ms

V M = ρVWater

Va = naV

Vw = nwV
Vw = SVv

Vv = nV
Vv = eVs

Vs

Ma

Mw = wMs

Ms = ρdVSoil solids

Air

Soil solids

Air

Figure A.2 Volume–mass relations (after Fredlund and Rahardjo, 1993).
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The relationship between porosity and void ratio is given by the following
equation:

n = e

1+e
(A.17)

The percentage of the void space which contains water is expressed as the
degree of saturation, S (per cent):

S = 100Vw

Vv
(A.18)

The degree of saturation, S, can be used to subdivide soils into three groups.

• Dry soils (i.e. S = 0per cent): Dry soil consists of soil particles and air.
No water is present.

• Saturated soils (i.e. S = 100per cent): All of the voids in the soil are
filled with water.

• Unsaturated soils (i.e. 0 per cent < S < 100per cent): An unsaturated
soil can be further subdivided, depending upon whether the air phase is
continuous or occluded. This subdivision is primarily a function of the
degree of saturation. An unsaturated soil with a continuous air phase
generally has a degree of saturation less than approximately 80 percent
(i.e. S < 80per cent). Occluded air bubbles commonly occur in unsat-
urated soils having a degree of saturation greater than approximately
90 per cent (i.e. S > 90per cent). The transition zone between contin-
uous air phase and occluded air bubbles occurs when the degree of
saturation is between approximately 80–90 per cent (i.e. 80 per cent
< S < 90per cent).

Gravimetric water content, w, is defined as the ratio of the mass of
water, Mw, to the mass of soil solids, Ms. It is presented as a percentage
[i.e. w (per cent)]:

w = 100Mw

Ms
(A.19)

The volumetric water content, 
w, is defined as the ratio of the volume of
water, Vw, to the total volume of the soil, V :


w = Vw

V
(A.20)
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The volumetric water content can also be expressed in terms of porosity,
degree of saturation and void ratio. The volumetric water content can be
written as


w = SVv

V
(A.21)

Since Vv/V is equal to the porosity of the soil, then


w = Sn (A.22)

or


w = Se

1+e
(A.23)



 

Notation

An cross-sectional area of a cable element
Af cross-sectional area of a pile element
Csf cohesive strength of the shear coupling spring in a pile

element
Cnf maximum compressive strength of the normal

coupling spring in a pile element
c′ effective cohesion
c′

1 effective cohesion of the state boundary surface on the
dry side of the critical state line

c′
2 effective cohesion of the collapse surface

d outside diameter of a cable element
Df mass density of a pile element
e voids ratio
E Young’s modulus of soil
Ef Young’s modulus of a pile element
En Young’s modulus of a cable element
Fsf maximum shear force of the shear coupling spring in a

pile element
Fsn maximum shear force of the shear coupling spring in a

cable element
G shear modulus of soil
If moment of inertia of a pile element
K bulk modulus of soil
Ksn stiffness of the shear coupling spring in a cable element
Ksf stiffness of the shear coupling spring in a pile element
Knf stiffness of the normal coupling spring in a pile
L length of a cable element
M stress ratio q/p′ at critical state
Mcol inclination of the collapse surface in the q −p′ plane
M�s� gradient of the critical state hyperline in the

q −p plane
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N�s� intercept of isotropic normal compression hyperline in
plane of v− log p

n porosity of soil
p net mean stress
pref reference pressure 100 kPa
p′ mean effective stress �� ′

1 +� ′
2 +� ′

3�/3
p′

cs mean effective stress at critical state
q deviator stress �� ′

1 −� ′
3�

qav available deviator stress
qcs deviator stress at critical state
qmax maximum deviator stress
qmob mobilized deviator stress
q1 mobilized deviator stress when the effective stress path

intercepts the collapse surface
Sr degree of saturation
s matric suction �ua −uw�
T tensile strength of soil
Tnf maximum tensile force of a pile element in normal

direction
u pore pressure
uw pore water pressure
ua pore air pressure
v specific volume
Yn yield force of a cable element
�s total shear strain
�smax shear strain at minimum deviator stress during

strain-softening
�′ effective friction angle of soil
�′

1 effective friction angle of the state boundary on the
dry side of the critical state line

�′
2 effective friction angle of the collapse surface

�sf frictional resistance of the shear coupling spring in a
pile element

� intercept of the critical state line in e− ln p′ plane
��s� intercept of critical state hyperline in v− log p plane
� slope of the critical state line in e− ln p′ plane
��s� slope of critical state hyperline in v− log p plane
	�s� intercept of critical state hyperline in q −p plane

 Poisson’s ratio
�d dry density of soil
� total normal stress
� ′ effective normal stress � −u
�1 total major principal stress
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�2 total intermediate principal stress
�3 total minor principal stress
 shear stress
f shear strength (shear stress at failure)
� angle of dilation
�1 angle of dilation of the state boundary surface on the

dry side of the critical state line
�2 angle of dilation of the collapse surface
��s� slope of the critical state hyperline in v− log p plane
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material and specimen preparation

298–9
procedures 300–2
programme 300

bender elements arrangement 413–16
shear modulus determination using

416
shear wave velocity measurement

using 416

see also anisotropic shear stiffness of
completely decomposed tuff
(clayey silt)

Bishop’s simplified method, 542, 609
boiling 25

see also cavitation
BRE, see Building Research

Establishment
bubbling pressure 104, 322
Building Research Establishment (BRE)

255

calcium montmorillonite 254
calibration 72

apparent volume change 293
differential pressure

transducer 293
thermal conductivity sensors 71
volume change measuring system

293
capillary effect 17

see also stress state variables
capillary fringe 7–8
capillary model 32

equilibrium 32
soil–water interface, equilibrium at

32–3
of water column and capillary

height 33
see also suction

carbonation, lime 276
Casagrande graphical method 341
cavitation 25, 27

avoidance 28
boiling 25
degassing 25
gaseous 25
inception and nuclei 26
nucleation aspects 27
pore water under tension and 26
surface tension and 24
vaporous 25

CDG, see completely decomposed
granite

CDT, see completely decomposed
tuff

cementation 275, 276
centrifuge for state-dependent SWCC

168–9
centrifuge technique

principle 169–70
water-retention 168
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ceramic cylinders 170–4
porous 171
SWCC 173

chemical diffusion through
water 121

clay minerals 253–4
clay soils

expansive 254
swelling in 254

clayey silt, anisotropic shear stiffness of
bender elements arrangement

413–16
shear modulus determination

using 416
shear wave velocity measurement

using 416
completely decomposed tuff (CDT)

417–18
experimental results 421

net mean stress and degree of
anisotropy 426

proposed equations verification
426–30

shear wave velocities and matric
suction, relationship between
422–4

soil suction and net mean stress
effect on void ratio 421

suction and degree of fabric
anisotropy 425–6

shear modulus measurement 416
shear wave velocity measurement

413–16
soil types 417
suction

degree of fabric anisotropy
425–6

matric suction 422–4
void ratio, effect on 421

test specimen preparation
417, 419

testing
apparatus and measuring devices

411
programme and procedures

419–21
triaxial 411–12

theoretical considerations 408–11
triaxial apparatus for testing

unsaturated soils 411–12
clayey soils swelling 253
clays, plastic 11

climate
in situ suction measurements

and 87
vadose zone and 8

CNSS, see cohesive nonswelling soil
coarse-grained gravelly sand (DG)

constant water content tests on
459–61

saturated 457–9
undrained tests on 457–9
unsaturated 459–63
wetting tests on 461–3
see also decomposed volcanic (DV)

soils; state-dependent
elasto-plastic modelling

cohesive nonswelling soil (CNSS) 275
collapse

behaviour of
non-virgin fill 247
virgin fill 244–6

loading-collapse yield curve 442–3
wetting and

collapse caused by wetting
227–8

stress state variable and 17
collapsible soils 228

conditions leading to 230
double oedometer test 239
field testing 240
foundation settlements estimation

249
identification 231

collapse indicators 231
double oedometer test 232–3
geological reconnaissance 231
laboratory testing 231

mitigation measures against
250–2

non-virgin fills and 240
occurrence and microstructure of

228
single point, multiple specimen test

239
single specimen test 238
virgin fills and 240
wetting tests 239
wetting tests, laboratory response to

235–7
comparison of commonly used lab

test methods 238
naturally occurring collapsible

soils (Case I) 234–5, 238
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sample compacted in the
oedometer (Case III) 237–8

sample taken from existing
compacted fill (Case II)
237–8

sampling, loading and wetting
effect of 234

see also swelling
compacted expansive soils 257

see also under expansive soil
completely decomposed granite (CDG)

45, 329
see also decomposed granite (DG)

soils
completely decomposed tuff (CDT)

see also anisotropic shear stiffness of
completely decomposed tuff
(clayey silt) 417

completely decomposed volcanic
(CDV) specimen 40

see also decomposed volcanic (DV)
soils

compression 14
dependent dilatancy parameters

454, 455
isotropic 397–9, 448
shear stiffness of quartz silt

isotropic 397–9
under constant suctions 397

suctions and 397
confining pressure and void ratio

effect on
degree of saturation of sands

385–8
shear modulus ratio of sands

385–8
conjunctive modelling effects on slope

stability 599–600
conjunctive surface–subsurface flow

analysis program 604
conjunctive surface–subsurface flow

model 602–3
subsurface flow submodel 602
surface flow submodel 600–1

numerical simulation
conjunctive surface–subsurface

flow analysis program 604
two-dimensional

saturated–unsaturated
seepage analysis program
SEEP/ W 604

pore water pressure distribution
604–8

slope stability analyses 609–10
consolidated conditions, shear strength

of unsaturated soils
and 281

consolidated drained (CD) test 282,
284

consolidated drained triaxial
compression test 282

consolidated saturated decomposed
volcanic soil, isotropically 339

initially unsaturated
specimens during
saturation 339–41

isotropic compression 341
shear behaviour under undrained

conditions 342–4
consolidated unsaturated decomposed

volcanic soil, isotropically
isotropic compression 345–6
shear behaviour under constant

water content 348–54
yielding behaviour 346–8

consolidated undrained (CU) test 284
consolidation

direct shear tests on unsaturated
soils and 286

soil mass 9
constant water (CW) content test 284
contact–angle effect 141
contractile skin 20–4

see also surface tension
cracking, soil mass 8
critical slip surface location 503–4

see also slope stability
critical state (elasto-plastic modelling

aspects) 446
critical state parameters 450–1

see also state-dependent
elasto-plastic modelling

cyclic swell–shrink tests 261–3
see also expansive soils

damming
factor of safety variation 558
influence on slope stability 547

finite element mesh and numerical
analysis plan 548–9

input parameters and procedures
for slope stability analyses
550
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damming (Continued)
numerical simulation procedures

and hydraulic boundary
conditions 549–50

pore water pressure distributions
and 553–7

Darcy’s law 99
of air phase 114
for saturated soils 99
for unsaturated soils 99–100
see also Fick’s law

DAVI, see diffused air volume
indicator

decomposed granite (DG) soils 436
shear stiffness of 399

empirical equations for 405–8
RCTS testing procedures 399
suction and 402–8
system to measure changes in

water content 400
tested material 401

state-dependent elasto-plastic model
predictions

constant water content tests on
459–61

saturated 457–9
undrained tests on 457–9
unsaturated 459–63
wetting tests on 461–3

suction effect on elastic shear
modulus of DG (silty sand)
394–408

see also decomposed volcanic (DV)
soils; quartz silt

decomposed volcanic (DV) soils 436
fine-grained sandy silt

undrained tests on 463
water content tests on 463, 465

saturated (isotropically consolidated)
initially unsaturated specimens

during saturation 339–41
isotropic compression 341
shear behaviour under undrained

conditions 342–4
state-dependent elasto-plastic

modelling and
saturated 463
undrained tests on 463
unsaturated 463, 465
water content tests on 463, 465

undrained tests on
fine-grained sandy silt 463

state-dependent elasto-plastic
modelling 463

unsaturated (isotropically
consolidated)

isotropic compression 345–6
shear behaviour under constant

water content 348–54
yielding behaviour 346–8

water content tests on 463, 465
deep foundations 278
deformation

expansive soils 271
pattern at

22 s prototype time 593
60 s prototype time 594–6

vertical 271
deformation mechanism

failure and 592
un-reinforced loose fill slopes 592

deformation responses, ground
horizontal displacements due to soil

suction changes 495–7
soil swelling at shallow depths upon

wetting 497–9
see also slope engineering

degassing 25
degree of anisotropy of CDT

net mean stress effect on 426
suction effect on 425, 426

degree of saturation
friction angle (�b) and degree of

saturation (�), relationship
between 311–13

permeability
function and hysteresis 108
coefficient and 100–10

sands
confining pressure and void ratio

effect on 385–8
grain shape effect on 392–3
grain size distribution effect on

388–92
SWCC and 127

density
air phase 613
defined 611
soil particles 611
water phase 612

desaturated coefficient of permeability
207–9

desaturated permeability, infiltration
and 207–9
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desaturation 9
coefficient 207
saturated soils (man-made activities

and) 12
desiccation, soil mass 8
desorption 140, 142, 148

see also drying; wetting
DG, see decomposed granite (DG) soils
differential pressure transducer (DPT)

42, 293
diffused air volume indicator (DAVI)

41
diffusion 117

air diffusion through water 118–31
chemical diffusion through water

121
Fick’s law for 118
flow of air 116
flow of water 116

digital transducer interface (DTI) 41
dilatancy 47

granite soils
saturated 366
unsaturated 370

maximum 334–5
negative 331
parameters

compression-dependent 454–5
suction-dependent 451–4

positive 331
soil suction and 326–8

during shear, evolution of 331–3
maximum dilatancy 334–5
soil type and test procedure

329–30
stress–dilatancy relationship

333–4
test results 331–3

see also state-dependent
elasto-plastic modelling

dilatometer tests (DMT) 476
direct shear box test 44–7, 280

on unsaturated soils 286
consolidation 286
failure envelope 286
shearing aspects 286

suction equalization and 60
see also triaxial tests

displacement
down-slope 496
due to soil suction changes 495–7
horizontal 495–7

lateral 496
simulated rainfall and 495–7
see also slope engineering

distortion 14
double oedometer test, collapsible soils

and 239
down-slope displacement 496
downward flux 8–9

see also precipitation
drained tests 282

see also undrained test
drier climatic regions, soil mechanics

problems in 12
drift condition 80
drill hole lime 276
driving potential

air phase 111
water phase 97, 99

dry-bulb 66
drying 140, 142–3

drying SDSWCC influence on slope
stability 537–40, 545

influence on pore water pressure
distributions 542

transient seepage analyses 539,
540

hysteresis and 140
recompacted soils SWCC and 158
slope stability aspects 537–8

pore water pressure distributions
542

transient seepage analyses
539–40

state-dependent SWCC and 147
SWCC and 165, 537–40, 545
soil mass 8
see also hysteresis; wetting

DV, see decomposed volcanic (DV)
soils

earth pressure cells (EPCs) 493
effective stress 14, 16, 494
effective stress equation 13–14

Bishop’s 14–15
saturated behaviour 16
single-valued 14
unsaturated behaviour 14, 16
see also stress state variables

elastic body, stress state variables
for 13
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elastic parameters 447
see also elasto-plastic modelling,

state-dependent
elastic strains 437–9
elasto-plastic modelling,

state-dependent
coarse-grained gravelly sand (DG)

undrained tests on 457–9
water content tests on 459–61

dilatancy parameters
compression-dependent 454–5
suction-dependent 451–4

fine-grained sandy silt (DV)
undrained tests on 463
water content tests on 463, 465

mathematical formulations
basic assumptions 436–7
critical state 446
elastic strains 437–9
elasto-plastic variation of specific

water content 446
elasto-plasticity 437
flow rules 443–5
hardening rules 445
loading-collapse yield curve

442–3
plastic strains 440
yield functions 440–1

model parameters determination
critical state parameters 450–1
dilatancy parameters 451–5
elastic parameters 447
hardening parameters 455
isotropic compression parameters

448–9
specific water content parameters

456
water retention parameters 448

specific water content 446, 456
undrained tests on saturated

specimens of
coarse-grained gravelly sand (DG)

457–9
fine-grained sandy silt (DV) 463

water content tests on unsaturated
specimens of

coarse-grained gravelly sand (DG)
459–61

fine-grained sandy silt (DV) 463,
465

wetting tests on unsaturated
specimens of coarse-grained
gravelly sand (DG) 461–3

elasto-plasticity 437
EPCs, see earth pressure cells
equalization, suction 62

see also suction
equilibrium

soil–water interface 32–3
of water column and capillary height

33
equipotential lines 184
evaporation 8, 482

see also slope engineering
evapotranspiration 8, 9
expansive soils 252

clay soils 254
compacted 257
cyclic swell–shrink tests 261–3
foundations design 273
initial placement conditions 268–9
potential swell determination

oedometer methods 255, 257
soil suction methods 255–6

potential swell determination 255
surcharge pressures 270–1
swelling processes 253
swell–shrink tests 253
volumetric and vertical deformation

271–2
water content-void ratio

swell–shrink paths of
compacted 257–9, 263–8

initial placement conditions
influence 268–9

soils used and testing procedures
259–63

surcharge pressure influence
270–1

explosive vaporization 25
extended Mohr–Coulomb failure

criterion 307–11
external stress 17–18

see also stress

facing structure
nailed loose fill slopes 593
models 581–2
soil nails and facing structure, role

of 597–8
factor of safety (FOS)

damming effect on 558
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wetting SWCC and SDSWCC effect
on 558

see also safety equations
failure criterion 307

see also extended Mohr–Coulomb
failure criterion

failure envelope
direct shear tests on unsaturated

soils and 285
matric suction and 312

failure mechanism
deformation and 592
development 590–1
un-reinforced loose fill slopes

590–1
FEMWATER 515–17

see also rainfall infiltration into
unsaturated soil slope (3D
numerical parametric study)

Fick’s law
for air phase 111–14
for diffusion 117
see also Darcy’s law

field instrumentation (slope
engineering aspects)

artificial rainfall simulations 483–4
evaporation monitoring 482
horizontal

movements and surface heave
monitoring 482

total stresses monitoring 482
rainfall intensity monitoring 482
runoff monitoring 482
soil suction and water content

monitoring 478, 481
see also slope engineering

field performance (slope engineering
aspects)

ground deformations responses
495

horizontal
displacements due to soil suction

changes 495–7
total stresses response 493–5

in situ
PWP profiles variations 488–9
water content profiles variations

491–2
piezometric level responses 486–8
soil suction or pore water pressure

responses 484–6

soil swelling at shallow depths upon
wetting 497–9

volumetric water content responses
490

see also artificial rainfall
simulations; slope engineering

field testing, collapsible soils 240
fills

non-virgin 248
collapse behaviour 247
collapsible soils and 240
testing procedures 243–4
testing program 241–2

virgin fills
collapse behaviour 244–6
collapsible soils and 240
testing procedures 243–4
testing program 241–2

filter paper method 67
filter papers

Schleicher and Schuell No. 589
67–8

Whatman No. 42 68–9
fine-grained sandy silt (DV)

saturated 463
undrained tests on 463
unsaturated 463, 465
water content tests on 463, 465
see also coarse-grained gravelly sand

(DG); state-dependent
elasto-plastic modelling

finite difference analyses
facing structure models 581–2
input parameters for

soil models 582–4
soil nail system 584–5

slope geometry and soil nail
arrangement 576–7

soil models 578–80
input parameters for 582–4
soil–nail interface models 580–1

soil nails and soil–nail interface
models 580–1

see also soil nails in loose fill slopes
subjected to rainfall infiltration
effects

finite element mesh
damming and 548
three-dimensional 517

FLAC2D 576
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flexible structures 277
see also deep foundations; rigid

structures
flocculation 275
flow laws 93, 121

for air 94
see also under flow of air

state-dependent elasto-plastic
modelling 443–5

for water 94
see also under flow of water

see also flows
flow modelling

conjunctive surface–subsurface
602, 603

subsurface 602
subsurface three-dimensional

3D finite element mesh 517–18
boundary conditions 519
governing equations 516–17
initial steady-state conditions

519–21
rainfall conditions simulated

521–3
surface flow submodel 600
see also flow of air; flow of water

flow of air 111
air flow 120

diffusion through water and flow
laws for 94

coefficient of permeability and
matric suction 115

Darcy’s law 114
diffusion aspects 117
driving potential for 111
Fick’s law 111–14
permeability coefficient and air

phase 114
steady state

one-dimensional 188–90
two-dimensional 191–2

see also flow of water; flows
flow of water 94

Darcy’s law for
saturated soils and 99
unsaturated soils and 99–100

diffusion aspects 117
driving potential for water phase

97–9
hydraulic head gradient 97
matric suction gradient 95–6
osmotic suction and 99

permeability coefficient and water
phase 100

SDSWCC 123
slope of infinite length 184
steady-state 175

heterogeneous, isotropic
steady-state seepage 176

permeability coefficient variation
176

transient 192–4
two-dimensional 191–2
water content gradient 95
water phase

driving potential for water phase
97–9

permeability coefficient and 100
see also flow modelling; flow of air;

flows
flows

antecedent and subsequent
infiltration rate 213–16

combined effect of saturated
permeability and 216

influence of 213–16
infiltration in unsaturated soils

antecedent and subsequent
infiltration rate 213–16

one-dimensional 199–202
rainfall infiltration mechanism

194–6
hydraulic properties 196–9
parametric studies 202

antecedent and subsequent
infiltration rate 213–16

desaturated permeability 207–9,
212

one-dimensional vertical transient
infiltration in unsaturated
soils 203

relative sensitivity of hydraulic
parameters 211

saturated permeability 205–6,
212–13

steady-state infiltration 203
water storage capacity 209–10

rainfall infiltration mechanism in
unsaturated soils 194–6

saturated permeability
antecedent and subsequent

infiltration rate and 216
influence on 205–6
parametric studies 211
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soil heterogeneity 217
steady-state 174–5
transient 174
unsteady-state 175
water storage capacity and 209–10

fluid medium components,
permeability coefficient and 101

fluid phases
saturated soil mechanics 8
unsaturated soil mechanics 8

flux
surface 8
upward 8

force equilibrium 511–12
see also slope stability analyses

force function, inter-slice 512–14
see also slope stability

foundation settlements, collapsible
soils 249

foundations design, expansive swelling
soils 273

deep foundations 278
flexible structure 277
ground stabilization 275–6
moisture changes, defence against

277
moisture content stabilization

276–7
passive stabilization 277
rigid structure 278
substitution of ground 274–5

foundations, deep 278
see also structures

four-phase materials 20
four-phase unsaturated soil system 21
free water 26
friction angle (�b) and degree of

saturation (�), relationship
between 311–13

gaseous cavitation 25
gauge, vacuum 80
General Limit Equilibrium (GLE)

method 504–7
inter-slice force function 512–14
normal force equation 509–10
safety equation and

force equilibrium 511–12
moment equilibrium 510–11

shear force mobilized equation
507–9

see also slope stability

Glazier Way sand 382–3, 386
GLE, see General Limit Equilibrium

method
gradient

hydraulic head 97
matric suction 95–6
water content 95

grain shape effect on
degree of saturation of sands

392–3
shear modulus ratio of sands

392–3
grain size distribution effect on

degree of saturation of sands
388–92

shear modulus ratio of sands
388–92

granite soil, loosely saturated and
unsaturated decomposed

shear behaviour 363–6, 368–74
soil type and specimen preparation

358–61
testing program and procedures

361–3
wetting behaviour 374–9

granite soils
undrained tests 361
wetting tests 361

granite, decomposed (silty sand) 394
shear stiffness of 399

empirical equations for 405–8
RCTS testing procedures 399
suction and 402–8
system to measure changes in

water content 400
tested material 401

state-dependent elasto-plastic model
predictions 457–63

suction effect on elastic shear
modulus of 399

gravelly sand (DG) and state-dependent
elasto-plastic modelling

constant water content tests on
459–61

saturated 457–9
undrained tests on 457–9
unsaturated 459–63
wetting tests on 461–3

gravimetric water content 616
simulated rainfall and 491
SWCC and 127–8
see also volumetric water content
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gravitational head 98
infinite slope 184, 186

ground
stabilization 275–6
substitution 274

groundwater response
rainwater infiltration 525–6
rainfall patterns effect on

hydraulic gradient role 530–2
patterns at sections XX’ and YY’

527–9
rainfall patterns of prolonged

rainfall effect on 534–6
rainfall return period (or amount)

effect on 532–4
groundwater table 7

climate changes and 8
pore water pressure and 10

gypsum block 70–1
see also suction

Haines jumps 142
hardening

parameters determination 455
rules 445
state-dependent elasto-plastic

modelling 446
heave monitoring 482

see also slope engineering
heterogeneity, soil 217, 220
heterogeneous

steady-state seepage
anisotropic 176–7
isotropic 175

nucleation 27
high-suction tensiometer

probe 83
homogeneous

nucleation 27
saturated soil 181

horizontal displacements due to soil
suction changes, simulated rainfall
and 495–7

horizontal movements
slope engineering aspects 482
surface heave and 482
see also vertical deformation

horizontal total stresses
response to PWP or suction changes

493
simulated rainfall and 493
slope engineering aspects 482

humidity control techniques 54, 58
advantages and limitations 57–8
applications 56–7
working principle 54–5
see also osmotic technique

hydraulic conditions, damming
influence on slope stability and
549–50

hydraulic gradient
head gradient 97, 114
slope stability and 530

hydraulic head
distribution 183
flow of air and 114
gravitational 98
head gradient 97
infinite slope 184
pressure 97
velocity 97

hydraulic head gradient 97, 114
hydraulic properties of unsaturated soils

matric suction aspects 198
pore size distribution 198
pore water pressure 196–7
SWCC 196
water coefficient of permeability

196–8
hysteresis

hysteretic soil moisture characteristic
142

in situ suction measurements and
88–9

permeability function 108–10
SWCC 165

contact–angle effect 141
desorption 140
drying 140, 142–3
main branches 142
reversible and irreversible

relationship 141
scanning curves 142–3
sorption 140–2
wetting 140, 142–3

thermal conductivity sensors 71–6

impeding layer 567–9, 572–4
see also slope stability; surface cover

in situ PWP profiles variations 488–9
in situ suction measurements 87

case study 87, 92
climate description 87
hysteresis effect and 90
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moisture continuity and 89, 90
sites description and 87
subsoils and 87–8

in situ water content, simulated rainfall
and 491, 492

infiltration
antecedent infiltration rate 215–16,

220
combined effect of saturated

permeability and 214
influence on flows 213–16

one-dimensional infiltration in
unsaturated soils 199–202

parametric studies 202–3
antecedent and subsequent

infiltration rate, combined
effect of saturated 213–16

desaturated permeability 207–9,
210, 212

relative sensitivity of hydraulic
parameters 211–13

saturated permeability 205–6,
212–13

steady-state flow 205
transient flow 203
water storage capacity 209–10

steady-state 220
see also under infiltration, rainfall

infiltration, rainfall 194–6
antecedent and subsequent

infiltration rate 213–16
hydraulic properties of unsaturated

soils 196–9
in unsaturated soils 196–9
soil heterogeneity and 217–19
soil nails in loose fill slopes subjected

to 575–6
analysis programme and

modelling procedure 586
deformation mechanism 592
deformation pattern at 22 s

prototype time 593
deformation pattern at 60 s

prototype time 594–6
facing structure models 581–2
failure mechanism 590–2
finite difference analyses 576–85
global stability evaluation 588
initial stress distributions in loose

fill slope 588–9
loose fill slope formation 586

nailed loose fill slopes with and
without facing structure
593–8

simulated rainfall infiltration
effects 587

slope geometry and soil nail
arrangement 576–7

soil models 578–80
soil models, input parameters for

582–4
soil nail system, input parameters

for 584–5
soil nails and facing structure, role

of 597–8
soil nails and soil–nail interface

models 580–1
soil nails installation in loose fill

slopes) 587
SP models 578
stress distribution subjected to

surface infiltration effects
589–90

un-reinforced loose fill slopes
589–92

SWCC 195, 196
unsaturated soil slope (3D numerical

parametric study) and 515
3D finite element mesh 517–18
boundary conditions 519
FEMWATER 515–16
governing equations 516–17
hydraulic gradient role 530–2
initial steady-state conditions

519–21
patterns at sections XX’ and YY’

527–9
prolonged rainfall effect 534–6
rainfall conditions simulated

521–3
rainfall patterns, preliminary study

of 523–4
rainfall patterns effect on

groundwater response
527–36

rainfall return period (or amount)
effect 532–4

subsurface flow modelling
516–23

typical groundwater response to
infiltration 525–6

ink bottle effect 155
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instrumentation, slope engineering and
field 478–81

artificial rainfall simulations 483–4
evaporation monitoring 482
horizontal

movements and surface heave
monitoring 482

total stresses monitoring 482
rainfall intensity monitoring 482
runoff monitoring 482
soil suction and water content

monitoring 478, 481
inter-particle forces 17–18

see also stress state variables
inter-slice forces 512–14
isotropic compression 397–9

shear stiffness of quartz silt 397–9
state-dependent elasto-plastic

modelling 448–9
isotropic steady-state seepage 176
isotropically consolidated saturated

decomposed volcanic soil 339
initially unsaturated specimens

during saturation 339–41
isotropic compression 341
shear behaviour under undrained

conditions 342–4
isotropically consolidated unsaturated

decomposed volcanic soil 355–7
isotropic compression 345–6
shear behaviour under constant

water content 348–54
yielding behaviour 346–8

Itasca 576, 580–1, 588

jet fill tensiometer 82, 88
see also tensiometers

kaolinite 254
Kelvin’s equation 12

see also suction

lateral displacement 496
lime

carbonation 275, 276
drill hole 276
pressure injected 276
stabilization 275

liquefaction, static 336
liquid–gas interface 26
loading, collapsible soils 234

loading–collapse (LC) yield curve
230, 442–3

loess soils 11
loose fill slopes subjected to rainfall

infiltration effects, soil nails in
575–6

analysis programme and modelling
procedure

Stage 1 (formation of the loose fill
slope) 586

Stage 2 (soil nails installation in
loose fill slopes) 587

Stage 3 (simulated rainfall
infiltration effects) 587

Stage 4 (global stability
evaluation) 588

analysis programme and modelling
procedure 586

finite difference analyses
facing structure models 581–2
slope geometry and soil nail

arrangement 576–7
soil models 578–80
soil models, input parameters for

582–4
soil nail system, input parameters

for 584–5
soil nails and soil–nail interface

models 580–1
SP models 578

initial stress distributions in loose fill
slope 588–9

nailed loose fill slopes with and
without facing structure

deformation pattern at 22 s
prototype time 593

deformation pattern at 60 s
prototype time 594–6

soil nails and facing structure, role
of 597–8

un-reinforced loose fill slopes
deformation mechanism 592
failure mechanism 590–1, 592
stress distribution subjected to

surface infiltration effects
589–90

loosely compacted volcanic soil 335
isotropically consolidated DV soil

(saturated) 335–6
initially unsaturated specimens

during saturation 339–41
isotropic compression 341
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shear behaviour under undrained
conditions 342–4

isotropically consolidated DV soil
(unsaturated) 355–7

isotropic compression 345–6
shear behaviour under constant

water content 348–54
yielding behaviour 346–8

see also loosely decomposed granitic
soil

loosely decomposed granitic soil
saturated 358–69
shear behaviour 363–9
unsaturated decomposed granitic soil

358–62
shear behaviour 369–74
wetting behaviour 374–9

see also decomposed granite (DG)
soils

man-made activities, desaturation of
saturated soils and 12

man-made structures, soil mechanics
and 10

manometer, mercury 79
matric suction 13, 19, 63

air coefficient of permeability and
114

axis-translation technique and 36
controlling 48
failure envelope and 312
osmotic technique 49
gradient 95–6
gypsum block and 70–1
hydraulic properties of unsaturated

soils 196
measuring devices 63
shear testing and 295
shear wave velocities relationship

with anisotropic shear stiffness
of CDT and 422–4

water coefficient of permeability and
106–7

see also osmotic suction
maximum dilatancy 334, 335
mechanical stabilization 275
mercury manometer 79
microstructure, collapsible soils 228
Milipore MF 0.025 69
Milipore MF 0.05 69
mitigation measures, collapsible soils

250, 251, 252

mixing in place procedures 276
mobilized shear force equation 507–9

see also slope stability
Mohr–Coulomb failure criterion,

extended 307–11
moisture

content stabilization 276–7
expansive soils foundation design

and 277
in situ suction measurements and

87–9
moment 510, 511
montmorillonite 11, 254
Morgenstern–Price methods 514
mortar 382
movement, horizontal (slope

engineering aspects) 482

nailed loose fill slopes subjected to
rainfall infiltration effects 575–6

analysis programme and modelling
procedure

Stage 1 (formation of the loose fill
slope) 586

Stage 2 (soil nails installation in
loose fill slopes) 587

Stage 3 (simulated rainfall
infiltration effects) 587

Stage 4 (global stability
evaluation) 588

analysis programme and modelling
procedure 586

finite difference analyses
facing structure models 581–2
slope geometry and soil nail

arrangement 576–7
soil models 578–80
soil models, input parameters for

582–4
soil nail system, input parameters

for 584–5
soil nails and soil–nail interface

models 580–1
SP models 578

initial stress distributions in loose fill
slope 588–9

nailed loose fill slopes with and
without facing structure

deformation pattern at 22 s
prototype time 593

deformation pattern at 60 s
prototype time 594–6



 

668 Subject Index

nailed loose fill slopes subjected to
rainfall infiltration effects
(Continued)
soil nails and facing structure, role

of 597–8
un-reinforced loose fill slopes

deformation mechanism 592
failure mechanism 590–1, 592
stress distribution subjected to

surface infiltration effects
589–90

natural soil specimen 152
natural soils

and recompacted soils, comparison
between 163–4

constant volume assumption
verification 159–61

normal stress influence on 161–3
stress state influence on 159
SWCC and 154, 165
see also recompacted soils

negative dilatancy 331
non-virgin fills 248

collapse behaviour 247
collapsible soils and 240
testing procedures 243, 244
testing program 241, 242

Noorany, I. 234, 238
normal force equation 509–10

see also slope stability
normal shrinkage 268
normal stress 17
normal stress influence on

natural soils 159
recompacted soils 163

nucleation
heterogeneous 27
homogeneous 27
see also cavitation

nuclei, cavitation inception and 26
numerical analysis, damming and slope

stability 548
numerical simulation

conjunctive modelling effects on
slope stability

conjunctive surface–subsurface
flow analysis program 604

two-dimensional
saturated–unsaturated
seepage analysis program
SEEP/ W 604

damming influence on slope stability
549–50

SDSWCC influence on slope stability
input parameters and analysis

procedures for stability
analyses 542

transient seepage analyses
539–41

oedometer methods
double oedometer test 232–3
swelling determination and 255,

257
oedometer test, double 232–3
one-dimensional flow 178–9

of air 188–90
formulation 179–81
see also two-dimensional flow

one-dimensional infiltration in
unsaturated soils 199–202

osmotic suction 13, 63
flow of water in soils and 99
measuring devices 63
squeezing technique 83
see also matric suction

osmotic technique 58, 296
advantages and limitations 53
applications 50–3
comparisonwithaxis-translation 58
working principle 49–50
see also axis-translation technique

osmotic techniques and
axis-translation, comparison
between 294–5, 297

axis-translation technique test results
302–4

osmotic technique test results 304
test results comparison 305–7
testing

equipment 297–8
material and specimen preparation

298–9
procedures 300–2
programme 300

Ottawa F-125 sands 382, 383, 387–8

parametric studies, infiltration 202
antecedent and subsequent

infiltration rate, combined effect
of saturated 213–16

desaturated permeability 207–9,
213
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relative sensitivity of hydraulic
parameters 211

saturated permeability 205–6,
212–13

steady-state flow 203
transient flow 203
water storage capacity 209–10

partial vapour pressure 12
see also suction

pascals 127
passive stabilization 277
PEG solution 296

see also osmotic technique
Peltier effect 66
performance, slope engineering and

field
artificial rainfall simulations

ground deformations responses
495

horizontal displacements due to
soil suction changes 495–7

horizontal total stresses response
493–5

in situ PWP profiles variations
488–9

in situ water content profiles
variations 491–2

piezometric level responses
486–8

soil suction or pore water pressure
responses 484–6

soil swelling at shallow depths
upon wetting 497–9

volumetric water content
responses 490

permeability 10
desaturated permeability influence

on infiltration 207–9
saturated permeability influence on

infiltration 205–6
volume–mass relationship and 101

permeability coefficient
infinite slope 184
steady-state water flow and

coefficient variation 175
permeability coefficient and air phase

114
degree of saturation 115
matric suction and 115
saturation variation effect on 115
see also flow of air

permeability coefficient and water
phase 100

degree of saturation 101–6
fluid and porous medium

components 101
hysteresis 108–10
matric suction and 106–7
permeability and volume–mass

relationship 101
saturation variation effect on 102
volumetric water content and 107,

108
see also flow of water

pF scale 125–6
pF unit of soil suction 126
piezometric level responses, simulated

rainfall and 486–8
see also artificial rainfall

simulations (field performance
aspects)

placement conditions, expansive soil
and 268–9

plaster of Paris 71
see also gypsum block

plastic
clays 11
strains 440
volumetric strains 17

plasticity 255, 437
see also elasto-plastic modelling,

state-dependent
plates

pressure 77–8
suction 77

pore size distribution, hydraulic
properties of unsaturated soils
198

pore water pressure (PWP)
distribution 9

conjunctive modelling effects on
slope stability 599–603

damming influence on 553–7
recompaction influence on

563–6
SDSWCC influence and 542–5
slope stability and 542–5
wetting SWCC and SDSWCC on

551–2
horizontal total stresses response to

493
hydraulic properties of unsaturated

soils 196



 

670 Subject Index

pore water pressure (PWP) (Continued)
in situ 488–9

PWP profiles variations 488–9
water content profiles variations

491–2
infinite slope and 184–8
profiles variations and simulated

rainfall 488–9
saturate soil and 8
simulated rainfall and 484–6

horizontal total stresses response
493–5

in situ PWP profiles variations
488–9

in situ water content profiles
variations 491–2

piezometric level responses to
486–8

PWP responses to 484–6
volumetric water content

responses 490
stress state variables and 14

pore-fluid 176
pore-fluid volume distribution in

unsaturated soil 176
porosity 614

and void ratio 615
water 615

porous
blocks 70
ceramic cylinder 170
medium components 101
permeability coefficient and 100

positive dilatancy 331
see also dilatancy

pozzolanic reaction 275–6
precipitation 8
Preissmann scheme 604
pre-pressurization 30
pressure as stress state variable 13
pressure

head 97
injected lime 276
plates 77–8
transducer 80

psychrometer 64–5, 88
thermistor/transistor 65
thermocouple 66
see also tensiometers; thermal

conductivity sensors
PWP, see pore water pressure

quartz silt 394
compression and swelling

characteristics under constant
suctions 397

isotropic compression 397–9
material tested 396–7
suction effect on elastic shear

modulus of 394–9
triaxial equipment and

instrumentation 394
see also decomposed granite (DG)

soils; decomposed volcanic (DV)
soils

radius of curvature of curved water
13

rainfall infiltration
antecedent and subsequent

infiltration rate 213
hydraulic properties of unsaturated

soils 196–9
in unsaturated soils 194
soil heterogeneity and 217–19
soil nails in loose fill slopes subjected

to 575–6
analysis programme and

modelling procedure 586
deformation mechanism 592
deformation pattern at 22s

prototype time 593
deformation pattern at 60s

prototype time 594–6
facing structure models 581–2
failure mechanism 590–2
finite difference analyses 576–85
global stability evaluation 588
initial stress distributions in loose

fill slope 588–9
loose fill slope formation 586
nailed loose fill slopes with and

without facing structure
593–8

simulated rainfall infiltration
effects 587

slope geometry and soil nail
arrangement 576–7

soil models 578–80
soil models, input parameters for

582–4
soil nail system, input parameters

for 584–5
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soil nails and facing structure, role
of 597–8

soil nails and soil–nail interface
models 580–1

soil nails installation in loose fill
slopes) 587

SP models 578
stress distribution subjected to

surface infiltration effects
589–90

un-reinforced loose fill slopes
589–92

SWCC 195, 196
rainfall infiltration into unsaturated

soil slope (3D numerical
parametric study) 515

FEMWATER 515–16
rainfall patterns effect on

groundwater response
hydraulic gradient role 530–2
patterns at sections XX’ and YY’

527–9
prolonged rainfall effect 534–6
rainfall return period (or amount)

effect 532–4
rainfall patterns, preliminary study of

523–4
subsurface flow modelling

3D finite element mesh 517–18
boundary conditions 519
governing equations 516–17
initial steady-state conditions

519–21
rainfall conditions simulated

521–3
typical groundwater response to

infiltration 525–6
rainfall intensity, slope engineering

aspects 482
rainfall simulations, artificial (field

performance aspects) 483
ground deformations responses

495
horizontal

displacements due to soil suction
changes 495–7

total stresses response 493–5
in situ

PWP profiles variations 488–9
water content profiles variations

491–2
piezometric level responses 486–8

pore water pressure and
horizontal total stresses response

493–5
in situ PWP profiles variations

488–9
in situ water content profiles

variations 491–2
piezometric level responses to

486–8
volumetric water content

responses 490
soil suction or pore water pressure

responses 484–6
soil swelling at shallow depths upon

wetting 497–9
volumetric water content responses

490
see also slope engineering

RCTS 399–400
see also shear stiffness

recompacted soils
and natural soils, comparison

between 163–4
constant volume assumption

verification 159–61
normal stress influence on 161–3
specimen 151–2
SWCC and 165

drying and wetting influence on
158–9

initial dry density on influence on
154–5

initial water content influence on
154–8

ink bottle effect 155
stress state influence on 159

recompaction (unsaturated loose fill
slopes) 559

analysis procedures 560–2
model parameters 562–3
recompaction influence on

pore water pressure distributions
563–6

slope stability 566–7
reduced stress variables 14

see also stress state variables
residual shrinkage 268
residual soils 11
resonant column (RC) tests 402
resonant column-torsional shear

(RCTS) test 399
see also shear stiffness



 

672 Subject Index

rigid structures 278
runoff, slope engineering aspects 482

safety equations 510–12
force equilibrium and 511–12
moment equilibrium and 511
see also factor of safety (FOS); slope

stability
Saint Venant equations 600
sampling, collapsible soils 234
sands

Agsco 382
Glazier Way 382–3, 386
mortar 382
Ottawa F-125, 382–3, 387
silty, see under silt
see also decomposed granite (DG)

soils; decomposed volcanic (DV)
soils

sands (shear stiffness measurement)
clayey silt (anisotropic shear

stiffness)
bender elements arrangement

413–16
completely decomposed tuff

(CDT) 417–18
matric suction and 422–4
net mean stress and degree of

anisotropy 426
proposed equations verification

426–30
shear modulus measurement 416
shear wave velocity and 413–16,

422–4
soil suction and net mean stress

effect on void ratio 421
soil types 417
suction and degree of fabric

anisotropy 425–6
void ratio effect on suction 421
test specimen preparation 417,

419
testing apparatus and measuring

devices 411
testing programme and procedures

419–21
triaxial testing 411–12
theoretical considerations

408–11
initial water contents effect on

382–5

maximum shear modulus ratio and
optimum degree of saturation

confining pressure and void ratio
effect on 385–8

grain shape effect on 392–3
grain size distribution effect on

388–92
quartz 394

compression and swelling
characteristics under constant
suctions 397

isotropic compression 397–9
material tested 396–7
suction effect on elastic shear

modulus of 394–9
triaxial equipment and

instrumentation 394
suction effect on elastic shear

modulus of
decomposed granite (silty sand)

399–408
quartz silt 394–9

saprolitic soils 11
saturated permeability 212

combined effect of antecedent and
subsequent infiltration rate and
216–17

infiltration and 204–5
saturated soils

Darcy’s law for 99
effective stress equation 16
flow of water in 99
homogeneous 181
man-made activities and

desaturation 12
mechanics 6

fluid phases and 8
seepage analyses and 10
surface flux boundary condition

and 9
pore water pressure and 8
stress state variables for 13
suction 12
see also unsaturated soils

saturated specimens
state-dependent elasto-plastic

modelling
coarse-grained gravelly sand (DG)

457–9
fine-grained sandy silt (DV) 463

undrained tests on 457–9
granite soils 362, 369
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shear behaviour
granite soils 362, 369
volcanic soils 339, 341–2

volcanic soils
isotropic compression 341
isotropically consolidated 339
under undrained conditions 342

saturated–unsaturated seepage analysis
program 2D 604

saturation variation effect on
permeability coefficient 102–6,
115

scanning curves 142–3
Schleicher and Schuell No. 589 67,

68–9
SDSWCC, see state-dependent

soil–water characteristic curve
Seebeck effect 66
SEEP/ W 604
seepage 93

analyses
saturated soil mechanics

and 10
transient 539–41
unsaturated soil mechanics and

10
heterogeneous

anisotropic steady-state 176–7
isotropic steady-state 176–7

problems 10
see also drying; wetting

sensors, thermal conductivity 71
shear behaviour of unsaturated soils,

see shear strength of unsaturated
soils

shear box 41
shear force mobilized equation

507–9
see also slope stability

shear modulus
bender elements and 416
decomposed granite (silty sand)

399–408
elastic 394
quartz silt 394–9
measurement 416
suction effect on elastic shear

modulus of
decomposed granite (silty sand)

399–408
quartz silt 394–9

see also stress state variables

shear modulus ratio, sands
confining pressure and void ratio

effect on 385–8
grain shape effect on 392, 393
grain size distribution effect on

388–92
shear stiffness

decomposed granite (silty sand) 399
empirical equations for 405–8
RCTS testing procedures 399
suction and 402–8
system to measure changes in

water content 400
tested material 401

quartz silt 394
compression and swelling

characteristics under constant
suctions 397

isotropic compression 397, 398,
400

material tested 396, 397
triaxial equipment and

instrumentation 394
see also shear strength; stress state

variables
shear stiffness measurement 380

maximum shear modulus ratio and
optimum degree of saturation

confining pressure and void ratio
effect on 385–8

grain shape effect on 392–3
grain size distribution effect on

388–92
sands, initial water contents effect

on 382–5
shear modulus of

decomposed granite (silty sand)
399–408

quartz silt 394–9
shear stiffness measurement (completely

decomposed tuff) 408
bender elements arrangement

413–16
shear modulus determination

using 416
shear wave velocity measurement

using 416
completely decomposed tuff (CDT)

417–18
experimental results 421

net mean stress and degree of
anisotropy 426
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shear stiffness measurement
(completely decomposed tuff)
(Continued)
proposed equations verification

426–30
shear wave velocities and matric

suction, relationship between
422–4

soil suction and net mean stress
effect on void ratio 421

suction and degree of fabric
anisotropy 425–6

shear modulus measurement 416
shear wave velocity measurement

413–16
soil types 417
test specimen preparation 417, 419
testing

apparatus and measuring devices
411

programme and procedures
419–21

triaxial 411–12
theoretical considerations 408–11
triaxial apparatus for testing

unsaturated soils 411–12
shear strength 15

anisotropically consolidated
unsaturated specimen 358

granite soil, loosely saturated and
unsaturated decomposed

shear behaviour of saturated
specimen 363–9

shear behaviour of unsaturated
specimen 369–74

soil type and specimen
preparation 358–61

testing program and procedures
361–2

wetting behaviour of unsaturated
specimen 374–9

isotropically consolidated
saturated specimen 357
unsaturated specimen 357

suction aspects 294
see also under shear strength of

unsaturated soils
shear strength of unsaturated soils

279–80
axis-translation techniques and

osmotic techniques, comparison
between 59, 294–5, 297

axis-translation technique 302–4
comparison 305–7
osmotic technique test 304
testing equipment 297–8
testing material and specimen

preparation 298–9
testing procedures 300–2
testing programme 300

direct shear tests 286
extended Mohr–Coulomb failure

criterion 307–11
granite soil, loosely saturated and

unsaturated decomposed
shear behaviour 363–6, 368–74
soil type and specimen

preparation 358–61
testing program and procedures

361–2
wetting behaviour 374–9

loosely compacted isotropically
consolidated decomposed
volcanic soil (saturated) 335–6

initially unsaturated specimens
during saturation 339–41

isotropic compression 341
shear behaviour under undrained

conditions 342–4
loosely compacted isotropically

consolidated decomposed
volcanic soil (unsaturated)
355–7

isotropic compression of 345–6
shear behaviour under constant

water content 348–54
yielding behaviour 346–8

matric suction and 312
relationship between friction angle

(�b) and degree of saturation
(�), 311–13

shear strength equation, alternate
solution to 325–6

shear strength function model
315–16

closed-form solutions 322–5
model comparison to example

data 316–22
soil suction effect on dilatancy

326–8
maximum dilatancy 334–5
soil type and test procedure

329–30
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stress–dilatancy relationship
333–4

test results 331–3
SWCC 313–15
triaxial tests on unsaturated soils

280, 284
axial stress application (stage two)

281–2
calibration of volume change

293
confining pressure application

(stage one) 281
consolidated drained (CD) test

284
consolidated undrained (CU) test

284
constant water (CW) content test

284
unconfined compression (UC) test

284
unconsolidated undrained (UU)

test 284
volume changes measurement

287–93
testing 41

axis-translation and osmotic
techniques, comparison
between 294

direct shear box 44, 286
matric suction and 295
program and procedure 336–9
triaxial test 41, 280
unsaturated soils 294

volume changes measurement system
287–93

calibration 293
design 289–92

shear wave velocity
and matric suction relationship with

anisotropic shear stiffness of
CDT 422–4

measurement
anisotropic shear stiffness

of completely decomposed
tuff (clayey silt)
413–16

using bender elements 416
shearing

direct shear box 44–7, 286
resistance 14
triaxial 45

see also under triaxial tests

shrinkage
normal 268
residual 268
structural 268

silt
clayey silt (anisotropic shear stiffness)

bender elements arrangement
413–16

completely decomposed tuff
(CDT) 417–18

matric suction and 422–4
net mean stress and degree of

anisotropy 426
proposed equations verification

426–30
shear modulus measurement 416
shear wave velocity and 413–16,

422–4
soil suction and net mean stress

effect on void ratio 421
soil types 417
suction and degree of fabric

anisotropy 425–6
void ratio effect on suction 421
test specimen preparation 417,

419
testing apparatus and measuring

devices 411
testing programme and procedures

419–21
triaxial testing 411–12
theoretical considerations

408–11
decomposed volcanic

(state-dependent elasto-plastic
modelling)

saturated 463
undrained tests on 463
unsaturated 463, 465
water content tests on 463, 465

quartz (shear stiffness) 394
compression and swelling

characteristics under constant
suctions 397

isotropic compression 397–9
material tested 396–7
suction effect on elastic shear

modulus of 394–9
triaxial equipment and

instrumentation 394
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simulated rainfall
effect on pore water pressures and

soil suction
gravimetric water content

responses 491
horizontal total stresses response

to PWP or suction changes
493

in situ PWP profiles variations
488–9

in situ water content responses
491–2

piezometric level responses
486–8

soil suction or pore water pressure
responses 484–6

volumetric water content
responses 490–1

field instrumentation aspects 484
field performance observations 484

ground deformations response
495

horizontal displacements due to
soil suction changes 495–7

horizontal total stresses response
493–5

in situ PWP profiles variations
488–9

in situ water content profiles
variations 491–2

piezometric level responses
486–8

soil suction or pore water pressure
responses 484–6

soil swelling at shallow depths
upon wetting 497–9

volumetric water content
responses 490

infiltration, see rainfall infiltration;
rainfall infiltration into
unsaturated soil slope (3D
numerical parametric study)

soil swelling at shallow depths upon
wetting 497–9

suction responses
horizontal displacements and

495–7
horizontal total stresses and 493
pore water pressure responses

484–6
swelling at shallow depths upon

wetting 490–9

see also slope engineering
single effective stress parameter 14,

16–17
single point, multiple specimen test

239
see also collapsible soils

single specimen test, collapsible soils
and 238

single-valued effective stress equation
14

slope engineering 473
field instrumentation programme

478–80
artificial rainfall simulations

483–4
evaporation monitoring 482
horizontal movements and surface

heave monitoring 482
horizontal total stresses

monitoring 482
rainfall intensity monitoring 482
runoff monitoring 482
soil suction and water content

monitoring 478, 481
field performance observations

ground deformations responses
495

horizontal displacements due to
soil suction changes 495–7

horizontal total stresses response
493–5

in situ PWP profiles variations
488–9

in situ water content profiles
variations 491–2

piezometric level responses
486–8

soil suction or pore water pressure
responses 484–6

soil swelling at shallow depths
upon wetting 497–9

volumetric water content
responses 490

recompaction (unsaturated loose fill
slopes) 559–60

analysis procedures 560–2
influence on pore water pressure

distributions 563–6
influence on slope stability

566–7
model parameters 562–3

SNWTP 473



 

Subject Index 677

soil nails in loose fill slopes subjected
to rainfall infiltration effects
575–6, 586

22 s prototype time deformation
pattern 593

60 s prototype time deformation
pattern 594–6

analysis programme and
modelling procedure 586

deformation mechanism 592
facing structure models 581, 582
failure mechanism 590–2
finite difference analyses 576–85
formation of the loose fill slope

586
global stability evaluation 588
initial stress distributions in loose

fill slope 588–9
input parameters for soil models

582–5
simulated rainfall infiltration

effects 587
slope geometry and soil nail

arrangement 576–7
soil models 578–85
soil nails and facing structure, role

of 597–8
soil nails and soil–nail interface

models 580–1
soil nails installation in loose fill

slopes 587
SP models 578
stress distribution subjected to

surface infiltration effects
589–90

un-reinforced loose fill slopes
589–92

face infiltration effects 589–90
soil profile and properties 475–8
test site 474–5

slope flows 184
slope of infinite length 184
slope stability

conjunctive modelling effects on
599–600, 609

surface–subsurface flow analysis
program 604

surface–subsurface flow model
600–3

numerical simulation 604
pore water pressure distribution

604–8

finite element mesh and analysis
procedures

impeding layer effect on 568–9
surface cover effect on 568–9

impeding layer effect on 567–9,
572–4

recompaction influence on 566–7
surface cover effect on 567–8,

570–2
two-dimensional

saturated–unsaturated seepage
analysis program SEEP/ W 604

see also slope stability analyses
slope stability analyses 502

conjunctive modelling effects on
609

critical slip surface location 503,
504

damming influence on 547
finite element mesh and numerical

analysis plan 548–9
hydraulic boundary conditions

549–50
input parameters and procedures

550
numerical simulation procedures

549–50
pore water pressure distributions

553–7
drying SDSWCC 537–8

pore water pressure distributions
542

slope stability and 545
transient seepage analyses

539–40
factor of safety variation

damming effect on 558
wetting SWCC and SDSWCC

effect on 558
General Limit Equilibrium (GLE)

method 504–7
force equilibrium and safety

511–12
inter-slice force function 512–14
moment equilibrium and safety

510–11
normal force equation 509–10
safety equation and 510–12
shear force mobilized equation

507–9
groundwater response to infiltration

525–6



 

678 Subject Index

slope stability analyses (Continued)
input parameters and analysis

procedures for 542
limit equilibrium methods (other

than GLE) 514, 514
pore water pressure distributions

damming and 553–7
drying SDSWCC and 542
influence on stability 542–5
wetting SDSWCC and 542,

551–3
rainfall patterns

at sections XX’ and YY’ 527–9
effect on groundwater response

527–36
preliminary study of 523–4
prolonged rainfall effect 534–6
rainfall conditions simulated

521–3
rainfall return period (or amount)

effect 532–4
SDSWCC influence on 545–6

damming influence on pore water
pressure distributions 553–7

drying SDSWCC 537–40, 542,
545

finite element mesh and numerical
analysis plan 548, 549

numerical simulations 539–42
pore water pressure distributions

542–5, 551–7
wetting SDSWCC 538, 540–2,

545, 549–52, 558
transient seepage analyses 540–2

three-dimensional numerical
parametric study (unsaturated
soil slope) 515

3D finite element mesh 517–18
boundary conditions 519
FEMWATER 516–17
governing equations 516–17
hydraulic gradient role 530–2
initial steady-state conditions

519–21
prolonged rainfall effect 534–6
rainfall conditions simulated

521–3
rainfall patterns 523–4, 527–36
subsurface flow modelling

516–23
transient seepage analyses 539,

540, 541

wetting SDSWCC 538
hydraulic boundary conditions

549–50
influence on slope stability 545
numerical simulation procedures

549–50
pore water pressure distributions

and 542, 551–3
slope stability factor of safety,

variation of 558
transient seepage analyses 540,

541
small strain shear stiffness of sands

382–5
see also sands (shear stiffness

measurement)
small tip tensiometer 82

see also tensiometer
SNWTP, see South-to-North Water

Transfer Project
soil heterogeneity, rainfall infiltration

and 216–18
soil mass

consolidation 9
cracking 8
desaturation 9
desiccation 8
drying 8

soil mechanics
cavitation 24
diffusion aspects 117
drier climatic regions 12
flow of water in 95
four-phase materials 20
man-made structures and 10
permeability aspects 10
pore water under tension aspects

26
saturated 6
stress state variables 13
suction

defined 12
range 31

surface tension 22
unsaturated 6
see also flow of air; flow of water

soil nails in loose fill slopes subjected
to rainfall infiltration effects
575–6

analysis programme and modelling
procedure
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Stage 1 (formation of the loose fill
slope) 586

Stage 2 (soil nails installation in
loose fill slopes) 587

Stage 3 (simulated rainfall
infiltration effects) 587

Stage 4 (global stability
evaluation) 588

finite difference analyses
facing structure models 581–2
slope geometry and soil nail

arrangement 576–7
soil models 578–80
soil models, input parameters for

582–4
soil nail system, input parameters

for 584–5
soil nails and soil–nail interface

models 580–1
SP models 578

initial stress distributions in loose fill
slope 588–9

nailed loose fill slopes with and
without facing structure

22 s prototype time deformation
pattern 593

60 s prototype time deformation
pattern 594–6

soil nails and facing structure, role
of 597–8

un-reinforced loose fill slopes
deformation mechanism 592
failure mechanism 590–1, 592
stress distribution subjected to

surface infiltration effects
589–90

see also slope stability; slope stability
analyses

soil particles, density of 611
soil solids 176
soil specimen holders 171
soil–water

characteristics 93
SDSWCC, see state-dependent

soil–water characteristic curve
(SDSWCC)

SWCC, see soil–water
characteristic curve (SWCC)

content, axis-translation technique
and 36

interface, equilibrium at 32–3

soil–water characteristic curve (SWCC)
38, 102

centrifuge technique principle
169–70

ceramic cylinders 172–3
degree of saturation and 128
flow in water and 121
flow laws and 121
gravimetric water content 128, 129
hydraulic properties of unsaturated

soils and 196
hysteresis

drying 140, 143
main branches 142
scanning curves 142
wetting 140, 142–3

mathematical forms of 136–40
measurement methods for 130

axis-translation technique 38–41
conventional 130–36
test procedures 133

natural and recompacted soils,
comparison between 163–4

natural soils 159, 165
normal stress influence on 161–3
rainfall infiltration 194–6
recompacted soils 154, 165
shear strength of unsaturated soils

and 313–15
shear testing and 296
soil specimen

descriptions 148
holders 171
preparation 152

stress state influence on
natural soils 159
recompacted soils 159

terminology used for 129
triaxial apparatus for 166, 167
volume change and 159, 160, 161
volumetric pressure plate extractor

150–53
testing procedures using

conventional 152–3
testing procedures using modified

152
volumetric water content 128, 129
water permeability functions 122

correlation between 143–7
pF scale and 126
range of untis of soil

suction 127



 

680 Subject Index

soil–water characteristic curve (SWCC)
(Continued)
soil suction components and

123–4
soil suction unit and 126
water content aspects 128–9

wetting 551, 558
see also state-dependent soil–water

characteristic curve (SDSWCC)
solid phase 20

see also three-phase system
sorption 140, 142

see also drying; wetting
South-to-North Water Transfer Project

(SNWTP) 473
field instrumentation programme

478–80
artificial rainfall simulations

483–4
evaporation monitoring 482
horizontal movements and surface

heave monitoring 482
horizontal total stresses

monitoring 482
rainfall intensity monitoring

482
runoff monitoring 482
soil suction and water content

monitoring 478, 481
field performance observations

ground deformations responses
495

horizontal displacements due to
soil suction changes 495–7

horizontal total stresses response
493–5

in situ PWP profiles variations
488–9

in situ water content profiles
variations 491–2

piezometric level responses
486–8

soil suction or pore water pressure
responses 484–6

soil swelling at shallow
depths upon wetting
497–9

volumetric water content
responses 490

soil profile and properties
475–8

test site 474–5

SP model 578
see also soil nails in loose fill slopes

subjected to rainfall infiltration
effects

specific water content parameters
determination 456

Spencer methods 514
squeezing technique 83

see also osmotic suction
stabilization

lime 275
mechanical 275
moisture content 276–7
passive 277
procedures

drill hole lime 276
mixed in place and recompacted

276
pressure injected lime 276

see also collapse; swelling; wetting
standard penetration tests

(SPTs) 476
state-dependent elasto-plastic

modelling
coarse-grained gravelly sand (DG)

undrained tests on 457–9
water content tests on 459–61

dilatancy parameters
compression-dependent 454–5
suction-dependent 451–4

fine-grained sandy silt (DV)
undrained tests on 463
water content tests on 463, 465

mathematical formulations
basic assumptions 436–7
critical state 446
elastic strains 437–9
elasto-plastic variation of specific

water content 446
elasto-plasticity 437
flow rules 443–5
hardening rules 445
loading-collapse yield curve

442–3
plastic strains 440
yield functions 440–1

model parameters determination
critical state parameters 450–1
dilatancy parameters 451–5
elastic parameters 447
hardening parameters 455
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isotropic compression parameters
448–9

specific water content parameters
456

water retention parameters 448
undrained tests on saturated

specimens of
coarse-grained gravelly sand (DG)

457–9
fine-grained sandy silt (DV) 463

water content tests on unsaturated
specimens of

coarse-grained gravelly sand (DG)
459–61

fine-grained sandy silt (DV) 463,
465

wetting tests on unsaturated
specimens of coarse-grained
gravelly sand (DG) 461–3

state-dependent soil–water
characteristic curve (SDSWCC)
20, 93, 150

centrifuge for 168–70
ceramic cylinders 172–3
drying 147
equipment 150–51
experimental program 149
flow in water and 123
measurement 38–41
natural soil specimen 152
normal stress influence on 161
recompacted soil specimen 152
soil specimens

descriptions 148
holders 171
natural soil 152
preparation 152
recompacted 152

testing procedures 152–3
triaxial apparatus for 166–7
volumetric pressure plate extractor

149–52
wetting 148, 551, 558
see also soil–water characteristic

curve (SWCC); state-dependent
soil–water characteristic curve
(slope stability aspects)

state-dependent soil–water
characteristic curve (slope stability
aspects) 545–6

damming influence on pore water
pressure distributions 553–7

drying SDSWCC 537–8
pore water pressure distributions

542
slope stability 545
transient seepage analyses

539–40
finite element mesh and numerical

analysis plan 548–9
numerical simulations

input parameters and analysis
procedures 542

transient seepage analyses
539–41

pore water pressure distributions
damming and 553–7
influence on stability 542–5
wetting SDSWCC and 542,

551–2
wetting SDSWCC 538

hydraulic boundary conditions
549–50

influence on slope stability 545
numerical simulation procedures

549–50
pore water pressure distributions

and 542, 551–2
transient seepage analyses 540,

541
static liquefaction 336
steady-state flows 175

air flow
one-dimensional 188–90
two-dimensional 191–2

analyses 175
flow in infinite slope 184
one-dimensional flow 178–,

188–90
parametric studies 202
two-dimensional flow 181, 191–2

formulation 181
through unsaturated soil element

182–3
water flow 175

heterogeneous, isotropic
steady-state seepage 176–7

permeability coefficient variation
176

see also transient flows
steady-state infiltration 203, 220

see also infiltration
stiffness, shear, see shear

stiffness



 

682 Subject Index

strains
elastic 437–9
plastic 17, 440
volumetric 17
see also stress; stress state

variables
stress

CDT
anisotropic shear stiffness 421
degree of anisotropy 426
void ratio 421

dilatancy relationship 333–4
distribution

loose fill slope 588–90
subjected to surface infiltration

effects 589–90
un-reinforced loose fill slopes

589–90
horizontal (slope engineering

aspects) 482
path testing in triaxial apparatus

41–6
PWP response 493
simulated rainfall and 493
slope engineering aspects 482
state influence on SWCC

constant volume assumption
verification 159–61

normal stress 161–3
suction changes and 421, 493
see also shear stiffness; shear

strength; stress state
variables

stress state variables 13
capillary effect and 17
collapse on wetting 17
effective stress 13, 16
effective stress equation 15
elastic body 13
external stresses 17–18
inter-particle forces and 17–18
normal 17
plastic strains 17
pressure 13
reduced stress variables 14
saturated soils 13
SDSWCC curve 20
suction and 17–18
tangential 17
temperature 13
unsaturated soils 14
volume 13

stress–strain relationship (granite soils)
saturated 363–5, 368
unsaturated 371–2

structural facing 581
see also slope engineering

structural shrinkage 268
structures

deep foundations 278
flexible 277
rigid 278
see also drying; expansive soils;

swelling
subsequent infiltration rate 213–16,

220
combined effect of saturated

permeability and 216–17
influence on flows 213–16
see also infiltration

subsoils, in situ suction measurements
and 87

substitution, ground 274
subsurface flow modelling

conjunctive surface–subsurface
602–3

three-dimensional (3D)
finite element mesh 517–18
boundary conditions 519
governing equations 516–17
initial steady-state conditions

519–21
rainfall conditions simulated

521–23
see also flows

suction
axis-translation technique 36
capillary model 32
CDT

anisotropic shear stiffness of CDT
void ratio 421

degree of fabric anisotropy
425–6

decomposed granite (silty sand)
elastic shear modulus and suction

399–408
shear stiffness 402–8

defined 12
dilatancy and

dependent parameters 451–4
during shear, evolution of 331–3
maximum dilatancy 334–5
soil type and test procedure

329–30
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stress–dilatancy relationship
333–4

test results 331–3
elastic shear modulus and suction

decomposed granite (silty sand)
399–408

quartz silt 394–9
equalization, influence of 60–62
horizontal total stresses response to

493
humidity control techniques 54
in osmotic technique 296
in situ suction measurements 87

case study 87, 92
climate description 87
hysteresis effect and 90
moisture continuity and 89, 90
sites description and 87
subsoils and 87

matric, see matric suction
measuring devices 63
measuring methods 64, 85

filter paper method 67–8
high-suction tensiometer probe

83
in situ suction measurements 87
jet fill tensiometer 82–3
mercury manometer 79
porous blocks (gypsum blocks)

70–71
pressure transducer 80–82
psychrometer 64–5
small tip tensiometer 82
squeezing technique 83
suction plates and pressure plates

76, 77
tensiometers 78
thermal conductivity sensors 71
thermistor/transistor

psychrometers 65
thermocouple psychrometers 66
vacuum gauge 80

osmotic
flow of water in soils and 95
measuring devices 63
squeezing technique 83

pF scale 126
plates 77
pore water under tension aspects

26
quartz silt

elastic shear modulus and suction
394–9

shear stiffness 397
shear stiffness and

decomposed granite (silty sand)
and 402–8

quartz silt and 397
shear testing and 294
simulated rainfall and

horizontal displacements 495–7
horizontal total stresses response

493–5
in situ PWP profiles vairations

488–9
piezometric level responses

486–8
suction responses 484–6

slope engineering aspects
473, 481

stress state variables and 17–18
SWCC and soil suction

components 123–5
unit 126

swelling determination and soil
suction methods 255–6

theory 32
total 63
units

pascals 127
pF scale 126, 127
range of units 127

see also stress state variables
surcharge pressures, expansive soil and

270–1
surface cover 567–9, 570–2

see also impeding layer; slope
stability

surface flow submodel 600, 601
see also conjunctive modelling

effects on slope stability;
subsurface flow modelling

surface flux 8
surface flux boundary condition

saturated soil mechanics and 9
unsaturated soil mechanics and 9

surface heave, horizontal movements
and 482

see also slope engineering
surface tension 22–3

see also cavitation
SWCC, see soil–water characteristic

curve
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swelling
caused by wetting 227
calcium montmorillonite 254
clay soils 254
determination

oedometer methods 255, 257
soil suction methods 255–6

expansive soils 253
foundations design 273
potential swell determination

255
quartz silt 397
at shallow depths upon wetting

497–9
simulated rainfall 497–9
stress state variable and 17
suctions and 397
see also drying; wetting

swell–shrink paths
volumetric and vertical deformation

271–2
water content-void ratio 257–8,

263–8
initial placement conditions

influence 268–9
soils used and testing procedures

259–63
surcharge pressures influence

270–1
swell–shrink tests 253

cyclic 261–3
expansive soils 253–4
water content-void ratio 257–8

tangential stress 17
see also stress state variables

temperature 13
see also stress state variables

tensile strength 25
see also shear stiffness; shear

strength
tensiometers 78

drift condition defined 80–1
high-suction tensiometer probe 83
jet fill 82–3
pressure transducer and 80–1
small tip 82
see also psychrometers; suction,

measuring methods
tension, pore water under 26
thermal conductivity sensors 71–6

calibration aspects 72

hysteresis loop 73
see also psychrometers; tensiometers

thermistor/transistor psychrometers
65

thermocouple psychrometers 66
three-dimensional subsurface flow

modelling
3D finite element mesh 517–18
boundary conditions 519
governing equations 516–17
initial steady-state conditions

519–21
rainfall conditions simulated 521–3
see also slope stability analyses

three-phase system 20
see also four-phase materials

three-phase unsaturated soil system 20
torsional shear 402

see also shear stiffness; shear
strength

total stress analysis of soil slopes 502
see also slope stability

total stress approach 494
see also stress state variables

total suction, measuring devices 63
transducer, pressure 80–82

see also psychrometers; tensiometers;
thermal conductivity sensors

transgression 27
transient

infiltration 203
seepage analyses 539–41

see also state-dependent soil–water
characteristic curve
(SDSWCC)

transient flows 174
flow of water 192–3
parametric studies 202
two-dimensional 191, 192
see also steady-state flows

triaxial apparatus
for state-dependent SWCC 166–7
stress path testing in 41–6
unsaturated clayey silt soils 411–12

triaxial tests 280
shear stiffness of quartz silt 394
volcanic soils, loosely compacted

336
volume changes measurement

287–93
calibration 293
design 289–92
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unsaturated soils 280, 284
axial stress application (stage two)

281–2
calibration of volume change

293
confining pressure application

(stage one) 281
consolidated drained (CD) test

284
consolidated undrained (CU) test

284
constant water (CW) content test

284
unconfined compression (UC) test

284
unconsolidated undrained (UU)

test 284
volume changes measurement

system 287–93
see also direct shear box test

two fluid phases 8
two-dimensional flow 181, 191–2

formulation 182
through unsaturated soil element

182–3
transient flow of water 192–3
see also one-dimensional flow

two-phase zone 7

unconfined compression (UC) test
284

unconsolidated conditions 281
unconsolidated undrained (UU) test

284
undrained behaviour, isotropically

consolidated unsaturated
decomposed volcanic soil
348–54

undrained shear tests 368
undrained tests 282

granite soils 362, 368, 457–9
on saturated specimens of

coarse-grained gravelly sand (DG)
457–9

fine-grained sandy silt
(DV) 463

un-reinforced loose fill slopes
deformation mechanism 592
failure mechanism 590–2
stress distribution subjected to surface

infiltration effects 589–90
see also slope stability analyses

unsaturated soils
in arid regions 10
cavitation 24
coarse-grained gravelly sand (DG)

constant water content tests on
459–1

wetting tests on 461–3
collapse on wetting 17
Darcy’s law for 99, 100
diffusion aspects 117
direct shear tests on 285
effective stress equation 14, 16
external stress 17
fine-grained sandy silt (DV) 463,

465
flow of air aspects 111
flow of water in soils 95
hydraulic properties 196–7
impeding layer influence on slope

stability 567–9, 572–4
liquid water forms in 18
mechanics 6

fluid phases and 8
seepage analyses and 10
surface flux boundary condition

and 9
one-dimensional infiltration in

199–202
permeability coefficient variation

and 176
pore water under tension in 26
pore-fluid volume distribution in

181
rainfall infiltration mechanism in

194–5
recompaction of unsaturated loose

fill slopes 559–60
analysis procedures 560–2
model parameters 562–3
pore water pressure distributions

563–6
slope stability 566–7

reduced stress variables 14
shear behaviour 279

granite soils 369–79
volcanic soils 345

slope stability, see slope engineering,
slope stability; slope stability
analyses

stress state variables 13–14
suctions 12
surface tension 22
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unsaturated soils (Continued)
swelling pattern 17
system

four-phase 20
three-phase 20

three-phase system 20
triaxial tests on 280–4, 287–93
two-dimensional water flow 182
types 10

loess 11
plastic clays 11
residual 11
saprolitic 11

unsteady-state flow analyses 175
see also steady-state flows

upward flux 8–9
evaporation 8
evapotranspiration 8

vacuum gauge 80
vadose zone

capillary fringe 7
climate changes and 8
two-phase 7

see also saturated soils

vaporization, explosive 25
vaporous cavitation 25
vapour pressure, partial 12

see also pore water pressure
velocity head 98
vertical deformation

at equilibrium cycle 271
expansive soils 271
see also horizontal movements

virgin fills 248
collapse behaviour 244–6
collapsible soils and 240
testing

procedures 243–4
program 241–2

see also non-virgin fills
void ratio

and confining pressure effect on
sands

degree of saturation 385–8
shear modulus ratio 385–8

porosity and 615
stress and suction effect on

anisotropic shear stiffness of
CDT 421

volcanic soil, loosely compacted
335–6

isotropically consolidated (saturated)
335–6

initially unsaturated specimens
during saturation 339–41

isotropic compression 341
shear behaviour under undrained

conditions 342–4
isotropically consolidated

(unsaturated) 355–7
isotropic compression 345–6
shear behaviour under constant

water content 348–54
yielding behaviour 346–8

testing program and procedure
336–9

volume as stress state variable 13
volume–mass and permeability

relationship 101
volumetric change 15

at equilibrium cycle 271
expansive soils 271
granite soils (unsaturated) 369
measurement in triaxial cell

287–9
calibration 293
system design 289–92

SWCC and 154
volumetric pressure plate extractor

150–51
conventional 152–3
modified 153

volumetric water content 108, 616
simulated rainfall and 490–1
SWCC and 127–8
water coefficient of permeability and

106–7
see also gravimetric water content

volumetric–axial strain relationships
372

water
phase 7, 20

coefficient of permeability with
respect to 100

density 612
driving potential for

porosity 615
retention parameters 168, 448
storage capacity, infiltration analyses

and 209–12
table 7
see also flow of water



 

Subject Index 687

water coefficient of permeability
hydraulic properties of unsaturated

soils 196–7
matric suction and 106
volumetric water content and

107–9
water content

changes 400
elasto-plastic variation of 446

see also state-dependent
elasto-plastic modelling

gradient 95
gravimetric 128–9, 491, 616
in situ 491–2
parameters determination 456
recompacted soils SWCC and

154–7
shear stiffness of decomposed

granite (silty sand) and 399
simulated rainfall and

gravimetric water content 491
in situ water content 491–2
volumetric water content 490–1

slope engineering aspects 473, 481
small strain shear stiffness of sands

382–5
suction and (slope engineering

aspects) 478, 481
SWCC and 127
tests on unsaturated specimens of

coarse-grained gravelly sand (DG)
459–61

fine-grained sandy silt (DV) 463,
465

unsaturated volcanic soil shear
behaviour 348

volumetric 128–9, 490–1, 616
water content-void ratio swell–shrink

paths of compacted expansive
soils 257–8, 263–8

initial placement conditions
influence 268–9

soils used and testing procedures
259–63

surcharge pressures influence
270–1

water diffusion through
air 117
chemical 121

water flow, see flow of water

water permeability functions, SWCC
and 122

pF scale 126
range of units of soil suction 127
soil suction

components 123–4
units 126

water content aspects 127, 128
wet-bulb 66
wetting 140, 142–3

collapse caused by wetting 227
hysteresis and 140
pore water pressure distributions

and 551–2
recompacted soils SWCC and 157,

158
simulated rainfall 497–9
state-dependent SWCC and 147,

538
hydraulic boundary conditions

549–50
influence on slope stability 545
numerical simulation procedures

549–50
pore water pressure distributions

and 542, 551–2
transient seepage analyses 540,

541
SWCC and 165, 551, 558
swelling

caused by wetting 227
shallow depths swelling upon

wetting 497–9
wetting-induced 16

tests 16
coarse-grained gravelly sand (DG)

461–3
granite soils 362

transient seepage analyses 540, 541
unsaturated granite soil specimens

374
see also drying

Whatman No. 42 68, 69

yield
curve 442–3
functions 440

yielding behaviour, isotropically
consolidated unsaturated
decomposed volcanic soil 346–8




